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PREFACE 


The field of structural design is so large, even when restricted to 
construction in a single material, that it is impossible to cover it ade- 
quately in one volume. It has seemed best therefore to confine this 
text to a presentation of the fundamental principles underlying all 
design in structural steel, with the interpolation of numerous sets of 
design calculations illustrating the application of the principles dis- 
cussed. 

These sets of design calculations — ^twenty-four in number — are a 
special feature of the book, and are presented in all cases as the brief, 
concisely arranged calculations of the practicing designer. In the 
earlier parts of the book explanations of and comments on the calcu- 
lations are sufficiently extended, it is believed, to enable the student 
to follow the procedure with little help from the instructor; in the 
later parts explanations and comments are more brief, as it is assumed 
that the studenfihas become familiar with the form of the calculations. 
It is hoped that the content and manner of presentation of the illus- 
trative design calculations will make the book helpful to the young 
practicing engineer as well as to the student. 

One of the major difficulties of the beginning student of structural 
design is in getting a clear mental picture of the structural member 
he is designing and of how it fits into the structure as a whole. Also 
he frequently fails to realize that the most complex structure con- 
tains only three kinds of structural members, though some may be 
compelled to serve in a double capacity. In the hope of aiding the 
beginner in this difficulty the author has included a chapter describing 
ordinary building and bridge frames illustrated with numerous 
sketches, and with photographs of actual structures. 

Following Chapter II, descriptive of structures in general, are the 
three major chapters of the book, discussing in detail the design of 
the three primary structural forms and their connections. This por- 
tion of the text contains eighteen of the twenty-four sets of illustra- 
tive design calculations. 

Most teachers, including the author, prefer to base their instruc- 
tion' in design on problems involving actual structures. There are 
included therefore two chapters dealing with the design of structures 
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as a whole: Chapter VI on buildings— primarily of the industrial type 
— and Chapter VII on bridges, both highway and railway. Both 
chapters are illustrated with sets of design calculations. 

Although fusion welding is a recognized and widely used tool of 
the modern structural engineer the methods of design of welded joints 
are not so well standardized as the older forms, and it seemed desir- 
able therefore to concentrate the discussion of this method of making 
connections in the chapter which closes the text proper. 

Design specifications for structural steel for bridges and buildings 
are included in three appendices. As stated in Appendix A and in 
Appendix B, the material therein is based on previously published 
specifications for the design of structural steel for bridges, with some 
modification by the author. The specifications for the design of 
structural steel for buildings, Appendix C, are those of the American 
Institute of Steel Construction, to which the author is indebted for 
permission to reprint. 

The contents of the book are based on a course in structural design 
beginning with the second semester of the junior year and extending 
through the senior year, but throughout, the discussion proceeds from 
the simple to the more complex, and it is believed that no difficulty 
will be encountered in using the text for briefer courses. The experi- 
enced teacher requires no suggestions as to which parts are most suited 
to his needs. 

Although the field covered is old, the text includes original material 
which is believed to be new; the author hopes not only that the 
new will be of interest and value, but also that the method of pre- 
senting the old will be helpful and stimulating. 

The author and publisher have taken special pains to reduce 
errors to a minimum but cannot hope for perfection in a book includ- 
ing so large an amount of design calculations: they will welcome 
notification of errors and suggestions for improvement. 

The author wishes to express his indebtedness to many individuals 
and firms for photographs, tables, and suggestions, credit for which 
has been given in the text where the material is presented. 

Thomas C. Shedd 

Urbana, Illinois 
Augvi^t 19S4 
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STRUCTURAL DESIGN IN STEEL 


CHAPTER I 
INTRODUCTION 

1. The design of a steel bridge or building presents a many-sided 
problem. A successful solution requires a thorough study of the service 
the proposed structure is intended to render as well as the layout and 
proportioning of the frame of that structure. The first part of the 
general problem of design, the study of the proposed service and plan- 
ning the structure to perform it, may be called the functional design; 
the second part, the planning and proportioning of the frame of the 
structure, may be called the structural design. 

2. The General Problem. — The general problem of design involves, 
among other things: coordinating the frequently conflicting claims of 
the functional plan and the structural plan; adjusting both functional 
and structural plans to keep costs within the available funds; decision 
as to the character and magnitude of the loads to be provided for; 
choice of the materials of construction and specifying their quality; 
and writing or designating the specifications for the design, manufac- 
ture, and erection of the various parts. 

3. The Functional Design. — Some of the matters which must be 
considered in the functional design may be mentioned. 

In the case of a bridge, for example: 

(a) It must be so located that the traffic it is expected to bear can 

reach and leave it conveniently. 

(b) Its capacity must be adequate for present and future needs, 

but provision for future needs must not impose too great a 
cost on present users. 

(c) If it crosses a navigable river, the requirements of water-borne 

traffic must be met by fixed spans of adequate length and 
height above the water, or by means of one or more movable 
spans. 

(d) If it crosses railways or highways, proper clearance must be 

provided and suitable provision made for future extensions, 
if likely to be necessary. 
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(e) If water pipes, gas pipes, electric power and light lines, tele- 
phone cables, or other public utilities are to be carried, their 
effect on the plans must be considered. 

Similarly, a building which is to house an industrial process must: 

(a) Be located with regard to necessary transportation services. 

(5) Provide adequate protection from the weather. 

(c) Provide suitable clearances around machinery and adequate 

working areas. 

(d) Have satisfactory natural and artificial lighting facilities. 

(e) Have ventilation proportioned in accordance with the character 

of the process housed. 

(/) Provide proper protection to the public from dangerous opera- 
tions or obnoxious fumes. 

(g) Provide proper protection, facilities, and conveniences for the 

employees. 

(h) Provide adequate means for the handling and storing of material. 

(i) Provide for any other features peculiar to the process housed. 

An office building must be so designed and located that it will be 
attractive to and convenient for the prospective tenants, and must 
provide: 

(a) Satisfactory natural and artificial lighting for the various 

offices. 

(b) Adequate elevator service and stairways. 

(c) Protection from fire. 

(d) Sufficient flexibility in partition arrangement to meet the needs 

of any user. 

(e) Any large areas, unobstructed by columns, which may be 

required by the occupants it is expected to serve. 

The above are not intended as complete lists, nor are they neces- 
sarily in the order of importance. They are presented merely as some 
of the problems which must be given proper weight and settled before 
the structure may be said to have been designed in a functional sense. 

4. The Structural Design. — Having the functional plan laid out, the 
engineer may proceed to plan the structural frame, which must be so 
designed that it will: 

(a) Have adequate strength and rigidity. 

(5) Not interfere with use of the structure or the operations housed, 
(c) Be economical in first cost and in maintenance. 
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(d) Have length of life suited to the service in view. 

(e) Be readily adaptable for future extensions which may be fore- 

seen as necessary but which are not justified by conditions at 
the time of construction. 

5. Relation between Functional and Structural Plans. — Too much 
emphasis cannot be placed on the importance of closely correlating the 
functional and structural designs. In general, the latter should be 
controlled by the former, as the structural frame is usually (nearly 
always in buildings) a rather small part of the total cost of the project. 
Special arrangements in the framing plan which perhaps add a large 
percentage to the cost of the structural frame may add relatively little 
to the total cost of the project and result in operating economies far 
outweighing the added expense of design and construction. 

6. Four Parts in Structural Design. — The actual designing of the 
structural frame for a bridge or building may be divided into four parts: 

Fmt: Determining the forces or loads which the frame will be 
required to support. 

Second: Arranging a system of beams, columns, and tension mem- 
bers in various forms and combinations to support the proposed 
construction adequately. 

Third: Calculating the direct stresses, shears, and moments, caused 
by the applied loads, in the members of the frame. 

Fourth: Proportioning the members to resist safely and economically 
the forces to which they are subjected. 

7. Loads. — The loads to which a structure will be subjected are its 
own weight and that of whatever objects it is designed to support, plus 
other external forces such as windstorms and earthquake shocks. 

It is seldom that the designer has to deal only with fixed loads, that 
is, loads which are of unchanging magnitude and location. The weight 
of the material of which a structure is composed is a load of this char- 
acter and is called the dead load. Dead load is always vertical and 
always acting. 

In addition to the dead load there are generally loads which are 
more or less temporary and which vary in magnitude, such as: 

The goods stored on a warehouse floor. 

The furniture, fixtures, and occupants of an office. 

Snow on the roof of a building or deck of a bridge. 

Cranes on the crane runways of a building. 

Coal in the bunkers of a coaling station or power house. 

Wind or earth shocks on any structure. 
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Trains or other vehicles on a bridge, etc. 

Such loads are called live loads. Live loads should be further 
divided into two classes: 

1. Live loads which move, such as trains, trucks, cranes, etc. 

2. Live loads which are movable, such as goods on a warehouse 

floor, furniture in an ofifice, books in a library, etc. 

Live loads of the first class generally produce an effect greater than 
would be produced by loads of the same magnitude fixed in position. 
This additional effect is called impact and may be of great importance. 

In making an estimate of the dead load, the designer is confronted 
with the difficulty that it must be known with fair accuracy in advance 
of design and yet cannot be definitely known until the design is com- 
pleted, when it may be calculated to whatever degree of accuracy seems 
desirable. 

The weight of structures of common types usually may be estimated 
with sufficient accuracy for design purposes by comparison with the 
known weights of similar structures already built. This is the easiest 
and most satisfactory procedure when such records are available, but 
the designer should not neglect to check his assumptions by actual cal- 
culation of the weight of the structure as finally designed. 

In the case of large and somewhat unusual structures it is necessary 
to make an estimate of the dead weight, using whatever data are avail- 
able, and carry out a design from which the weight may be calculated. 
With the information thus made available, the dead load and its dis- 
tribution are re-estimated and the original design revised where neces- 
sary. For very unusual work the original estimate may be much in 
error, perhaps necessitating two revisions, but generally the exper- 
ienced designer will not need to make more than one. 

The live load to which a structure will be subjected is in some cases 
very definite, but is often more or less uncertain. The matter of future 
development must alwaj^s be taken into consideration, and that is 
difficult to do. Loads, particularly bridge loads, have changed rapidly 
in recent years, and there is no positive evidence to indicate that they 
will not change as rapidly in the future. 

Of course, to the young engineer or designer the live load to be used 
is a matter of design specifications, but some one must write the speci- 
fications and in doing so must consider carefully many questions, some 
of which are: 

. 1. What is the greatest load to which the structure will ever be 
subjected? How often? 
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2. What are the largest loads to be regularly expected? May these 

change? 

3. If the usual loads may change, are they likely to increase materi- 

ally during the expected life of the structure? 

4. What added present cost to provide against a possible increase in 

future loads is justified? 

5. Should all parts of the structure be designed for the same loads? 

If not, what reductions are permissible or increases necessary? 

These are merely some of the problems which must be considered 
and settled. They are evidently matters which cannot be decided 
off-hand, and it should be clear that the engineer responsible for their 
solution needs an equipment of common sense and trained judgment, as 
well as a thorough knowledge of the past development in loads of the 
type to which the proposed structure is likely to be subjected. 

8. Arrangement. — The arrangement of the structural members to 
support the proposed construction depends on the conditions surround- 
ing the particular case. The fundamental problem, however, is always 
the same. The earth is, and must always be, the ultimate source of 
support, and whenever a structure of any kind is contemplated, it 
merely means that it is necessary to keep a certain object from touch- 
ing the ground immediately below by supporting it on some form of 
framework. This framework must, of course, rest on the earth at 
some point or points away from the place which it is necessary to keep 
the supported object from touching. 

A little thought should show that the problem of arrangement is 
likely to be very varied and may require a great deal of study before the 
desirable simplicity, economy, and ease of construction are secured. 
Also it should be clear that the best solution of the problem will require 
the exercise of good judgment, a broad knowledge of construction, and 
technical skill. 

9. Determination of Stresses. — Having decided on the proper loads 
to use and arranged a satisfactory framing plan, the designer is in a 
position to calculate the greatest direct stresses, shears, and moments 
which the dead load and assumed live loads may produce in the various 
members. 

This is the simplest part of the design procedure and the most definite. 
It requires a thorough understanding of and ability to apply the laws 
of statics, and, in many cases, the principles underlying the analysis of 
statically indeterminate structures. But within the limits imposed by 
the differences between the ideal structure assumed and the practical 
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structure dealt with, there is no room for opinion or the exercise of 
judgment, and only one answer. 

Because of its logical and definite character, within the limits men- 
tioned, this step in the problem of design is particularly useful in the 
mental training of the engineer and is consequently given especial 
emphasis in technical school curricula. This emphasis is quite natural, 
and in fact very desirable, but it is important that the instruction be in 
the hands of a teacher who, through training and engineering exper- 
ience, has developed a sense of proportion. Otherwise there is danger 
of giving students the impression that the calculation of stresses is the 
principal factor in design and the supreme intellectual achievement of 
the engineer. Unfortunately, this attitude, if developed, is apt to be 
carried beyond student days, and we have then the technician who 
delights in long and needlessly complicated mathematical analyses — 
frequently founded on assumptions which have little basis in fact. 

There is no wish to behttle the importance of training in statics, but 
in fact the wish to emphasize the importance of more thorough training 
in this subject, which is fundamental in the curriculum of the civil 
engineer. The training of the civil engineer (particularly one who 
wishes to specialize in structures) in statics and analysis should be 
thorough enough that the methods and principles become so completely 
a part of his mental equipment that they are merely useful tools which 
he handles with the unconscious skill displayed by a carpenter with his 
hammer and saw. Thus his calculation of stresses will be a matter of 
course and his mind left free to consider the aspects of his design in 
which technical skill, opinion, and judgment are all important. 

10. Proportioning. — The final step in the problem of design is the 
proportioning of the various members of the structure to resist safely 
and economically the maximum direct stresses, shears, and moments to 
which they may be subjected by the expected loads. 

This involves first the selection of a suitable material, and second a 
decision as to proper working stresses, after which the principles of 
structural design may be applied in the determination of required 
areas, selection of sections, make-up of members, and their assembly 
into the completed structure. 

The choice of a material not only requires a knowledge of the prop- 
erties of materials which may be used for structural purposes, but also 
depends on a knowledge of which are most easily obtained at the site, 
and on the nature of the structure. Sometimes the character of a 
structure fixes the choice of a material. 

The decision as to working stresses in the material chosen depends 
on many factors, among which may be mentioned: 
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(a) Grade and reliability of the material. 

(5) Character of the structure; i.e., whether permanent or tempo- 
rary, and whether or not failure could result in loss of life or 
serious property damage. 

(c) Frequency of application of load — if fatigue is a factor, which is 

rarely if ever the case in bridges or buildings. 

(d) What has been generally used and found satisfactory for similar 

structures under similar conditions. 

(e) Sometimes on what provision is to be made for future increase 

in loading. 

(/) The accuracy and thoroughness of the design studies and calcu- 
lations. 

(g) Sometimes on the extent of exposure to the weather or other 
deteriorating influences. 

Item (g) is often and probably better met by a definite increase in 
thickness of the exposed parts rather than by a reduction in allowable 
intensity of stress. 

As in the matter of loads, the question of material and unit stresses 
is likely to be definitely answered for the young engineer by the specifi- 
cations for design. But again some one must write the specifications, 
and it should not be necessary to add that the engineer responsible for 
doing so must have not only a thorough knowledge of engineering 
materials and their properties, but also a broad experience with the 
design and construction of the type of structure concerned. 

11. Scope of Book. — This text has been restricted to a discussion of 
the fundamental principles underlying all design in structural steel, 
but there has been included a number of sets of design calculations 
intended to illustrate the application of the principles discussed. Some 
of these sets of design calculations are practically complete for a given 
structure, and some are carried only far enough to illustrate the prin- 
ciples involved. In all cases the calculations are presented in the con- 
cise form used in actual design, and if comments have seemed necessary 
they have been given separately. The design calculations should be 
studied carefully in connection with the text. 

12. Preparation Expected of the Reader. — The user of this book is 
expected to have had the usual undergraduate courses in the theory of 
simple structures and in the mechanics .of materials.* 

It is important that the student of design be possessed of consider- 
able skill in the calculation of shears, moments, direct stresses, and 
intensities of stress in structural parts. The student deficient in such 

* See also Art. 29, Chapter II. 
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matters should thoroughly review them; preferably in the texts previ- 
ously used, or if these are not available through study of one or more of 
the standard texts listed below. 

“ Theory of Simple Structures,” Shedd and Vawter.^'^ 

Stresses, Graphical Statics, and Masonry,” Swain, t 
“ Structural Theory,” Sutherland and Bowman.* 

“ Modern Framed Structures,” Part I, Johnson, Bryan, and 
Turneaure.* 

Theory of Structures,” Spofford.f 
Resistance of Materials,” Seely.* 

“ Strength of Materials,” Swain, f 
“ Strength of Materials,” Morley.J 
“ Strength of Materials,” Boyd.f 
Strength of Materials,” Poorman.f 
Strength of Materials,” Slocum and Hancock. § 

* John Wiley <fe Sons, New York. t Longmans & Co., London, 

t McGraw-Hill Book Co., New York. § Ginn dk Co., Boston. 
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TYPES OF STRUCTURES AND STRUCTURAL FRAMING 

13. One of the principal difficulties experienced by the student 
beginning the study of structural design is in getting a clear mental 
picture of the structure with which he is concerned. This is the natural 
result of lack of familiarity with the fundamental structural members, 
the ways in which they may be arranged to form the framework for a 
building or bridge, and their functions in the completed structure. 

It is the purpose of this chapter to describe by means of sketches, 
drawings, and illustrations these fundamental structural forms, the 
ways in which they are often arranged in the more common types of 
buildings and bridges, and their functions in the completed structures. 
The author would like to add, however, that no amount of text discus- 
sion can take the place of personal observation and reflection on the 
part of the student. 

14. Fundamental Forms. — There are only three kinds of structural 
'members: 

(а) Beams, including girders. 

(б) Tension members, or ties.^^ 

(c) Compression members, or columns”; also called struts.” 

No matter how complicated a structure may appear to be, it must 
consist of some combination of these basic forms. The beams may 
appear as extremely heavy built-up girders, and the columns and ties may 
be combined to form heavy trusses in an intricate and extensive frame- 
work; but if the structure is reduced to its component parts no other 
forms will be found, although, as will appear later, some members may 
be designed to serve in a double capacity. 

15. Beams and Girders. — A beam is a structural member the 
primary function of which is to support loads normal to its axis. The 
word beam ” and the word “ girder ” are used more or less inter- 
changeably, and it is impossible to give a strict definition of one which 
excludes the other. The word girder is perhaps most commonly applied 
to a large beam built up from plates and angles, but it is also used to 
distinguish the heavy beams, in a building floor, to which are connected 
the ends of lighter beams running in another direction. The word is 
used in the latter sense in Fig. 6. 
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10 TYPES OF STRUCTURES AND STRUCTURAL FRAMING [Chap. 2. 

The most common steel beam is the ordinary rolled I beam, which 
varies in size from 3 in. to 36 in., and in weight from about 6 lb. per ft. 
of length to 300 lb. per ft. of length. Although the I beam is the most 
common form of steel beam, any steel shape may be used to support 
transverse loads, and under the varying conditions met in structural 
design practically every rolled shape is used as a beam at one time or 
another. 
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When a section larger than can be obtained in a rolled beam is neces- 
sary to support the loads, a built-up I beam called a plate girder may 
be used. 

A plate girder consists essentially of a wide plate, called the web or 
web plate, with a pair of angles, called the flange angles, riveted along 
each edge. Certain auxiliary fittings such as web stiffeners, fillers, 
splice plates, etc., are generally required in addition to the main 
material. Figure 1 is a sketch of a plate girder of the most elementary 
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form. When additional strength is required, plates, called cover plates 
or flange plates, are riveted to the top of the flange angles. Figure 2 
shows in section plate-girder forms which are frequently used. In 
Fig. 2; (a) shows the most common type of girder section; (&) a modi- 
fication of (a) used for heavier girders; (c) a form sometimes used for 
deck girders of railroad bridges; (d) a heavy type sometimes used for 
long spans carrying heavy loads; (e) and (f) forms frequently used for 
crane runway girders, (f) being used for long spans. Figure 3 shows a 
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large girder, of the type shown in Fig. 2 (d) built for the Erie Railroad 
Co. for Bridge 21.94, Hawthorne, New Jersey, by the Phoenix Bridge 
Company. The girder has a length of 126 ft. in. and weighs 105 tons. 

The vertical angles fastened to the web of the girder shown in Fig. 3 
are the web stiffeners mentioned above; these parts will be more fully 
described in connection with the discussion of girder design. 

16. Tension Members. — A tension member, as the name indicates, 
is one which is intended primarily to resist a tensile stress. Occasion- 
ally it is necessary to design such members to resist bending in addition 
to the direct stress. All tension members, unless vertical, must sup- 



Courtesy of The Phoenix Bridge Company. 


Fig. 3. — Girder for Erie R. R. Co., Bridge 21.94, Hawthorne, N. J. 

Length, 126'-3i"; Depth, ll'-9|"; Weight, 105 Tons. 

port their own weight in bending, but thiS' is nearly always neglected 
in design, except for long and heavy pieces. 

Figure 4 shows in section some of the more common forms of tension 
members used in structures of various kinds. At (a) is the ordinary 
rod frequently used as a tension member in bracing buildings, and still 
used as a tension member in timber trusses; (b) is a flat or plate 
sometimes used as a tension member in light, riveted, building or ele- 
vated railway trusses; when used in pin-connected trusses, it has an 
enlarged head (containing a hole through which the pin may pass) 
forged on each end, and is called an eye bar; (c) and (d) show single 
and double angle members extensively used in single plane * trusses; 

* See page 21 for definition of single plane and double plane trusses. 
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(e) shows a form of tension member sometimes used for single plane 
trusses when bending must be resisted in addition to direct stress; 
(/) and {g) show two angle and four angle members frequently used in 
Kght double plane * riveted trusses, the dotted lines may be either 
intermittent tie plates or lattice bars f and may be replaced by sohd 
plates; Qi) is the same form as (g) with a solid web and is frequently 
increased in capacity by plates as shown in dotted lines ; (i) , (j ) , and (k) 
are forms used for heavier trusses, their open sides must be provided 
with intermittent tie plates or lattice bars as shown by the horizontal 
dotted lines, they are frequently increased in capacity by additional 
plates shown by dotted vertical lines; (T) is a type which has been used 
in some recent bridges, differing from the form shown in (j) by the 
addition of a solid plate in place of tie plates or lacing on the top. 
Other arrangements of material are used, but the forms shown are the 
most common. 



Fig. 4. 


17. Compression Members. — Compression members, or columns 
as they are more commonly called, are intended primarily to resist a 
compressive stress. They may be called upon sometimes to resist loads 
applied transversely and, unless vertical, must always resist the bending 
caused by their own weight. As in the design of tension members, 
bending from the latter source is generally neglected except for long, 
heavy pieces. 

All the forms shown in Fig. 4, except those at (a) and (h), are used 
for compression members, and in addition members shown in section in 
Fig. 5 are in common use. 

The form shown at (a) Fig. 5 is much used for light highway bridges, 
and the forms at (b) and (c) for heavier highway bridges and railroad 

*See page 21 for definition of single plane and double plane trusses, 
t See Figs. 101 and 102. 
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bridges. The sections shown at (d), (e), and (/) are often used in build- 
ing construction, but the use of closed sections, such as shown at (d), 
has decreased in recent years. At (g) is shown the rolled H column 
which has had widespread use in building construction, particularly for 
the modern, tall, steel-frame office building. At (h) is shown a heavy 
section sometimes used for large bridges. It has been used with top and 
bottom cover plates when the sections required were large enough to 
permit a man to pass through the member for riveting during construc- 
tion, and for inspection and painting afterwards. The open sides of 
members such as shown in (a), (h), (c), and (h) of Fig. 5 must be pro- 
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vided with lattice bars and batten plates, indicated by the horizontal 
dotted lines; members such as shown in (e) and (/) are preferably pro- 
vided with lattice bars and batten plates, or batten plates alone, on their 
open sides, but these details are often omitted on short columns of these 
types. All the sections shown in Fig. 5 are sometimes increased in area 
by the addition of plates as shown by dotted vertical lines in (a), (6), 
(^), and Qh). 

Most of the fundamental structural forms just described will appear 
many times in the following illustrations of typical structures, and the 
student should carefully study the ways in which they have been 



14 TYPES OF STRUCTURES AND STRUCTURAL FRAMING [Chap. 2. 

arranged and connected in constructing the buildings and bridges 
shown. 

18. Beam and Column Framing —The simplest form of steel building 
frame is the beam and column frame. As the name implies, it is com- 
posed of an arrangement of vertical columns to which are connected 
horizontal beams and girders which support the various floors. Figure 6 



Fig. 6. 


shows a plan of one floor for a building of this kind. The flooring, 
which may consist of wood or concrete, or even steel plates in some cases, 
is supported on the floorbeams. The floorbeams are supported by the 
girders, or directly by the columns (in the case of beams which are 
placed on the column lines), and the girders are supported by the columns 
to which they connect. The columns are supported on concrete or 
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masonry footings or pedestals resting on the earth, which is thus, as 
must always be the case, the ultimate support for the frame as a whole. 
Columns in general extend the full height of the building, but not always. 

In buildings of this kind the beams around the outside edge of the 
floor usually support the walls of the building, from the floor in which 
the beams occur to the floor above, in addition to a part of the floor 
itself. Such beams are called wall beams, or more commonly spandrel 
beams. Spandrel beams are often connected to the outside face of the 
wall columns, instead of on their center lines as shown in Fig. 6. 

Figure 7 shows very clearly a building frame of the beam and column 



Courtesy of McClintic- Marshall Company. 


Fig. 7. — Building for Berkshire Knitting Mills, Textile Machine Works, 
Reading, Penna. 

type just described, and the student should note that in this case the 
spandrel beams are connected to the outside of the wall columns. 
Figure 8 gives a closer view of the framing for one floor of a building of 
this kind, and shows how the floorbeams are connected to the girders 
and the girders to the columns. 

In modern construction the steel frames of practically all beam and 
column buildings are protected from fire by a covering of heat-resisting 
material such as terra-cotta, brick, gypsum, concrete, etc. In Fig. 8 
may be seen expanded metal around the beams, intended to reinforce 
and hold in place the concrete encasement which will be placed as pro- 
tection for the floor framing. 
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The most common use of beam and column framing is in the con- 
struction of office buildings, hotels, apartment houses, warehouses, 
school buildings, and similar structures. Many office buildings of this 
type are carried to great heights and may be referred to as tier 
buildings. 

Sometimes in buildings of this kind it is necessary to provide a space 
free from columns which is considerably larger than that between the 
columns as normally located. Examples of such areas are banking 



Courtesy of Illinois Central System, F. R. Judd, Engineer of Buildings, 


Fig. 8. — Storehouse Illinois Central System Shops, Paducah, Kentucky. 

rooms, banquet halls, dance halls, auditoriums, g 3 manasiums, and so on, 
which may be wanted at almost any place in a large tier building. As 
the clear area is usually required for only one or two stories in height, 
there are likely to be interior or exterior columns of normal spacing 
above the room which must be supported in some way. Such columns 
are often called cut-off columns, and are supported on heavy girders or 
trusses which are in turn supported by columns outside the area which 
must be kept clear. Figure 9 shows a view of the framing for the 
United States Mail Terminal Building at the Chicago Union Station, 
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in which this condition occurs, and Fig. 10 shows a closer view of the 
truss which supports six cut-off wall columns. 

19. Industrial Buildings. — Industrial processes are widely different 
in character, and so also must be the framing for buildings to house them. 
It is consequently difficult to give a description of the typical industrial 
building. Nevertheless, buildings for industrial purposes have certain 
characteristics which are fairly common, although they may be con- 
siderably modified in some instances. 



Courtesy of McClintic-Mar shall Company, 


Fig. 9. — U. S. Mail Terminal Building, Chicago Union Station. 

The principal difference between industrial buildings and buildings 
of the office or hotel type is that in the former interior columns are 
eliminated as far as possible in order to provide large, clear working 
areas. Industrial buildings are very commonly of one story only, 
although this is not always the case. 

The simplest form of industrial building is the one-story structure 
consisting of a series of transverse trusses which support longitudinal 
roof beams generally called purlins. The trusses are supported at 
their ends by columns which are in the walls of the building, or in some 
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cases on brick or concrete walls alone. A truss and the columns which 
support it are usually referred to together as a bent of the building, 
and an industrial building may be said to consist of a series of bents 
supporting the roof. The distance between two bents is generally 
called the bay length, and an industrial building is said to have a length 
of so many bays of so many feet each, for example a length of ten bays 
of 20 ft- each, or 200 ft. in all 

The bents are braced together at intervals which depend on the 


Courtesy of McClintic-Marshall Compcny. 

Fig. 10. — U. S. Mail Terminal Building, Chicago Union Station. 

character of the building, its width, length, covering, exposure, and 
so on. A very rigid structure results when the bents are braced together 
in pairs, but this is not always necessary. Two bents braced together 
form a braced bay. 

The space between two column lines is usually called an aisle. 
Industrial buildings are most commonly single-aisle structures, but two- 
aisle and three-aisle buildings are not infrequent and structures of four 
or five, or more, aisles in width have been built. The machine and 
erecting shop of the Baldwin Locomotive Works at Eddystone, Penn- 
sylvania, has a width of eleven aisles. 
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Fig. 11. 
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Figure 11 shows a few common types of industrial building bents. 
It would be impossible to show all the arrangements which are used, 
but a more complete set of diagrams may be found in texts devoted 
exclusively to the design of industrial buildings. There are no rigidly 
fixed standards, and the designer should feel free to use any arrange- 
ment of framing which seems to him best suited for the problem in hand. 

In double-aisle buildings such as shown at (h) in Fig. 11, it is not 
uncommon to omit every other column on the center column line and 
support the ends of the transverse trusses which meet where the column 
is omitted on a longitudinal truss which in turn is supported by the 


Courtesy of McClintiC’- Mar shall Company. 

Fig. 12. — Gowanus Bay Pier Shed. 

alternate columns along the center line. Longitudinal trusses intro- 
duced to permit the omission of columns are called carrying trusses. 
Figure 12 shows the framing for a pier shed in which this arrangement 
has been followed. Figure 13 shows a three-aisle building in which 
every other column on the center aisle column lines has been cut off 
at the level of the bottom chord of the side aisle roof trusses, the part 
above this level being supported by a longitudinal carrying truss. 

Single Plane and Double Plane Tmeses . — The student should note 
that both the transverse and longitudinal trusses of the pier shed shown 
in Fig. 12 are made up of members of the type shown in (d) of Fig. 4. 
Trusses made up of members of this kind have the connections between 
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the various members made with a single gusset plate at each joint, 
the gusset plate coinciding with the central plane of the truss; such 
trusses are called single plane trusses. The longitudinal trusses of the 
building in Fig. 13 are made up of members such as are shown at (/) 
and (gr) in Fig. 4, with the central plane of the truss coinciding with 
the axis B. Trusses of this kind require two gusset plates at each 
joint, one on each side of the joint and parallel to the central plane 
of the truss; such trusses are called double plane trusses. The heavy 
carrying truss shown in Figs. 9 and 10 is a double plane truss, as are all 
the bridge trusses shown as illustrations later in this chapter. Single 
plane trusses are the most common in industrial buildings, but double 



Courtesy of McClintic- Marshall Company. 


Fig. 13. — Factory Building, Parish and Bingham Co,, Cleveland, Ohio. 


plane trusses may occasionally be used for carrying trusses, and are 
sometimes required for long-span transverse trusses. 

^0. Bracing for Buildings. — The bracing of buildings to secure 
proper rigidity under the action of wind and the vibration caused by 
cranes, or other moving equipment within the building, is an important 
part of the structural design. In high tier buildings the matter of 
bracing is usually very carefully studied, but in office buildings of 
moderate height, and particularly in single-story industrial buildings, 
it is sometimes given insufficient attention. In the case of high tier 
buildings both the arrangement of the bracing and its proportioning 
for strength are likely to be important, whereas in single-story industrial 
buildings the matter of arrangement may be the important factor and 
its proportioning for strength purely nomimal. 
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21. Bracing for Beam and Column Buildings.— Beam and column 
buildings generally depend on the rigidity of the connections between 
the beams and columns for their ability to resist wind pressure or lateral 
forces of other kinds. In Fig. 14 (a) there is shown diagrammatically 
an ordinary beam and column building. If the connections of the beams 
to the columns are made rigid enough so that the angles between them 
must always remain the same, it should be clear that the structure as 
shown will be able to resist the lateral forces acting, assuming of course 
that the beams and columns are strong enough to withstand the result- 
ing shears and moments. If these connections are not rigid the struc- 
ture will evidently collapse sideways as shown in (6) of Fig. 14. If 
diagonal bracing can be introduced, as shown in (c), rigidity of the joints 
is not necessary. Diagonal bracing is seldom practicable in office 
buildings, except at rather isolated points, such as the walls of 



(a) 



(b) 



(c) 


Fig. 14. 


elevator shafts, and in permanent partitions at points where there are 
no doors or windows. Advantage is frequently taken of the oppor- 
tunity for diagonal bracing of some sort which elevator shafts present, 
but it is not often possible to completely brace a tier building through 
its elevator shafts, and in general such structures must depend on joint 
rigidity for the resistance to lateral forces which their structural frames 
must offer. The walls, partitions, and floors unquestionably stiffen the 
frame and aid in resisting lateral forces. The extent to which help from 
this source can be counted on is not known, and it has been most 
common to consider that the frame alone must provide full resistance, 
although practice has not been entirely consistent in this respect. Some 
of the earliest high-building frames were designed under the assumption 
that the frame resisted the major portion, but not all, of the Mnd 
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pressure. A very general and considerable increase in the height of 
steel-frame buildings in recent years has increased the importance of 
wind bracing, and renewed interest in, and study and investigation of, 



Fig. 15 A. 
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the subject have resulted. The stiffening effect of walls, partitions, 
and floors is being given considerable study, and more definite informa- 
tion and consistent practice may result. 

The bracing of beam and column buildings which cover considerable 
ground area and are of moderate height will not as a rule require par- 
ticular attention, the standard connection of beams and girders to 



Courtesy of The Phoenix Bridge CompcLny. 


Fig. 16. — Bell Telephone Building, Harrisburg, Penna. 

columns providing sufficient rigidity. High tier buildings, and those 
of less height which are very narrow or have small ground area, require 
joints of greater rigidity than that of ordinary beam connections, and 
elaborate beam and girder to column connections are often used in such 
cases. Figure 15 A shows three types sometimes used for riveted 
structures, and Fig. 15 B shows three types used in a building, erected 
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for the Edison Electric Illuminating Company of Boston, in which all 
field connections are arc-welded. The connections shown in these figures 
are typical, but much more massive connections are sometimes required, 
examples of which occasionally may be seen in technical periodicals. 

Figure 16 shows the Bell Telephone Building in Harrisburg, Penn- 
sylvania, in which connections similar to that shown at (a) in Fig. 15 A 



Holabird and Root, Architects. Lundoff-Bicknell Co., General Contractors. 


Fig. 17. — Palmolive Building, Chicago. 

were used for the spandrel beams and in which some diagonal bracing 
was used, as may be seen by close scrutiny of the picture. Figure 17 
shows the Palmolive Building in Chicago, in which particular attention 
was devoted to rigidity of the joints, concrete evidence of which is 
given by the massive wind brackets clearly shown in the illustration. 
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It is impossible here to give more attention to the details of wind 
bracing for ofSce and other tier buildings. Further information may 
be found in texts devoted exclusively to building design and in technical 
periodicals. The design of wind-bracing connections is discussed in 
Chapter V. 

22. Bracing for Industrial Buildings.— Bracing for industrial build- 
ings is almost always provided by a 
system of diagonal bracing combined 
with the transverse bending resistance 
of the bents. Sometimes bents are so 
constructed as to have little if any 
transverse bending resistance, and in 
such cases dependence must be placed 
entirely on a system of diagonal brac- 
ing. 

Bent with Knee Braces . — If the bent 
shown in (a) Fig. 18 has fixed, or nearly 
fixed, column bases it evidently will 
deform somewhat as shown in (6), of 
the same figure, under the action of 
the wind loads shown in (a). If the 
column bases are hinged or practically 
so (column bases are seldom, if ever, 
actually hinged in buildings), the de- 
formation of the bent will be some- 
what as shown in (c) of Fig. 18. In 
either case if the columns and other 
members have sufficient strength the 
bent will have lateral stability. How- 
ever, if the wind acts normal to the 
plane of the bent it should be clear 
that the bent alone will have little 
resistance and it becomes necessary to 
brace it to another to secure sufficient 
Fig. 18. stability against wind or other forces 

acting along the axis of the building. 
The two bents thus braced together are referred to as a braced bay, as 
previously stated. The form which this bracing takes is shown in 
Fig, 19, which illustrates a building composed of thirteen bents (twelve 
bays) like that shown in Fig. 18. As shown the building has four 
braced bays, each braced bay having a complete set of diagonals in the 
planes of the top chords of the trusses, in the plane of the bottom chords, 
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and in the planes of the side walls. These diagonals, which are marked 
D in the figure, together with the members marked S or ES, the truss 
chords, and the columns, form a system of double intersection trusses 
which has the column pedestals (or the earth) for its supports and which 
will evidently resist forces applied to the building along its axis. For 
example, wind acting on the end of the building must be resisted by the 
siding supported on the horizontal beams called girts (unless the side 
and end walls are self-supporting), shown dotted in the figure. The 
girts are in turn supported by the end wall framing columns; these 
columns react against the struts marked S in the end bay 1-2, and the 
struts have their reaction on the bracing trusses in the planes of the top 
and bottom chords of the roof trusses. The bracing trusses, which are 
thus loaded by the wind pressure acting on the end of the building, have 
their reactions at the top of the frames formed by the columns of bents 
2 and 3 and the diagonals, D, and struts, ESj between these columns, 
and these reactions reach the ground through the pedestals on which 
the columns rest. The struts marked ES are generally called eave 
struts, and as will be seen later sometimes take the form of small trusses. 

If the members marked T in Fig. 19 are stiff members capable of 
resisting compression some of the wind pressure acting on the end of 
the building will be transferred by them to the braced bays beyond 2-3; 
but if they are ties, capable of resisting tension only, the entire wind 
pressure on the end must be resisted by the braced bay 2-3. Should 
there be a pressure from the inside of the building acting in an outward 
direction, of course the ties would be as effective as struts in distributing 
the resulting load to the several braced bays. There will be some 
pressure acting from the inside, as a partial vacuum is created on the 
leeward end or side of a building.* The members marked T are made 
capable of resisting compression by some designers and as ties only by 
others. If they are made as ties it is important for them to be placed 
under initial tension by being made a trifle short and stretched into 
place when erected. Diagonals in the planes of the roof truss chords 
are nearly always made as tension members only, and they also should 
be placed under initial tension. Diagonals in the walls are usually 
tension members but are sometimes made stiff enough to resist com- 
pression. 

The stresses in the bracing members cannot be accurately estimated 
and are seldom of sufficient magnitude to control their proportioning. 
Such members are generally dimensioned to meet minimum requirements 
set by the design specifications. Nevertheless, it is important for the 

*See page 64, '^Wind Stresses in Buildings,” by Robins Fleming, John Wiley 
& Sons, 1930, and Chapter VI in this book. 
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designer to form a clear picture of the action of the bracing system in 
order to be sure that the arrangement of members chosen will be effec- 
tive in resisting any lateral or longitudinal loads to which the structure 
may be subjected. 

It should be seen that, if the longitudinal members of the bracing 
system for the building in Fig. 19, i.e., the members marked iS, T, and 
ES, are all capable of resisting compression, a single braced bay would 



Fig. 19. — ^Bracing for Building with Knee-Braced Bents. 


be sufficient for stability, but to secure rigidity and freedom from 
pronounced vibration more frequent bracing is desirable. Some design- 
ers would use more bracing than is shown and some less. 

Bent without Knee Braces . — Sometimes the necessity for maximum 
headroom around the walls of a building may require the omission of 
knee braces resulting in a bent as shown in (d) of Fig. 18. It is difficult 
in such cases to secure much rigidity at the connection of the truss to 
the column without changing the shape of the truss, and unless the 
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column bases are heavy and rigidly attached to heavy pedestals the 
bent will not have adequate resistance to transverse forces. If the 
columns can be fixed at their bases the bent will deform somewhat as 
shown in (e), but attempting to secure transverse resistance in this 



Modified Isometric View showing Bracing System as a Whole 




Elevation of Wall Column Bracing 


Fig. 20. — Bracing for Building without Knee Braces. 

manner will result in severe column bending and unreasonably heavy 
bases. Buildings containing bents of this kind are preferably braced 
by means of a system of diagonals which in connection with the chords 
of the roof trusses and the bracing struts will form a complete truss 
system having reactions at the ends of the building where diagonals in 




30 TYPES OF STRUCTURES AND STRUCTURAL FRAMING [Chap. 2, 


the end framing form frames capable of transferring these reactions to 
the ground. Figure 20 (a) shows diagramatically the essential bracing 
for a building of this kind. The trusses, above the bottom chords, 
have been omitted in this sketch for the sake of clearness. There should 
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Fia. 21. — Combinatioa Bracing System for Buildings with or without Knee Braces. 


be bracing in the planes of the top chords in braced bays 1-2 and 12-13, 
like the top chord bracing shown in Fig. 19, and of course struts or ties 
connecting the top chords of intermediate trusses to the braced bays. 
Figure 20 (6) shows a plan of the bracing in the plane of the bottom 
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chords of the roof trusses; in this plan the vertical lines represent the 
bottom chords of the roof trusses and the horizontal lines longitudinal 
bracing members. The student should determine which of the longi- 
tudinal bracing members are necessary to make the bottom chord 
bracing a complete truss for the loads shown, and also which are neces- 
sary if there is unsymmetrical loading. 

Although the bracing shown is suflSicient for stability it is more com- 
mon to combine bracing such as shown in Fig. 20 with braced bays such 
as shown in Fig. 19, the resulting bracing system being as shown dia- 
grammatically in Fig. 21. In this figure also the trusses are omitted 
above the bottom chords, and therefore the top chord bracing which 
would occur in the braced bays is not shown. Figure 22 shows an 
arrangement of bracing in the plane of the bottom chords of the roof 
trusses which is sometimes used instead of the arrangement shown in 
Fig. 21. Except as shown in Fig. 22 the systems are the same. 
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Fig. 22. — Alternate Bottom Chord Bracing Plan for Buildings without Knee Braces. 

Buildings with Flat Roofs . — The bracing for buildings constructed 
with bents such as shown at (a), (c), (d), (e), (g), {h), (z), or (j) in Fig. 11 
follows the same general arrangement as that for buildings having 
knee-braced bents. Bracing in the planes of the top chords of the roof 
trusses is less important in buildings with flat roofs and is sometimes 
omitted. Although not essential for stability, bottom chord bracing 
such as shown in Fig. 20 is sometimes combined with bracing as shown 
in Fig. 23 (6) for buildings with flat roofs. Such a combination results 
in increased rigidity and is desirable in a building in which heavy 
cranes operate. In a building braced as shown in Fig. 19 or Fig. 23, a 
transverse force applied at a bent not part of a braced bay, bent 4 for 
example, must be resisted entirely by that bent, whereas if the combined 
system is used a load applied at any bent is partly distributed to adja- 
cent bents. Buildings in which cranes operate are subject to concen- 
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trated transverse loads resulting from side thrust or “ nosing ” of the 
cranes, and a combination bracing system contributes to rigidity and 
helps to prevent undue lateral distortion of the crane runway. 

In flat-roof buildings the eave struts are sometimes made as small 



Modified Isomefrlc View shoiving Bracing System as a Whofe 
Only end trusses and bottom chords of others are shown. 



Fig. 23. — Typical Bracing System for Flat-Roofed Building. 


trusses, having their bottom chords in the same plane as the bottom 
chords of the roof trusses and their top chords in the plane of the tops of 
the purlins in order to serve as spandrel purlins. The eave struts in the 
bracing system shown in Fig. 23 are of this type. If trussed eave struts 
are not used it is important to have effective struts between all columns 
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in the plane of the bottom chord bracing. Similar trussed frames are 
also used as longitudinal struts in the braced bays in some buildings; 
i.e., the members marked S in Fig. 23 {a) and (6) are sometimes made 
similar to the eave struts in the same figure. 

The bracing between the wall columns in all the sketches presented 
has been shown as single-story bracing. In buildings which require 
large headroom this leads to diagonals having too steep a slope, and in 
such cases one, two, or three intermediate struts between the eave 
struts and the ground may be required. This is nearly always true in 
buildings containing crane runways, and for such structures it is desir- 


Courtesy of Illinois Central System. F. R. Judd, Engineer of Buildings. 

Fig. 24. — Boiler Erecting Shop, Illinois Central System Shops, Paducah, Ky. 

able that an intermediate strut be placed at or near the level of the 
crane runway. 

Figures 24, 25, 26, and 27 are presented to show the bracing in 
actual structures. In all these pictures the mass of steelwork and the 
small scale tend to obscure the details, but close examination will 
enable the student to gain some idea of how the framework of an indus- 
trial building goes together and appears as actually built. The views 
show large rather than average structures. In the foreground of Fig. 24 
may be seen a typical braced bay, and wall column bracing two panels 
in height. It will also be noted that the longitudinal struts are trussed 
but in this particular instance it was due primarily to the special char- 
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Courtesy of Illinois Central System. F. R. Judd, Engineer of Buildings. 


Fig. 25. — Blacksmith Shop, Illinois Central System Shops, Paducah, Ky. 



Courtesy of McClintic- Marshall Company. 


Fig. 26. — General Interior View of Erecting Shop, 
Westinghouse Electric and Mfg. Co., Essington, Penna. 





Courtesy of McClintic- Marshall Company. 

Fig. 27. — General Exterior View of Erecting Shop, 

Westinghouse Electric and Mfg. Co., Essington, Penna. 

the wall column bracing of the building illustrated, and are of further 
interest in that they show the steel sash being placed. The student 


Courtesy of American, Bridge Company. 

Fig. 28. 

should note the trussed eave struts, the line of trussed struts at the 
crane runway level, and the two lines of struts below the crane runway 
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acter of the roof framing. In Fig. 25 may be seen bracing of the general 
character of that shown in Fig. 21. Figures 26 and 27 show very clearly 
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level. The trussed eave struts in this building not only act as spandrel 
purlins, but also serve as carrying trusses supporting roof trusses placed 
between the main bents, the spacing of the main bents being two roof 
bays. 

23. Illustrative Examples. — As further illustrations of the previous 
discussion of industrial building framing Figs. 28, 29, and 30 are given. 

Figure 28 shows clearly the longitudinal roof beams, called purlins, 
resting on the top chord of the trusses. At the left of the two open 
bays may be seen the roof sheeting laid on the purlins. In the lefU 
open bay may be seen sag rods extending between the purlins. Sag 
rods are used tb give lateral support to purlins on relatively steep roofs. 



Courtesy of American Bridge Company. 

Fig. 29. 

The sag rods have not been placed in the right open bay, but holes to 
receive them are visible in some of the purlins. The view shows an 
extension to the Gary works of the American Sheet and Tin Plate 
Company. 

Figure 29 is a construction view of the Soaking Pit Building for the 
Illinois Steel Company’s Gary plant. It consists of a main aisle, of the 
general form shown at (/) in Fig. 11, with a lean-to on each side. The 
purlins may be seen distinctly on the roof over the main aisle and on 
the roof over the lean-to on the right-hand side. The student should 
particularly note the carrying trusses on the left-hand side of the 
aisle, used to support two roof trusses and allowing a column spacing of 
three roof bays on the column line between the main aisle and the left- 
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hand lean-to. On this line the carrying trusses are at the eave strut 
level, while on the right-hand side of the main aisle there are carrying 
trusses at the crane runway level which support two cut-off roof columns 
of the regular spacing giving a column spacing below the runway level 
of three roof bays. Notice should also be taken of the heavy crane 
runway girders required by the three bay spacing of their supporting 
columns. 

Figure 30 is a later view of the building shown in Fig. 29 and shows 
the steel frame complete and roof sheeting being placed. This view is 
of especial interest in that it shows the columns and girts of the end wall 
framing. 



Courtesy of American Bridge Company. 

Fig. 30. 


BRIDGES 

24. Classification of Bridges. — Bridges may be roughly divided into 
three principal classes which are descriptive of the service they render. 
These general classes are: 

1st : Highway bridges. 

2nd: Railway bridges. 

3rd: Combined highway and railway bridges. 

The list is in the order of the total number of each. The total 
number of bridges in the third class is small compared with the numbers 
in the first two, but what this class lacks in numbers it makes up in 
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importance, as many outstanding structures have been built for com- 
bined traffic. Bridges are built for many purposes not included in the 
above classification, such as for the support of water pipes, gas or oil 
pipes, conveyor machinery, and so on; but nearly all bridges of any 
importance are built primarily for the purpose of carrying a highway, 
railway, or both, over a river, ravine, freight yard, another highway 
or railway, or some other natural or artificial obstacle. Each of these 
major groups may be further divided into various types, and these types 
are in general common to each major group. 

In each major group we find deck bridges and through bridges. 

A deck bridge is one in which the roadway, whether railway or 
highway, rests on top of the supporting structure, and a through bridge 
one in which the railway or highway passes through the supporting 
structure. Some important bridges of the third major group are 
arranged with a deck highway and a through railway, and vice versa. 

We also find in each of the three major groups fixed bridges and 
movable bridges. A fixed bridge is one which remains in a constant 
position. If it crosses a navigable stream the elevation of the roadway 
must be high enough above the waterway so that vessels may pass 
below without interference. A movable bridge generally crosses a 
navigable stream and is one in which the elevation of the roadway is 
such that vessels cannot pass beneath but one or more portions must be 
so arranged as to permit removing them from the passageway required 
for safe navigation. Not many bridges are entirely movable; probably 
a majority of those which interfere with navigation consist of a series of 
fixed spans with one or more movable portions. Movable bridges will 
not be fruther considered in this text. The principles of structural 
design which are discussed later are applicable to the structural portions 
of movable spans, but there are many special features cormected with 
such bridges — machinery, signal equipment, counterweights, and so 
on — which depend on matters that cannot be considered here. Illus- 
trations of some movable bridges are used later, however, to show 
structural features common to all bridges. 

The general classification given above may be still further sub- 
divided into : 

Beam bridges. 

Girder bridges. 

Viaducts or trestles. 

Truss bridges. 

In the followiag discussion of these more specific subdivisions it is to 
be understood that the types and characteristics described are common 
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to all the major groups listed at the beginning of the article, unless it is 
otherwise stated, and further that this text is confined to steel structures 
although many statements may be equally applicable to those of other 
materials. 

25. Beam Bridges. — Beam bridges consist of steel I beams placed 
parallel to the direction of traffic and close enough together so that the 
roadway, whether highway or railway, may be supported directly on 
their top flanges. There may be anywhere from four or five beams to a 
dozen or more, depending on the length and width of the bridge and the 
loads which are expected to cross it. The beam bridge is the simplest 
and most economical of all types when the opening to be spanned does 
not exceed forty or fifty feet for a highway structure or about twenty to 
thirty feet for a railway structure. Where foundation conditions are 
suitable, beam spans, supported on small piers with shallow footings or 
on pile bents, will form an efficient and low-cost structure which may be 
of considerable length. Beam spans are relatively less economical for 
railway structures than for highway structures because the heavier 
loads to be carried in the former case usually require stiffening the webs 
of the beams at the ends, and this is a costly shop operation. The con- 
ditions which lead to a combination highway and railway bridge are 
not those favorable to beam bridges, and this type will rarely if ever 
occur in the third general group. 

Figure 31 (a) shows a sketch of a typical beam bridge for highway 
traffic and Fig. 31 (6) one for railway traffic. Many modifications of 
these typical arrangements are used. As shown, diagonal bracing is 
sometimes placed between the two groups of beams used for railway 
beam bridges, but in the corresponding highway structure such bracing 
is not necessary since the top flanges of the beams are usually encased 
in a concrete slab deck. 

26. Girder Bridges. — Girder bridges are really large beam spans in 
which the beams are built-up plate girders instead of rolled I beams, 
because the greater lengths require stronger beams than can be obtained 
in a rolled section. There are other differences such as the number of 
girders used, the manner of supporting the roadway, and the possibifity 
of building a girder bridge as a through span, or a half-through span as 
it is often called. Girder spans also are more carefully braced than 
beam spans, largely because of their greater length and less stocky 
construction. 

Deck Girder Spans . — The most common girder span for railway use 
is the deck plate-girder bridge. It consists essentially of two girders 
spaced from about six and a half feet to as much as ten feet apart, on 
top of which ties and rails are placed directly. Figure 32, which is a 
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Section B-B, Timber Deck Added 
Fig, 31. 






GIRDER BRIDGES 



Courtesy of P. G. Lang, Jr., Engineer of Bridges. 

Fig. 32. — The Baltimore and Ohio Railroad Centenary Bridge Models. 



Courtesy of Atchison, Topeka and Santa Fe Railway. 

Fig. 33. — West Approach to Bridge over Mississippi River at Fort Madison, Iowa. 
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photograph of a model plate-girder bridge, shows the type clearly. 
The illustration is of a double-track bridge, and to secure a double- 
track plate-girder deck bridge it is usual merely to place two single- 
track bridges side by side on common abutments or piers. Figure 33, 
a view taken during the construction of the double-track plate-girder 
approach to the Sante Fe Railroad bridge over the Mississippi River at 
Fort Madison, Iowa, shows this construction. 

The horizontal bracing of a deck plate-girder bridge consists of 
diagonal angles, called the laterals or lateral bracing, connected between 
the top flanges, as shown in Fig. 34. Spans less than fifty feet in length 
usually have lateral bracing between the top flanges only, but spans 
greater than fifty feet in length have a similar system between the bottom 
flanges. In addition to the lateral bracing deck plate-girder bridges 



Fig. 34. — Plan and Elevation of Railroad Deck Girder Bridge, 
Showing Top Lateral Bracing. 


are provided with cross frames at each end, and at intervals of about 
twelve to twenty feet between the ends. A cross frame consists of two 
horizontal struts, one at the level of the top flanges and one at the level 
of the bottom flanges, and two diagonals which are riveted to the hori- 
zontal struts and the girders in the form of an X. The end cross frames 
may be seen clearly in Fig. 33. The purpose of the end cross 
frames is to transfer the reactions from the top lateral bracing truss 
to the masonry, and that of the intermediate frames to assist in 
keeping the cross-section rectangular and check relative vibration of 
the girders. 

Deck plate-girder spans may also be used for highway bridges, but 
in such cases it is usually desirable that some sort of steel framing be 
used for a floor system to support the roadway. Many forms of floor 
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framing are used for the support of the roadway but the most common 
are illustrated by the two sketches in Fig. 35. 

The members of the floor system may be defined as follows. A 
floorbeam is a beam usually running at right angles to the main girders, 
which is connected to or rests on the main girders and supports the 



Plan and Elevation of Highway Deck Girder Span 
Floor System with Stringers 

Fig, 35. 


roadway between the girders. A stringer is a longitudinal beam, which 
is connected to or rests on fioorbeams and supports the roadway between 
the fioorbeams. These definitions are illustrated by the sketches. 
When fioorbeams alone are used to support the highway deck they are 
sometimes connected to the webs of the girders with their top fianges 
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in the same plane as the top flange of the girders, instead of being sup- 
ported directly on the top flanges of the girders as shown in Fig. 35 (a). 
The type of floor system in Fig. 35 (6) is sometimes made with cantilever 
brackets when the roadway is wide. Figure 36, which is a view of the 
Perth Amboy approach to the Outerbridge Crossing, built for the Port of 
New York Authority, illustrates this case. In the Outerbridge Crossing 
the roadway is 42 ft. between curbs with a sidewalk 5 ft. wide added on 
each side. The girders are spaced 32 ft. center to center with the out- 



Courtesy of Waddell and Hardesty, Consulting Engineers. 

Fig. 36. — Perth Amboy Approach, Outerbridge Crossing, 

Port of New York Authority. 

side 10 ft. of roadway and the twQ sidewalks carried on cantilever 
brackets. 

Railroad deck girder bridges are sometimes provided with a floor 
system, such as is shown in Fig. 35 (a), and a concrete or timber trough, 
in which ballast is placed, constructed on this floor system. 

Through Girder Spans , — Through girder bridges are constructed for 
both highway and railway service. In this type a floor system is 
required for either railway or highway use. Through girder bridges 
are used when a limited distance is available between the roadway and 
the underclearance line. Figure 35 (b) will serve very well as an illustra- 
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tion of a through girder highway bridge except that in the section the 
floor system should be as close to the bottom of the girders as possible. 
The roadway deck would then of course be entirely between the girders, 
and it would be necessary for them to be spaced farther apart than in 
the deck bridge. The floor system for a railway through girder bridge is 
similar to that for a highway through bridge except that usually only 
two stringers would be required, one for each rail. 

Figures 37 and 38 illustrate portions of a highway through plate- 
girder bridge, the former taken from above and the latter from below. 
Figures 39 and 40 show through railway girder bridges. The reasons 



Courtesy of Atchison^ Topeka and Santa Fe Railway. 

Fig. 37. — West Approach to Bridge over Mississippi River, Fort Madison, Iowa. 

for using through spans in these cases should be clear. The student 
should note the triangular brackets, called knee braces, connecting the 
ends of the floorbeams to the girders. Knee braces are intended to 
proyi(|§ lateral mipport for the unbraced top flanges of the girders. 
Fi^re 41 shows a through girder double-track bascule bridge and is 
presented here because the open position shows clearly the character of 
bracing employed for through girder spans and also shows clearly the 
relation of the floor system to the girders. It should be noted that the 
bracing in this case is a double system, used because of the large distance 
between girders necessary for two tracks. If the student lays a sheet 
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Courtesy of Atchison^ Topeka and Santa Pe Railway. 
;Fig. 38. — ^West Approach to Bridge over Mississippi River, Fort Madison, Iowa. 


Courtesy of C. C. C. and St. L. Railway. 
Fig. 39.~-Approach to Bridge over Ohio River at Louisville, Ky. 
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Courtesy of The Phoenix Bridge Company. 

Fig. 40. — ^Through Plate Girder Span Passing under Two-Hinged Arch. Cottage Farm Bridge, Metropolitan District Commission, 

Massachusetts. 
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of paper on the picture (with its edge parallel to the girder flange) so 
that it covers up one half of the bracing, the visible portion will be an 
excellent illustration of the usual bracing for a single-track through 
girder span. 

27. Viaducts or Trestles. — Sometimes it is necessary to carry a 
railway or highway across a wide ravine or valley at a considerable 



Courtesy of The Strauss Engineering Corporation. 

Fig. 41. — Manchester Bridge, Boston and Maine Railroad. 


height above the ground. In such cases plate-girder spans supported 
on steel towers are often used. A structure of this kind is called a 
viaduct or sometimes merely a trestle. Figures 42 and 43 show typical 
railway viaducts, the former a single-track and the latter a double-track 
structure. As may be clearly seen in the illustrations a viaduct consists 
of a series of towers or towers and bents supporting the girder spans. 
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Courtesu of McCUntic- Marshall Company, 
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A bent consists of two columns braced together in a plane perpendicular 
to the center line of the track or bridge, and a tower consists of two 
bents which are connected by bracing parallel to the center line of the 
bridge. The bracing between two columns forming a bent is called the 
transverse bracing, and the bracing connecting two bents to form a 
tower is called the longitudinal bracing. A viaduct is generally con- 
sidered as being made up of tower spans and intermediate spans. A 


Courtesy of New York Central Railroad. 



Fig. 43. — ^East Approach to Hudson River Bridge, Castleton, N. Y. 


tower span is a span extending between two bents forming a tower, and 
an intermediate span one extending between two towers. Viaducts 
sometimes contain single bents as well as towers. 

Tower spans are commonly 30 to 50 ft. in length, and intermediate 
spans from 40 to 100 ft. in length. The length of the tower spans and 
intermediate spans depends on the height and length of the viaduct as 
well as on the loads to be carried. The use of single bents in combina- 
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tion with towers, or towers alone, also depends on length and height as 
well as the loads. 

Viaducts or trestles are often used as approaches to the main spans 
of a bridge when these are at a considerable height above the water 
and a long way from the point at which the highway or railway leaves 
the ground. The trestle shown in Fig. 43 is the east approach to the 
New York CentraFs Hudson River bridge at Castleton, New York. 

28. Truss Bridges. — When bridges must be of greater length than 
can be economically built with plate girders, trusses are resorted to. 
Truss spans usually range from about 130 ft. up, but half-through or 
pony trusses are sometimes used for highway (occasionally railway 
,pony trusses are built) bridges with spans as short as 60 ft. 

Figure 44 shows a photograph of a model of a modern riveted truss 
bridge. The various parts have been marked so far as they are visible. 



Courtesy of P. G. Lang, Jr., Engineer of Bridges. 


Fig. 44. — The Baltimore and Ohio Railroad Centenary Bridge Model. 

The chord members, or more commonly the chords, are the members 
forming the perimeter of the truss figure. The diagonals and verticals 
form the web system or web of the truss. The end members of the 
perimeter are often considered as part of the web system and are called 
the end posts. The floorbeams and stringers, previously defined, form 
the floor system or floor. The top lateral bracing consists of the 
diagonal members and the top struts of the sway frames, lying in a 
horizontal plane, which connect the top chords of the two trusses in the 
bridge; the diagonals are commonly called the top laterals. The sway 
frames are light trussed bracing frames which connect the two trusses 
of the bridge; they are usually vertical, at right angles to the axis of the 
bridge, and fastened to corresponding verticals in the two trusses. 
The portals are the end sway frames and are connected between the end 
posts of the two trusses. The top laterals, sway frames, and portals 
taken together form the top lateral bracing system, and with the top 




52 TYPES OE STRUCTURES AND STRUCTURAL FRAMING [Chap. 2. 


chords of the bridge form a horizontal truss. The bottom laterals are 
not visible in this figure but are similar to the top laterals and connect 
the bottom chords of the two trusses. The floorbeams are part of the 
bottom lateral bracing system, and with the bottom laterals and bottom 
chords of the bridge form a horizontal truss. 

The points at which chords and web members of a truss intersect 



Pratt Worren 



Polygonal Chord Pratt, ^Parker” Polygonal Chord Warren 



Fig. 45. — Modem Truss Types. 


are called the panel points, and the horizontal distance between adjacent 
panel points is the panel length. A truss span is said to have a length 
of so many panels at so many feet each, for example a length of 8 panels 
of 25 ft. each, or 200 ft. Floorbeams and sway frames generally con- 
nect to the trusses at panel points. 

Truss bridges are built in many forms, but simple spans are usually 
of one of the common types shown in Fig. 45. The Pratt truss, (a), with 
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parallel chords is used for both railway and highway bridges for spans 
up to about 200 ft. for railway and 180 ft. for highway bridges; these 


Courtesy of McClintic- Mar shall Company. 

Fig. 46 (a). — Potomac River Bridge, Norfolk and Western Railway, 
Sheperdtown, W. Va. 

limits are not definite and under peculiar conditions may be raised or 
lowered. The Warren truss, (6), with parallel chords, is used under the 


Courtesy of Waddell and Hardesty. 

Fig. 46 (b ). — Missouri River Bridge, Great Northern Railway. 


same conditions as the Pratt and with about the same limits as to length. 
The Warren type has grown in favor with the increasing use of riveted 
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connections for trusses; it is not so well suited to pin connections as the 
Pratt truss. The polygonal chord Pratt and Warren trusses, (c) and 
(d)j are commonly used for spans up to 360 ft. and have been used for 
lengths as great as 670 ft. 



Courtesy of Waddell and Hardesty. 


Fig. 46 (c). — Piscataqua River Bridge, Portsmouth, N. H. 

The most economical truss results when the angle between the 
diagonals and the horizontal lies between 45° and 60°, while panel 
lengths for trusses range between about 20 ft. (sometimes less for unusual 



Courtesy of C. C. C. and St. L. Railway. 


Fig. 46 (d). — Louisville and Jeffersonville Bridge over Ohio River. 

conditions) and 45 ft. When the depth of a truss must be large and 
the panels short it is impossible to maintain the proper slope for the 
diagonals with the ordinary truss forms shown in (a), (6), (c), and (d). 
Jp such cases . subdivided trusses, shown in (e), (/), and {g), are used. 
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Courtesy of The Phoenix Bridge Company. 

Fig. 46 (e).— Goffs Falls, N. H. 



Courtesy of The Strauss Engineering Corporation. 

Fig. 46 (/).- -Cape Cod Canal Bridge at Buzzards Bay, Mass. 
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The horizontal dotted members in the trusses in (e) and {g) are to 
provide lateral support for the long compression members; they do 
not carry calculated stress, and are not considered as primary members 
of the truss. The dotted vertical members shown in the truss in {g) 



Courtesy of The Strauss Engineering Corporation, 

Fig. 46 {g ). — Cape Cod Canal Bridge at Buzzards Bay, Mass. 
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support the top chords at intermediate points; they are subjected to dead 
load only and sometimes are omitted. The K truss, (/i), is a relatively 
new form developed to secure economical diagonal slope and short 
panel lengths. It is thought to have several advantages over the 
ordinary subdivided truss. 

All the truss diagrams in Fig. 45 are drawn to the same scale for 
comparison. The diagrams in (a) and (b) have panels 28 ft. long, those 
in (e) and (/) panels 20 ft. long, and the rest panels 30 ft. long. 



Courtesy of Atchison, Topeha, and Santa Fe Railway. 


Fig. 46 (h ). — Top Lateral Bracing, Swing Span, Mississippi River Bridge, 

Fort Madison, Iowa. 

Figures 46 (a to k, inclusive) are presented to illustrate the pre- 
ceding discussion of bridge types and construction. These views 
should be studied carefully, the truss types identified, and the general 
character of the construction and bracing for the different bridges 
observed and compared. 

Figure 46 (a) shows a' deck truss of the parallel chord Pratt type: 
note the viaduct approach on the far end. Figure 46 (b) shows a 
through railroad bridge consisting of three approach spans about 
275 ft. long and a lift span about 300 ft. long all of the Parker or 
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polygonal chord Pratt type: note the timber trestle approach at the 
far end. Figure 46 (c) shows a modem highway bridge with a central 
lift span in the open position: the lift span is of the parallel chord 
Warren type, and the flanking spans of the polygonal chord Warren 
type. Each of the three main spans has a length of about 300 ft. 
Figure 46 (d), at the far end a Parker truss of about 210 ft. ; the three 
main spans of the Pennsylvania type, each about 550 ft. long; and at 
the near end two Parker trusses of about 340 ft. each. Figure 46 (e) 



Courtesy of Atchison, Topeka and Santa Fe Railway. 


Fig. 46 (i). — Portal at End of Main Span at Upper Deck, Mississippi River Bridge, 

Fort Madison, Iowa. 

shows subdivided Warren trusses exactly like the one shown in Fig. 45 (/). 
Figures 46 (/) and {g) show a Strauss trunnion bascule over the Cape 
Cod canal at Buzzards Bay in the closed, and open positions. These 
two views should be studied with particular care as they show very 
clearly the character of the framing and bracing for a typical through 
railroad truss span. Although the bridge is a movable structure the 
details are not materially different from the ordinary span except at the 
end near the tower: the elaborate system of bottom bracing in the panel 
next to the tower is for the support of the tracks when the span is up. 
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Figure 46 (h) shows clearly the top lateral bracing for a heavy, double- 
deck bridge. The general construction of this bracing is like that for 
any through bridge except that it is somewhat heavier than that for an 
ordinary structure. Figure 46 (^) shows the portal for one end of an 
approach span of the bridge the top laterals of which are shown in the 


Courtesy of C. C. C. and St. L. Railway. 

Fig. 46 (J ). — Portal of 210-Ft. Span, Louisville and Jeffersonville Bridge, 
over Ohio River. 

preceding illustration. Figure 46 {j) shows the portal of the 210-ft. 
span, and Fig. 46 {k) the portal of the 340-ft. spans of the bridge shown 
in Fig. 46 (d). The portals in Figs. 46 (f), (j), and {k) should be 
compared with the portals of the bridges in the frontispiece and in 
Figs. 46 (6) and (e). 
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Courtesy of C. C. C. and Si. L. Ttailway. 

Fig. 46 (^), — Portal of 340-Ft. Span, Louisville and Jeffersonville Bridge, 
over Ohio River. 

DETAILING AND FABRICATION 

29 . A working knowledge of drawing-room, shop, and erection 
methods is essential to the designing engineer, but time cannot be 
spared in a college course for thorough study of these matters. Never- 
theless, it is important for the student of structural design to be able to 
read structural drawings; to understand the difference between stress 
sheets, general design drawings and details, and shop drawings; to be 
able to make simple design drawings; and to have some understanding 
of the fundamental shop processes in the fabrication of structural steel. 
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There is much excellent material on these subjects in the following 
references, which should be consulted: 

Detailing and Fabricating Structural Steel, F. W. Dencer.* 
Structural Drafting and the Design of Details,^^ C. T. Bishop, f 
Structural Steel Drafting and Elementary Design, C. D. 
Conklin, Jr. f 

“ Structural Engineer’s Handbook,” M. S. Ketchum.* 

In addition to these books there are excellent chapters on fabrication 
and erection methods by F. W. Dencer, assistant division engineer of 
the American Bridge Company, in Steel and Timber Structures,” by 
Hool and Kinne.* The chapter entitled Shopwork as Affecting 
Bridge Design ” in “ Bridge Engineering,” Vol. I, by J. A. L. Waddell, f 
should also be read by every student of bridge design. The user of this 
book is presumed to have mastered the usual college course in engineer- 
ing drawing and to be able to interpret ordinary structural drawings 
correctly, and make the simple design drawings necessary in connection 
with his study of structural design. Practice in the preparation of 
shop drawings is not identical in all fabricating plants. The differences, 
however, are in minor details, and the draftsman capable of making 
satisfactory shop details for use in one structural shop should not have 
difficulty in adapting himself to the methods in use in others. The 
making of shop plans should preferably be studied in the drawing-room 
of some fabricating plant, and the matter will not be further discussed 
here. 

The structural engineer deals with drawings of all kinds but most of 
his work falls within the range of four major types which are defined 
and described below. The student should have some familiarity with 
these types. 

The Stress Sheet. — A stress sheet is usually a line diagram show- 
ing the arrangement of the various members of a structure. It should 
give the controlling dimensions, the loads on which the design was 
based, the specifications controlling the design, the stress produced 
in the various members by the design loads, the section or sections 
required for each member of the structure, and any other data necessary 
for the preparation of all drawings required for the construction of 
the bridge or building concerned. For a large project more than one 
stress sheet may be necessary. For office buildings and similar struc- 
tures there are usually a series of floor plans, made as line diagrams, 

* McGraw-Hill Book Co. 

t John Wiley & Sons. 
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and a column schedule, instead of a stress sheet in the more strict sense 
of the word. Such plans are often called the engineer’s plans, instead 
of the stress sheets. The engineer’s plans for a tier building give' all 
data as to sections used, and should also give shears, moments, and 
stresses for the various members unless their connections are controlled 
by standards. 

The Design Drawing. — Design drawings are midway between 
stress sheets and shop drawings: they show the character of connections 
and connection material but do not locate the various holes and rivets 
or give accurate information as to the length or number of pieces of 
detail material. Design drawings should be approximately to scale, 
i.e., they should be made nearly enough to scale to make sure that the 
parts can be put together as shown but need not be drawn accurately 
enough, or to a scale large enough, to permit measuring dimensions 
which depend on clearances and so on. 

The Layout. — Layouts are pencil drawings made to a large scale — 
usually in. or 3 in. to the foot, but sometimes as small as 1 in. to 
the foot — of important details for a steel structure. A layout is made 
to permit the determination of clearances, distances from working 
points to ends of members, sizes of gusset plates, and so on, by actual 
measurement from the drawing. It should be clear that it must be 
made with care. The designer often finds it desirable to make layouts 
of some features of the structure on which he is engaged, but the principal 
use of such drawings is by the engineering force of the steel fabricator 
in connection with the preparation of shop drawings and material orders. 

The Shop Drawing. — Shop drawings for a structure must give to 
the shop all the information necessary for the cutting and shaping of 
every piece of material required, the size and location of every hole 
required, information as to what pieces are to be put together and 
riveted in the shop, what pieces are to be bolted together during ship- 
ment, instructions as to painting and marking for shipment, finish 
required, and so on. Shop drawings should be clear, concise but com- 
plete, and above all accurate. Such work is often monotonous and 
tiring, but it is an extremely important part of the engineering of any 
project. The difference between a profit and a loss may depend on the 
intelligence and care used in the preparation of the shop drawings, and 
lack of attention to seemingly minor details may result in costly errors, 
difficulties, and delays in both shop and field. Many young engineers 
fail to appreciate the importance and responsibility of work of this 
character and try to avoid it. The author considers drawing-room 
experience to be of inestimable value, if not absolutely essential^ in 
the professional training of a structural engineer. 



CHAPTER III 


THE DESIGN OF BEAMS AND GIRDERS 

30. The previous chapter describes the fundamental members used 
in steel construction and the common arrangements of these members to 
form the complete structural frames for ordinary buildings and bridges. 

As stated at the beginning of the previous chapter there are only 
three kinds of structural members, and it is the purpose of this and the 
succeeding chapter to discuss and illustrate the apphcation of the 
principles underlying their design. 

It is essential that the student of design have at hand some handbook 
or catalog giving the properties of structural steel shapes. The most 
complete, generally available books of this sort are the handbooks 
Steel Construction ’’ published by the American Institute of Steel 
Construction and the Pocket Companion published by the Car- 
negie Steel Company and by the Illinois Steel Company. The former 
contains not only the properties of steel shapes and much useful 
information for the designer, but also the Institute’s “ Specification 
for the Design, Fabrication, and Erection of Structural Steel for 
Buildings ” to which the reader of this text will be frequently referred. 

31. General. — In the design of beams of constant section, such as 
rolled-steel beams or timber beams, it is necessary to compute only the 
maximum moment and maximum shear. For beams which are to be 
made with varying section, such as steel beams and plate girders with 
cover plates of different lengths or concrete beams in which part of the 
reinforcement is discontinued or bent up, it is necessary to know how 
the moment and shear vary along the beam. However, in the majority 
of problems in practical design the variation in shear and moment is 
known, or may be approximated with sufficient accuracy for design 
purposes, without actual computation of more than the maximum 
values. 

32. Rolled-Steel Beams; Selection by Section Modulus. — The 
usual procedure in the design of a steel beam, having computed the 
maximum shear and maximum moment, is to determine the section 
modulus required from the beam formula: 

C ' 


I ^ M 
- or /S = — 

5 


c 
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where M = the maximum bending moment, in inch-pounds or inch- 
kips; 

s = the maximum allowable intensity of stress in bending, in 
pounds per square inch or kips per square inch; 

1/c ~ S = the section modulus, 


I being the moment of inertia of the cross-section in inch units and c 
the distance from the neutral axis to the extreme fiber in inches. A 
beam having a section modulus equal to or greater than the required 
amount is then chosen from a table giving the properties of rolled-steel 
beams. Such tables are given in '' Steel Construction,^' in steel manu- 
facturers' catalogs, and in practically every engineer's handbook, 
whether civil, electrical, mechanical, or mining. 

The student should understand that this procedure assumes the 
plane of the bending moment, M, to coincide with a principal plane oi* 
the beam and the beam to be perfectly homogeneous and perfectly 
straight. The assumptions on which the beam formula rests are, of 
course, also necessary. A beam having these characteristics would 
have no tendency to sideways deflection, i.e., deflection laterally from 
the plane of the bending moment, but since no beam fulfills all these 
requirements it is necessary that the top flange be supported against 
lateral movement if the above procedure is to be applied directly. It is 
also assumed that the shear is not large enough to dictate the choice of 
a section. This is nearly always true in steel framing, but cases in which 
shear is, or may be, of controlling importance will be discussed later. 

It will be noticed that there are usually several beams having a 
section modulus close to the required value, and often the proper beam 
to select has a section modulus which is not the nearest to the required 
value. For example, suppose that a beam to resist a moment of 
860 in.-kips is to be selected using an allowable stress of 18 kips per sq. in. 


I 

c 


or 


860 

^'18 


47.8 


In a table of properties of American Standard Beams it will be found 
that a 12-in. I at 45 lb. having a modulus of 47.3, and a 12-in. I at 50 lb. 
having a modulus of 50.3, are the nearest to the required value. In the 
ordinary case, however, a 15-in. I at 42.9 lb., having a modulus of 58.9, 
would be selected because it is lighter than either of the other sections. 
Sometimes architectural or other limitations would compel the choice 
of one of the 12-in. beams in order to keep the depth as small as possible. 

One of the newer Carnegie or Bethlehem sections will furnish the 
required section modulus at a smaller weight than the standard beams 



SAFE LOAD TABLES 


65 


given above, and if readily available at a competitive price might be 
chosen. 

33. Safe Load Tables. — Steel beams may be selected also from tables 
of safe loads.^^ Safe load tables are of two types. The more common 
type is that which gives the total uniformly distributed load which a 
given beam can carry on various spans without exceeding the maximum 
allowable fiber stress for which the tables are prepared. Since the 
loads given are the total loads, and therefore include the weight of the 
beam, this weight must be assumed or estimated in advance of design. 
Examples of this type of table may be found in the handbook “ Steel 
Construction previously mentioned, in engineers’ handbooks, and 
steel manufacturers’ catalogs. If the moment given above is caused by 
a total load of 28,700 lb. or 14.35 tons on a span of 20 ft., the same beams 
will be found to answer from safe load tables. 

Comprehensive safe load tables based on 18,000 lb. per sq. in. are 
given in Steel Construction.” These tables include practically every 
American rolled-steel I beam. ® 


The method of using such tables needs no further explanation, but 
it may be worth while to note that, in using one constructed for an 
extreme fiber stress different from that which the designer is using, the 
load to be carried should be multiplied by the ratio of the tabular stress 
to the desired stress and a beam selected to carry the thus modified 
total load. As an illustration, to select a beam to carry the total uni- 
formly distributed load of 28,700 lb., mentioned above, from the safe 
load tables given in Steel Construction,” but at a permissible unit 
stress of 16,000 lb. per sq. in. a beam should be taken from the table for 


a load of 


18,000 

16,000 


X 28,700 = 32,300 lb. 


on a span of 20 ft. 

A less commonly available, but in man^^ ways more convenient, safe 
load table is one which gives the uniformly distributed load in pounds 
per linear foot which a given beam can carry on various span lengths 
without exceeding the extreme fiber stress for which the table has been 
prepared. As in the total load tables the permissible loads per foot 
include the weight of the beam, which of course must be assumed or 
estimated in advance. A table of this type, for American Standard 
r beams, based on 18,000 lb. per sq. in., is given in the “ Pocket 
Companion” published by the Carnegie Steel Company (pages 210, 
211, and 212 in the 1931 abridged edition). The method of use with 
different fiber stresses is indicated above in connection with total load 


tables. 
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Many designers depend almost entirely on tables of safe loads and 
develop verj^ ingenious methods of including the effect of concentrated 
loads. The author prefers to determine the maximum moment and 
select the beam according to the required section modulus or from a 
table of maximum moments. 

Maximum Moment Tables.— Tables giving the maximum moment 
which a given beam can resist are also frequently given, and in many 
ways are more convenient than safe load tables. Like safe load tables, 
they must be based on some assumed fiber stress, and the method of 
use for different fiber stresses is the same in principle. 

34. Illustrative Example. — To illustrate the foregoing discussion 
the calculation sheets for the design of the steel framing for a wall and 
pier bearing floor are presented: Sheets 1 and 2 of DPI. As indicated 
by the plan of the floor framing and the sketch of the floor construction 
given on these sheets, a 1-in. maple finish floor is laid over a 3-in. plank 
sub-floor. The sub-floor is spiked to the timber nailers which are 
fastened to the steel beams by means of bent plate clamps, the bent 
plate clamps being connected to the nailers by lag screws or bolts. 
The transverse beams, Bl, etc., are supported on the masonry walls at 
their outer ends and connected to the girders G1 at their inner ends. 
The girders Gl are supported on the masonry walls and piers as indicated. 

In general the calculations should be easily understood, but since 
certain conventional notations are used which will be followed in sub- 
sequent designs it may be well to explain in detail the calculations for 
one or two beams. 

Consider beam Bl, for example. In the calculation: 

150 X 8 = 1200 lb. per ft. 

202 

X — r- = 60.0 ft.-kips 
8 

12 I 

at — , - = 40.0 
18’ c 

the first line, 150 X 8 = 1200 lb. per ft., indicates that since the beam 
Bl supports a strip of floor 8 ft. wide, and the floor load is 150 lb. per 
sq. ft., the total load supported by the beam is 1200 lb. per ft., as should 
be clear. The second fine, X 20^/8 = 60.0 ft.-kips, indicates the deter- 
mination of the bending moment at the center of a beam which is 20 ft. 
long center to center of bearings supporting a load of 1200 lb. per ft. It 
should be noted that although the first line gives the load in pounds 
per foot the second line gives the moment in foot-kips, the division by 
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1000 being understood and indicated only by the units stated for the 
moment. The tliird line, at If, Ijc = 40.0, indicates that the moment 
of 60.0 ft.-kips is multiplied by 12 to convert it to inch-kips and divided 
by 18 kips per sq. in., the allowable intensity of bending stress, to 
determine that a section modulus of 40.0 is required for the beam Bl. 

It will be noted that in making the calculations for beams B5 and B6 
the location of the point of maximum moment has been determined in 
each case and the moment itself found as the center moment in an 
equivalent beam subjected to a uniform load. The maximum moment 
in B5, for example, occurs 11.0 ft. from the right end of the sketch, and 
since there is only uniform load on this portion of the beam the maximum 
moment must be the same as the moment at the center of a beam 22.0 ft. 
long subjected to a uniform load of 1200 lb. per ft. Similarly for B6, 

The stairway from the floor shown to the basement below has a 
width of 4 ft. overall, a horizontal run of 14 ft. 3 in., and is assumed to 
support a total load, including its own weight, of 120 lb. per sq. ft. of 
horizontal projection. The stair stringer will connect to B5 as close to 
Bli- as possible, and for design purposes the loads from B^ and the stringer 
are assumed to be applied at the center of BJ^, The stairway reaction 
on B5 then is 


14.25 X 4 X 120 X J = 1710 lb. as shown. 

The girders Gl, GlX, and Gl Y are not exactly alike but are so nearly 
the same that Gl was designed and the same section used for the other 
two. The sketch on the calculation sheet shows that one end of Gl 
was assumed supported at the center of the end wall, and the other 
6 in. from the center of Pier 1. Some designers would assume that the 
supports of Gl were at the center of the end wall and the center of the 
pier, or 24 ft. center to center, which is conservative and would result in 
a slightly heavier section. 

Another approximation which should be noted is the assumption of 
the weight of the steel framing made in advance of design and the use 
made of this weight. As shown on Sheet 1 the steel was assumed to 
weigh 10 lb. per sq. ft. (which is about 3 lb. per sq. ft. more than the 
calculated weight — a negligible difference in the total floor load) and 
this weight used in the calculations for all beams. Since the weight of 
girders GljGlX and GIY must be included in the total it is clear that 
the calculations as made assume the beams Bl, B2, etc., to support a 
load to which they are not subjected. The error in this procedure is 
not great, however, and is on the safe side. When the girders are of 
ordinary size, as in this case, this practice is generally followed, but when 
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heavy girders of long span are necessary the weights of the beams and 
girders are considered separately. 

The student should note that the beam selected for B3 has a section 
modulus greatly in excess of that required: it was made of the same 
depth as B4 for the sake of appearance and convenience in finishing 
around the stair opening. A 10-in. channel could have been used, with 
a slight saving in weight, but there is some advantage in keeping the 
number of different sections as small as possible. 

Attention should be called to the fact that American Standard 
beams were chosen in all cases although Carnegie, Bethlehem, or light- 
weight Phoenix sections would effect some saving in weight. The 
decision as to whether American Standard beams or beams of lighter 
weight should be selected would depend on market conditions, geo- 
graphical location in some cases, time necessary for delivery, or other 
conditions of a hke nature, and these are matters which cannot well be 
given specific consideration in a text such as this. 

The standard connections and standard wall 

^ £ plates called for in connection with the various 

beams may not be used in all cases : they are 
assumed here merely to make possible a reason- 
ably accurate estimate of weight as part of 
the design, and are satisfactory for that pur- 
pose. 

35. Beams without Lateral Support. — The 

Fig 47 discussion so far has assumed a perfect beam 

loaded under ideal conditions, i.e., a perfectly 
straight beam of homogeneous material loaded vertically in the plane 
of one of its principal axes. Under such conditions the intensity of 
stress at any point in a horizontal hne, as A~B in Fig. 47, is presumably 
equal to the intensity of stress at any other point in the same line. 
The actual beam, however, is not straight, is not homogeneous, and is 
rarely loaded exactly in the plane of a principal axis. Under actual 
conditions then the stress at a may be more than the stress at h. This 
difference may be due to a lack of homogeneity, small kinks and bends 
resulting from rolling, cooling, or fabrication, or to any one or combina- 
tion of a number of defects occurring in beams as actually manufactured. 
Whatever the cause the fiber at a (if- in compression) will tend to shorten 
more than the fiber at h and the beam will tend to deflect sideways from 
a towards h. If the beam flange is encased in a concrete floor, or other- 
wise restrained laterally, the tendency to sideways deflection cannot 
develop and there will be merely a lack of uniformity in stress distribu- 
tion. If the beam flange is not restrained laterally the sideways 


Fig. 47. 
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deflection will develop and the flange will move out of line as shown in 
an exaggerated manner by the dotted lines in Fig. 48, which is a view 
looking down on the top flange of the beam in Fig. 47. It is not impos- 
sible that defects on opposite sides of the flange might cause a tendency 
to deflect into an S-shaped curve instead of the curve shown in Fig. 48, 
but deflection as shown would be more serious and would control design. 
Since the flange under consideration is in compression it will evidently 
act somewhat as a bent column and the total stress in the flange (not 
acting in the same line throughout its length) will produce a bending 
moment in a horizontal direction. This moment will tend to produce 
compression at a and tension at b, thus increasing the difference in stress 
and aggravating the tendency to deflect sideways. The stress at a will 
increase more rapidly than the load, and eventually the beam will 
buckle sideways and collapse at a load smaller than would have been 
required to produce failure had the beam remained in a vertical plane. 
A little reflection will lead to the conclusion that sideways collapse will 
occur at about the time the maximum fiber stress in the compression 






Fig. 48. 


flange reaches the yield point of the flange material. The student 
should see that this sideways buckling will be confined to the com- 
pression flange; the tension flange will tend to pull into line since an 
increase in load tends to correct rather than increase any lack of uni- 
formity in tensile stress distribution. 

36. Straight-Line Reduction Formulas. — For the maximum stress 
at a we may write: 

s = Si +52 (2) 

where s = the maximum intensity of stress at a; 

51 = the intensity of stress at a due to vertical loading; 

5 2 = the intensity of stress at a due to the sideways buckling 

tendency. 

Or Si == s — §2 (3) 

Since we may write si = Me/ 1 or I/c = M/sij if M* = the moment due 
to vertical loading, we can evidently select a beam having a section 
modulus which will keep the maximum intensity of stress within any 
desired value, 5 , 'provided we can evaluate 52 . Since 52 is dependent 
largely on the extent of accidental kinks, bends, and variations in 
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material quality it is evident that its determination is necessarily a 
matter for experiment. It can never be predicted with much precision 
because of the infinite number of ways in which the various defects may 
occur in combination. It seems fair, however, to assume that the longer 
the beam the more likely and the more pronounced these accidental 
defects will be, and the wider the flange the less pronounced they will 
be because of the greater lateral rigidity. If we assume then that S 2 
varies directly as the unsupported length, L, and inversely as the flange 
width, h, we may write: ^ 

S2 — k ~ 

0 

Where L and h are as above, both measured in inches or both in feet, 
and is a factor to be determined experimentally. Replacing ^2 in (3) 
by this value r 

Si == s - k- (4) 

This is a widely used type of '' reduction formula ” for the determination 
of the allowable intensity of stress in the compression flange of a beam 
without lateral support, or with lateral support only at widely spaced 
points. 

Not many experiments have been made with a view to determination 
of the factor k, and the data available seem rather inadequate. But 
from studies based partly on analytical investigations, considering the 
top flange of a beam as a column, and partly on the experimental data 
so far available, a number of formulas of this type have been written into 
design speciflcations. One which has had wide use is: 

L 

Si = 16,000 - 150 - (5) 

b 

The application of this formula in design is evidently a matter of 
trial since the width of the flange, 6, is not known in advance. 

Suppose that a beam subjected to a bending moment of 760 in. -kips 
has its top flange unsupported for the full length of its 20 ft. span. 
Since a 15-in. I at 42.9 lb. is required for a fully supported flange, 
evidently a larger beam wiU be needed when the permissible stress is 
reduced and we may assume a 6-in. flange width. 

Si = 16,000 — 150 X 240/6.0 = 10,000 lb. per sq. in. 

^ = 760 -MO = 76.0 

T 

18-in. I at 54.7, - = 88.4, b = Br94Q- 
c 
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The student should notice that even if a beam having exactly the 
required section modulus were available the maximum stress in the 
extreme fiber would not be the 10,000 lb. per sq. in. determined from 
the reduction formula, but an unknown amount which might reach 

16.000 lb. per sq. in., the 10,000 lb. per sq. in. being the stress resulting 
from vertical loading only, and the additional 6000 lb. per sq. in. being 
a possible stress resulting from defects incidental to manufacture and 
from sideways bending. Since the section modulus actually provided 
is larger than required we may presume that the actual fiber stress from 
each source is proportional to the section modulus, i.e., 76.0/88.4 X 

10.000 = 8600 lb. per sq. in. from vertical loads and 76.0/88.4 X 6000 = 
5160 lb. per sq. in. from lateral deflection. 

Many engineers are of the opinion that for an unsupported length of 
10 to 15 times the flange width a reduction in extreme fiber stress is not 
necessary. If no reduction in stress is made for an unsupported length 
less than 15 times the flange width, the use of the reduction formula 
given above will lead to inconsistent results. For example, if a beam 
having a flange width of 5 in. has an unsupported length of 74 in. 
{L/h = 74 in./5 = 14.8) the allowable design stress is 16,000 lb. per 
sq. in., while an unsupported length of 76 in. would lead to a permissible 
design stress of 

16,000 - 150 X - = 13,700 lb. per sq. in. 

It is evidently absurd to say that a change in unsupported length of 
2 in. makes necessary a reduction of 14 per cent in the extreme fiber 
stress. 

To overcome this inconsistency expressions have been used, of the 
same type, having for s in (4) a value such that at L/h = 10 to 15 
the value of si becomes whatever the specification considers proper 
as the maximum allowable stress when the beam has continuous lateral 
support. One of the best-known expressions of this kind is given in the 
American Bridge Company's Specifications for Steel Structures," 
1912 Edition, which is (“ Pocket Companion," 23rd Edition, page 96) 

Si = 19,000 - 300 ^ 

0 

with a maximum of 16,000 lb. per sq. in. This reduction formula gives 
a regular change in permissible stress with small increases in length, but 
is inconsistent in that it apparently sanctions a maximum fiber stress 
of 19,000 lb. per sq. in. for a beam with continuous lateral support 
(L/h = 0) although as a matter of fact the basic stress in the specifica- 
tion is 16,000 lb. per sq. in. Such a formula, however, is almost entirely 
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einpirical, and it probably makes little difference what form it is in so 
long as it gives satisfactory values within the range in which it is appli- 
cable, and provided its range of applicability is clearly stated and under- 
stood. 

37. Second Degree Reduction Fomiulas.— From the discussion 
leading to expression (2) it should be evident that S 2 is to some extent 
dependent on su The use of a reduction formula of the type of (4), 
however, assumes that the effect of si on §2 is entirely overshadowed by 
the effect of accidental defects in the beam. Some engineers believe, 
or imply, that the effect of si on S 2 is more important than the physical 
defects. Working under that assumption we may say that 

mfc' 

S2 = -jr 


where m' = the lateral moment at a, Fig. 47, caused by si as a result 
of lack of homogeneity, etc.; 

c' = the distance from the neutral axis in a horizontal plane to 
the fiber at a. Fig. 47 ; 

r = the moment of inertia in a horizontal plane of the part 
of the beam resisting wf ; 

Si and $2 are the same as in Art. 36. 

Assuming that only the top flange resists the lateral moment, let 

A = the area of the flange; 

r = the radius of gyration of the flange in a horizontal plane; 

J/ ^ ^y.2. 

e = eccentricity in the axis of the compression flange, partly 
the result of lateral deflection caused by non-uniform 
distribution of ’bending stress. 

Then 


mf = kiSiAe 


where hi is a factor which allows for the fact that Si is not uniform 
across A. 

hiSiAec^ 

S2 = — j-z — 

Ar^ 

and 


s — Si 


+ 


kiAec' 
" Ar^ ~ 


Si 


As stated above it seems fair to assume that e varies directly as L, 
the length; c' also varies directly as L, i.e., the larger the span the larger 
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the beam and hence the wider its flange; and r varies directly as the 
flange width, i.e., r = /b25, approximately, when k 2 is some constant 
factor. 

Combining all the constant and empirical factors into one, A, we may 
write 

5 — + A; — 

and 


Si 


1 + k 


I? 

62 


( 6 ) 


where A; is a factor partly dependent on accidental defects and partly on 
the properties of the beam flange. 

This is a type of reduction formula which has had considerable use 
and is becoming more common. 

If s in (6) is the basic fiber stress in design, as it should be in view of 
the method of derivation, and we follow the practice of making no 
reduction in fiber stress for ratios of L/h less than 10 or 15, the same 
inconsistency arises in the use of this formula that arises in the use of the 
straight-line type (4). The difficulty is overcome in the same manner 
as in the straight-line formula, i.e., a is made such that at L/h equal to 
10 to 15, Si becomes the value permitted as the basic fiber stress. 

A recent formula of this type is given in the design specifications * 
sponsored by the American Institute of Steel Construction. It is : 


Si 


20,000 


1 + 


1 L2 
2000 62 


( 7 ) 


with a maximum value of 18,000 lb. per sq. in. For L/6 = 15, si = 
18,000 lb. per sq. in., the basic stress. 

Many reduction formulas of both types have been developed with- 
out reference to experiments — though perhaps indirectly guided by 
them — by applying a column formula to the top flange of the beam, 
using for L in the formula some fraction of the unsupported length and 
for r some constant times 6, the flange width. 

Both types of reduction formulas given above are defective in that 
they do not take account of the depth of the beam and the thickness of 
the web. Their use, however, has given satisfactory results in design, 

* See ‘'Steel Construction,” Second Edition, January, 1934, or Appendix C. 
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■T'’^ ASC£. 


40^Ra}! 

‘HexJ^uf 


and it is not yet clear that greater rej&nement is warranted in view of the 
few data available and the uncertainties as to magnitude and distribu- 
tion of defects. 

38. Illustrative Example. — The design calculations for the framing 
over a gravel storage bin given on Sheet 1, DP2, illustrate the use of a 
reduction formula in designing beams which have no lateral support for 

their top flanges. As indicated by 
the framing plan the longitudinal 
track beams, TBl^ are supported by 
cross beams, CB^ the latter being 
built into the concrete walls of the 
bin. The track beams support on 
their top -flanges 30-lb. rails over 
which distributing buggies operate. 
The rails are connected to the top 
flange of the track beams by hook 
bolts. A common form of hook bolt is showm in the accompanying 
figure, DP2. 

In determining the permissible unit stress the first step is to find the 
minimum flange width which is acceptable. In this case the specifica- 
tions place an upper limit on L/6 of 40, which fixes the minimum flange 
width as 4.5 in. as given on the design sheet. When Ljh = 40 the 
permissible unit stress is about 11 kips per sq. in., and a mental estimate 
shows at once that J/c must be about 62. Reference to a table of 
properties of American Standard beams indicates that some 15-in. I 
will probably be the most suitable. As the flanges of standard 15 in. I^s 



^ 'V Hook Bolt 
about 6d' /ong 
Bent to fit flange 
on5"I45^ 
Right Thread 
and HexHut 
each Bo it 


DP2. 


are 5j in. or more in width the permissible stress for 


15 X 12 
5.5 


= 33 


is found to be 12.95 kips per sq. in., which gives a required section 
modulus of 53.5 as shown in the calculations. A 15-in. I at 42.9 lb. is 
the lightest standard beam which meets the requirements. The selec- 
tion of a beam with unsupported top flange is necessarily a matter of 
trial, but in most cases a mental estimate will give the approximate 
section modulus closely enough to locate the required beam within a 
relatively narrow range of flange widths. With this information the 
permissible intensity of stress generally may be estimated with sufficient 
accuracy to make possible selection of the required beam on the first trial. 

Further comment on these calculations should be unnecessary, but 
it may be noted that, as in the design calculations discussed in Art. 34, 
standard connections and wall plates were assumed to permit making a 
reasonably accurate estimate of weight in advance of actual detailing 
of the connections and wall plates. 



27'-3^ 

'24'-9' 
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/cj/r ss'-s" 
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_ iSXiZ ^ j rf / 

40 
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i 

S=JZ.95^/a" 
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or hook bolts. 
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39. Web Strength of Steel Beams. — As stated above it is seldom 
that shear is a factor in the choice of an I beam. The proportions of 
ordinary rolled-steel beams are such that for common spans of 10 to 20 
times the depth their strength in shear is greater than their strength 
in bending. When spans are short and loads heavy, however, it becomes 
necessary to investigate the strength of the web. 

Web strength should be examined from three standpoints: shear, 
vertical buckling over a support or under a concentrated load, and com- 
pression in the web (at its junction with the flange) immediately above a 
support or below a concentrated load. A fourth factor sometimes con- 
sidered is diagonal buckling ; its investigation is not necessary in beams 
of ordinary proportions but may become so in those with abnormally 
thin webs. 

40. Shear.— The resistance of a beam in shear is considered to be 
the product of its web area and the intensity of shearing stress allowed 
in the design specifications. This assumes that the shear is uniformly 
distributed across the web, which, as the student will remember from 
mechanics, is not true. The error for minimum weight sections is 
about 15 per cent, and increases 7 or 8 per cent for the maximum weight 
section of any given depth. This error is generally recognized in the 
unit stress permitted, but it is on the unsafe side, i.e., the actual maxi- 
mum intensity of shear is greater than is obtained by assuming it 
uniformly distributed, and in the design of beams of maximum weight 
supporting heavy loads the intensity of shear is sometimes estimated by 
the more precise formula developed in mechanics 

. - — ( 8 ) 


in which v = the intensity of shear at any horizontal section; 

V = the external shear at the section; 

I = the moment of inertia of the cross-section, about the 
neutral axis; 

t = the thickness of the web at the section; 

Q = static moment about the neutral axis of the area above 
the horizontal section on which v is desired. 

The intensity of horizontal or vertical shear is a maximum at the neutral 


* In beams supporting concentrated loads in such a position that a large bending 
moment and a large vertical shear occur at the same section there may be a diagonal 
shear in the web just under the flange of a greater intensity than that existing (hori- 
zontally and vertically) at the neutral axis. This is seldom, if ever, of importance 
in design, but the possibility of its existence should be noted by the student. 
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The web area is generally taken as the product of the beam depth 
and the web thickness, although some engineers prefer to use the prod- 
uct of the clear depth (the distance between the flanges) and the web 
thickness as additional compensation for the error made in assuming 
uniform distribution of the shear across the section. 

When the web of an I beam is overstressed in shear an attempt is 
sometimes made to reinforce it by riveting plates between the flanges. 
This is inefficient and often the desired result is not attained. For 
example, suppose that a short beam is subjected to a bending moment 
of 46,000 ft.-lb, and a shear of 80,000 lb. A 12-in. I at 31.8 lb. is ade- 
quate to resist the moment but the average web shear is 

80,000 

— = 19,000 lb. per sq. m. 

12 X 0.35 


which is too high. Two plates 9 in. by 5/16 in. riveted to the web 
between the flanges as shown in Fig. 49 reduce the average shear to 


80,000 

12 X 0.35 + 9 X 1^^ X 2 


= 8200 lb. per sq. in. 


which, if it were somewhere near the true maximum intensity, would be 
entirely satisfactory. It is easy to show by the application of 
y = VQ/It, (8), that there is a much higher intensity of shear just above 
the so-called reinforcing plates 


80,000 X 17.1 
254 X 0.35 


15,400 lb. per sq. in. 


This is the intensity of shear at a section 1 J in. below the top of the beam, 
just at the top edge of the plates. The intensity would be somewhat 
higher at the top line of rivets connecting the plates to the web. 

Examination of the expression v = VQ/ It will convince the student of 
the inefficiency of trying to reinforce the web of an I beam with side 
plates. When studying the intensity of shear in the web just above the 
side plates or just above the top line of rivets the quantities V, Q, and t 
are the same whether side plates are used or not. Consequently to 
reduce the shear by one-half requires that I be doubled. To double 
the moment of inertia in the case in question would require the addition 
of 2 plates 9f in. by 1^, which would be absurd. It is generally much 
better to use a heavier beam than to try to reinforce the web. If it is 
possible to provide a direct connection between the reinforcing plates 
and the flange of the beam or girder the web may be efficiently rein- 
forced. Such connection is simple in a plate girder but rather imprac- 
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ticable in an I beam with sloping flanges and riveted connections for 
the reinforcing plates. 

If the spaces between the edges of the reinforcing plates and the 
flanges are filled with weld metal, as shown in Fig. 50, both ^ and I, in 
the expression v — VQ/It, are affected by the addition of these plates 
and they become fully effective (assuming adequate strength in the weld 
metal) in reducing the intensity of shearing stress. The average 
intensity of shearing stress becomes : 


80,000 
0.975 X 12 


6850 lb. per sq. in. 


and the maximum intensity 


80,000 X 29.4 
277 X 0.975 


8700 lb. per sq. in. 








Fig. 49. 




We/8' 


forcing Plates 
We!d-^^-WeId 


Fig. 50. 


In the latter expression 29.4 and 277 are, nearly enough, the static 
moment of one-half the reinforced beam and the moment of inertia of 
the entire reinforced beam, respectively, about the neutral axis. The 
weld metal is included approximately in calculating each quantity. 
The student should note that the difference between the average 
intensity of shearing stress and the maximum intensity is considerable 
in this case, as would be expected since the reinforced web becomes a 
relatively large part of the total area. 

^ 41 . Diagonal Buckling. — The tendency of the web of an I beam or 
plate girder to buckle diagonally is the result of the compressive stress 
which accompanies shear. At the neutral axis the intensity of the diag- 
onal compression is equal to the intensity of the shear and acts at an 
angle of 45° with the horizontal. There is diagonal tension of equal 
intensity acting at right angles to the diagonal compression. Above 
and below the neutral axis the intensity and direction of the diagonal 
compression and diagonal tension are modified by the direct stresses 
resulting from bending. In design the general direction of the diagonal 
compression is considered to be at 45° with the horizontal and its 
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intensity assumed equal to the average intensity of the shear, i.e., the 
external shear divided by the area of the web. 

It has been common for many years to permit the omission of inter- 
mediate web stiffeners on plate girders in which the thickness of the web 
is equal to or greater than 1/60 of the clear depth. In recent years 
there has been a tendency to increase this thickness requirement to 
1/50 of the clear depth. Since the main function of intermediate stiffen- 
ers on plate girders is to stiffen the web against diagonal buckling, it is 
clear that the requirements just given are equivalent to stating that if 
the ratio of the clear depth of the web to its thickness does not exceed 
50 or 60 there is no danger of diagonal buckling. The same principle 
should, of course, apply to I beams, and most designers consider that it 
is unnecessary to investigate for diagonal buckling any rolled beam 
which has a web thickness equal to or greater than 1/50 or 1/60 of the 
clear depth. There are 
only a very few rolled- 
steel beams with a web 
thickness less than 1/60 
of the clear depth, and 
these are special sections 
not widely used. There 
are, however, some of 
the recently developed 
wide-flange sections with 
a web thickness less than Fig. 51. 

1/50 of the clear depth, 

and for this reason it seems advisable to discuss approximate methods 
for estimating resistance to diagonal buckling. 

Resistance to diagonal buckling is estimated by assuming a strip of 
web along a 45° line to act as a rectangular column. The dotted lines 
in Fig. 51 show the strip assumed. A column formula is applied to this 
strip to determine the permissible intensity of stress. As previously 
stated, at the neutral axis the intensities of diagonal compression and 
vertical (or horizontal) shear are of course equal, and as the compression 
here is taken as the critical stress in the diagonal column strip it should 
be clear that the intensity of stress permitted in the column strip also 
determines the permissible intensity of shear. 

The application of a column formula to the diagonal strip shown in 
Fig. 51 is necessarily very uncertain. The strip is not separate from 
the rest of the web and the diagonal tension along the edges restrains 
the buckling tendency and in addition the relatively rigid flanges at the 
ends of the strip control the direction of the ends. In view of these 
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conditions it is not reasonable to consider the entire length of the 
diagonal strip as a free column in applying a column formula. Design- 
ers differ as to what portion of the length should be used, and many 
expressmns for the permissible intensity of diagonal compression have 
been dOTeloped by applying various column formulas to the diagonal 
strip, using for L, in the column formulas, values varying from \/2h/4: 
to 's/^h (usually about ■\/2h/2) and for r, tl'\/l2. Some published 
formulas developed in this manner are needlessly conservative. 

The author considers that the most consistent result will be obtained 
when the column formula is adjusted to give a permissible intensity of 
diagonal compression equal to the permissible intensity of average shear, 
when the thickness of the web is 1/50 or 1/60 (depending on the design 
specifications) of its clear depth. This has been done in some recent 
specifications and has the desirable result of making the analysis of the 
strength of rolled-beam webs consistent with what has long been 
standard practice and proved satisfactory, in the design of webs for 
built-up girders. 

This will be illustrated by showing the modifications necessary to 
adapt two widely used column formulas * for use in estimating the 
intensity of shear which will insure safety against diagonal buckling. 

The straight-line formula: 

Si = 16,000 - 70 - (a) 

T 

and the Rankine-Gordon formula: 


Si = 


18,000 


1 + 


L2 


18,000 r2 


(fc) 


in which si = the allowable average stress; 

L = length of the column between points of free rotation, in 
inches; 

r = the radius of gyration of the column section, in inches; 
taken about the axis corresponding to L, and so that 
L/r is a maximum. 


Specifications using the first of these formulas generally permit an 
average intensity of stress in shear of 10,000 lb. per sq. in. and those using 
the second an average intensity of shear of 12,000 lb. per sq. in. Refer- 
ring to Fig. 51 it is clear, as previously stated, that if these formulas are 
applied to the dotted strip, considered as a rectangular column, L is 

* See Chapter IV, or any standard treatise on strength of materials for a discus- 
sion of column formulas. 
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some function of A, and r some function of t. Considering first formula 
(a) we may rewrite it as follows 

V = 16,000 -k- 

t 

where is a new constant which takes account of the relation between 
h and L and between t and r, and which is to have such a value that 
V = 10,000 lb. per sq. in. when h/t = 50 or 60. 

Therefore ^ - fc X 60 

ior -which 

and , 


V = 16,000 - 100 


( 9 ) 


is the expression for the permissible average intensity of shear or of 
diagonal compression in the web of roUed beams which have a web 
thickness less than h/60. In this expression 

V = permissible average intensity of shear or diagonal compression; 
h = clear depth of web in inches; 
t = thickness of web in inches. 


Following the same line of reasoning for the formula (6), and a per- 
missible average intensity of shear of 12,000 lb. per sq. in..* 


from which 


and 


12,000 


18,000 
1 + k' 602 


6000 _ 
12,000 X 3600 “ 7200 


V == 


18,000 


1 h? 

^ 7200 


( 10 ) 


is the expression for permissible average intensity of shear or of diagonal 
compression in the webs of rolled beams which have a web thickness 
less than /i/60. In this expression w, h, and t have the same significance 
as before. 

It should be clear that (9) and (10) are consistent only for column 
formulas and allowable intensities of shear given in this article, but it is 
a simple matter to develop similar formulas which will fit any condition 
specified. 
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These formulas become: 


and 


V 


V 


h 

= 16,000 - 120 

18,000 
1 h? 

^ 5000 <2 


(90 

(100 


when the adjustment is made to be consistent with permitting the 
maximum intensity of shear for web thicknesses equal to or greater 
than 



Fig. 52. 

42. Vertical Buckling. — Directly above a bearing block used to 
distribute a reaction or below a bearing block used to distribute a con- 
centrated load there is a tendency for the web of an I beam to buckle 
laterally because of high compressive stress resulting in column action. 
The student should not confuse this with diagonal buckling; a beam 
may be amply strong with respect to diagonal compression and yet fail 
by buckling laterally at a bearing block. Figure 52, taken from Bui- 
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letin 86, Engineering Experiment Station, University of Illinois, shows 
failure by buckling above an end bearing block. 

The method of estimating the strength of a web in vertical compres- 
sion is similar to that used with respect to diagonal compression. A 
vertical strip of web is assumed to act as a column and a column formula 
applied to determine the permissible intensity of compression in this 
strip. 

It is generally assumed that buckling may occur in one of the ways 
shown in Fig. 53 (a) and (5). Failure in the manner indicated in 
Fig. 53 (a) can result only when both flanges of the beams are held 
against lateral deflection, and against rotation, by positive connections 
to the frame; that shown in Fig. 53 (h) may result when only the bot- 
tom flange is so restrained. 




Fig. 53 . 

If the top and bottom flanges are restrained against relative lateral 
movement or rotation the web must act as a fixed-end column, and if 
only the bottom flange is held in position it may act as a column having 
one end fixed and the other end hinged. The lengths which may be 
used in applying a column formula to the two cases are 1/2 the depth 
and 2/3 of the depth as noted in the figure — the latter generally being 
taken as 7/10. 

The dotted lines in Fig. 54 show the strips assumed; applying the 
column formula 

L 

Si = 16,000 - 70 - 
r 


to the two ways of failure there results: 


Si = 16,000 - 70 


d/2 

t/Vl2 


= 16,000 - 



(11a) 
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*7 (1 d 

Si = 16,000 - 70 X ~ 1^0- (115) 

In these formulas: 

Si = the allowable intensity of compression in the vertical strip of web ; 

t = the thickness of the web in inches; 
d* = the beam depth in inches. 


In most specifications using this column formula s is limited to a maxi- 
mum of 14,000 lb. per sq. in. 






y///^/y 




<5 


t = Thickness of Web 


Fig. 54. 


l| 

I| 

JL 


f 


--v4-- 


Using the same notation and emplojdng the American Institute of 
Steel Construction column formula, we have 


and 


Si 


Si 


Si 


1 + 


1 + 


1 + 


18,000 
1 1 ? 
18,000 ' r2 

18,000 
1 dV4 ” 
18,000 ’fVl2 

18,000 
1 (0.7d)2 

18,000 ' ^ 

12 


18,000 


1 + 


1 


6000 

18,000 


1 + 


1 


3000 


(11c) 


(lid) 


In both (11c) and (lid), s should be limited to a maximum of 15,000 
lb. per sq. in. 

* The actual depth is generally used, but the clear depth would be more con- 
sistent, and in making use of these formulas later in illustrative examples the author 
has used clear depth. 
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Some designers are of the opinion that the stiffness of the flange and 
the restraint generally to be expected from the load will keep the top 
flange in a horizontal plane, and that buckling, when this flange is not 
connected to the frame, may occur as shown in Fig. 52 or Fig. 55 (a), 
but not as shown in Fig. 53 (6). If this is the case the length to be used 
in applying the column formula is the fuU depth of the web, as it is 
clear from Fig. 55 (a) that either half of the web is equivalent to one 
half of a pin-ended column. The formulas are easily adjusted to this 
condition if it can occur. 

The author considers it pertinent to point out that if both lateral 
movement and rotation of the top flange are possible, buckling as indi- 
cated in Fig. 55 (6) may be as likely as that in Fig. 53 (5). The student 



Fig. 55. 

should recall that a column buckling in this manner (Fig. 55, b) has the 
strength (or weakness) of a hinged column of twice its length (2d in this 
case), and should immediately recognize the danger in such a situation. 

The length of the web along the beam which may be considered as 
resisting the column action due to the vertical load is almost universally 
taken as the length of the bearing block plus 1/4 of the depth of the 
beam for an end reaction or load, and the length of the bearing block 
+ 1/2 of the depth of the beam for an interior load or reaction. These 
lengths are indicated in Fig. 54. Using the notation shown in Fig. 54 
and that used above for formulas (11) we .may write: 

R = maximum allowable end reaction or load; 

W = maximum allowable interior load or reaction. 

R = sil(b + 0 ( 12 ) 

W = sit(bi + I) 


( 13 ) 
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The effective lengths of web to be used in computing the resistance 
to vertical loads given here are those recommended in the “ Pocket 
Companion,” pubUshed by the Carnegie Steel Company. They are 
said to be based on numerous tests and have been very widely accepted. 
So far as the author knows the records of the tests have not been 
pubhshed. 

43. Direct Compression. — Whatever length of web may be assumed 
as resisting the column action, above or below a concentrated reaction 
or load, it should be borne in mind that the load must be delivered to 
the web directly over or under the bearing block. In deep beams there 
may be severe overstressing of the web at the junction of the web and 
flange, even though application of the above formulas indicates adequate 
resistance to vertical buckling. As pointed out by C. W. Hudson 



a. 


Tttftttfttttttftf I V, 

I I ^ 

|<. ^ 


(b) 


{Engineering News, Dec. 9, 1909) the intensity of vertical compression 
in the web under a bearing block may be estimated from 

where fc = the intensity of vertical compression in the web; 

P = the reaction or load; 

h = the length of the bearing block along the web; 
t = the thickness of the web. 

Figure 56 (a) shows an enlarged view of a portion of the beam in 
Fig. 54, cut from around the end bearing block by a vertical plane at 
the right-hand edge of the bearing block and a horizontal plane coin- 
cident with the plane of intersection between the web and the flange. 
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The internal and external forces acting to hold the part in equilibrium 
are indicated. It should be clear that 

R = fcht + yp 

Brief consideration of the distribution of shear across the section 
of an I beam should convince the student that the quantity Fi? is very 
small, and that no material error results from neglecting it so long as 
the beam formula is valid, i.e., for stresses within the elastic limit. 
If Ff is neglected Hudson^s formula follows directly. 

Even though actual calculation of Fj? is never necessary in actual 
design, it is desirable that the student get a reasonable notion of how 
large it may be under normal conditions. The following simple analysis 
will permit calculation of Fj? with any desired precision, for stresses 
within the elastic limit, and the approximate form will give values of 
Vpy as a percentage of the external shear at the section, which are always 
within 2 per cent and generally within 1 per cent. 



Cut a very short section of flange from the beam by two vertical 
planes Xi and X 2 {Xi is coincident with the right edge of the end 
bearing block), and a horizontal plane which is coincident with the 
plane of intersection of the web and flange. Figure 67 (a) shows the 
planes which cut out the portion of flange, and Fig. 57 (b) shows to an 
enlarged scale the piece cut out and the forces acting on it. 

Applying the laws of statics: 

(T 2 - Ti)y = F^ ds 

If the beam formula is valid, i.e., if the stresses are within the elastic 
limit, 
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In which V, Q, and I have the usual significance. (See Art. 40.) Then 


(72 - Ti)y 


y ds = Vf ds 


y = the distance from the horizontal plane to the line of action of 
the total direct stress acting on the portion of flange under consideration. 

This expression may be used for as precise an estimate of 7^ as is 
wanted, but the labor of finding y may be considerable, and the following 
approximation is sufficiently accurate. 

Let m = the flange thickness; average thickness for tapering flanges; 
6 = flange width, as shown. 

Assume y = m/2, and that the distance from the horizontal plane to the 
centroid of the flange area = m/2 (not an assumption 
for flanges with parallel sides). 


Then Q = hm\ 


d -- m 


(^)= 


I = 26m' 


neglecting the web. And 


d — m\ 

2 / m 

d - mV ^ 2 


' (d - m) 

It will be of interest to apply this approximate formula to a specific 
case. For example, consider a 12-in. I at 31.8 lb. per ft. 


0.738 -f 0.350 


= 0.544, 


d - m = 12.00 - 0.544 = 11.456 


Vp = 2.37% of V 
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Use of the more precise formula shows that, more accurately, 

Vf = 3.32% of V 

In other words the approximate formula gives an estimate of F;? in 
terms of V which is within 1 per cent of being exact. Applying the 
approximate and precise formulas to a 3-in. I at 7.5 lb. (the case for 
which the approximate formula is least accurate) leads to the following 
results : 

Approximate formula: Vp = 4.75% of V 
Precise formula: Vf = 6.83% of V 


Applying the formulas to the Carnegie wide-flange beam 36 in. deep 
at 300 lb. per ft. gives the following: 

Approximate formula: Vf — 2.43% of V 
Precise formula: Vf = 2.07% of V 

The cases cited illustrate the comparative accuracy of the precise 
and approximate methods of estimating Vf, and, which is more impor- 
tant, indicate the accuracy with which Hudson’s formula gives the ver- 
tical compression over or under a bearing block for stresses within the 
elastic limit of the material. 

As implied in Art. 40, it is always assumed that the web of an I beam 
resists all the shear. The approximate formula for Vf just found 
permits an easy and reliable estimate of the accuracy of this assumption. 
Evidently the web actually resists a shear of 


7^ = F - 2Ff = FI 



(17) 


The figures previously cited show that the web resists from 90 to 96 
per cent or more of the external shear at any section so long as stresses 
are within the elastic limit. 

It should be noted that the intensity of stress found by the methods 
just discussed is not the maximum intensity of web compression, but 
only a very close approximation of the intensity of compression in a 
vertical direction. The direction and magnitude of the maximum 
intensity of web compression at a bearing block depend also on the 
intensity of direct stress due to flexure. When the direct stress is small 
compared with the vertical stress, as at an end bearing block, the mag- 
nitude and direction of the maximum intensity of web compression will 
not differ greatly from the magnitude and direction of the vertical com- 
pression, and the latter may be used for design purposes. At an interior 
bearing block the direct stress from flexure will be large, but the shear is 
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likely to be small or zero, and the magnitude and direction of the 
maximum intensity of web compression still will not differ greatly from 
that of the vertical compression, which may be used for design pur- 
poses. At a bearing block where both direct stress from flexure and 
shear are high, as for a beam with an overhanging end, the maximum 
intensity of web compression may be appreciably increased and in such 
cases the intensity of vertical compression should be kept low. 

The intensity of stress which should be permitted in vertical com- 
pression in the web is not mentioned in any specification so far as the 
author knows. Professor Moore, in Bulletin 68, University of Illinois 
Engineering Experiment Station, and Professors Moore and Wilson in 
Bulletin 86, University of Illinois Engineering Experiment Station, 
state as a result of their tests that : '' It is unwise to regard the ultimate 
compressive fiber stress in the web adjacent to a bearing block as higher 
than the yield-point strength of the material at the root of the flange. 
Moreover, the fact should be borne in mind that the material at the root 
of the flange of an I beam has a yield-point strength somewhat lower 
than the material in the flange or in the web. In the absence of special 
tests the yield-point strength of structural steel at the root of the flange 
of an I beam may be taken as about 30,000 lb. per sq. in.'^ It has been 
common practice for some years to allow a compressive stress of 24,000 lb. 
per sq. in. on the ends of stiffener angles and in other cases of metal 
bearing on metal. Assuming this to be a satisfactory value (some 
engineers consider it too high) it seems reasonable to say that the verti- 
cal compression in the web at its junction with the flange should cer- 
tainly not exceed that amount. The two cases are not strictly 
analogous, and the author believes that 24,000 lb. per sq. in. is high 
rather than low. Failure of an I beam could result more easily from 
local crushing of the web over a bearing block (by the flange folding 
over towards the web followed by buckling of the web) than from local 
crushing of the ends of stiffeners. There could evidently be consider- 
able local crushing (not buckling) of stiffener ends without the stiffeners 
allowing the flange to fold over towards the web. 

Other engineers apparently do not agree with the author regarding 
this permissible intensity of stress. For example, a table of maximum 
bending moments and web resistances of standard I beams (page 127, 
Pocket Companion 1931 Abridged Edition) gives the safe end reac- 
tion for a 20-in. I at 65.4 lb. on a 3^in. bearing block as 49,900 lb. 
The vertical compression in the web just above the bearing for that 
load would be 

49,900 
3.5 X 0.5 


= 28,500 lb. per sq. in. 
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For the same beam and same length of bearing “ Steel Construction ” 
and “ Pocket Companion,” 24th Edition, give for the safe end reaction 
60,400 lb., making the vertical compression 

~ - = 34,500 lb. per sq. in. 

3.6 X 0.5 

As would be expected from the manner in which these tables are com- 
puted the intensity of vertical compression is high for deep beams and 
less for shallow beams, becoming less than 24,000 lb. per sq. in. for 
standard I’s 9 in. deep and smaller. 

Whenever the vertical compressive stress over or under a bearing 
block becomes excessive one of three things should be done: the bearing 
block should be made longer, a beam with a thicker web should be used, 
or tight-fitting bearing stiffeners should be provided. The latter course 
is objectionable because of the expensive shop work necessary to secure 
the tight fit against the flange of the beam, which is essential in a bear- 
ing stiffener. 

44. Illustrative Examples. — The design of beams in which web 
strength is a factor is iUustrated by the calculations given on Sheets 1 
and 2 of DPS, and Sheets 1 and 2 of DP4. 

DPS. — The sketch on Sheet 1 of DPS shows the framing arrange- 
ment planned to support an existing building column temporarily 
during a reconstruction operation. The coliman in its original position 
has a 12 by 18 base plate through which it is bolted to a cast-steel 
pedestal. The plan of procedure is to place the beams BB and B3, 
after the supports A, B, C, and D are prepared, then by means of 
attachments coimected to the column some distance above the base, 
and jacks supported on temporary timber cribbing, hft the column 
enough to allow removing its pedestal and placing the beams Bl. 
After all beams are in place the column will be brought to a bearing on 
them and the jacks and cribbing removed, allowing the necessary work 
beneath the column to be performed. 

The student should note that two 24-in. I’s at 79.9 lb. would have 
sufficient strength to resist the bending moment developed in the 
beams 57 (7/c = 2 X 173.9 = 347.8) but that their webs would not 
provide sufficient area for direct compression under the base plate of 
the column (2 X 12 X 0.5 = 12.0 sq. in.; 17.08 sq. in. needed), or 
sufficient web area to resist safely the tendency to vertical buckling 
under the column ([12 -f- 12] X 0.5 X 2 = 24.0 sq. in., 27.3 sq. in. 
needed). Note also that two 24-in. I’s at 85 lb. would provide more 
than enough bending strength and sufficient web area to resist buckling 
([12 -1- 12] X 0.563 X 2 = 27.0 sq. in.) but not enough web area to 
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resist vertical compression in the webs under the column base plates. 
The design of the beams B1 is then controlled by vertical compression 
in the webs under the bearing block. 

Attention is called to the use of clear depth in applying the column 
formula to determine permissible intensity of stress in the web as a 
column. The author pointed out in the footnote on page 86 that the 
use of clear depth is consistent although the overall depth is perhaps 
more commonly used. Had overall depth been used here the permis- 
sible column stress in the web would have been found to be 


18,000 



= 15,400 lb. per sq. in. 


Attention is called to the fact that the calculations as given assume the 
top flanges to be held against lateral movement or rotation at the load 
point by the load. 

Particular emphasis should be placed on the necessity for laterally 
bracing beams which rest freely on supports, or on other beams, against 
the possibility of overturning. In temporary construction of the kind 
illustrated in the design, DP3, the bracing would probably be in the 
form of bolted timber struts. In the next design, DP4, the grillage is 
part of the permanent construction and the beams will be braced by 
solid concrete encasement. 

DP4. — The design calculations for the grillage footing are based on 
the assumptions: (a) the column load is uniformly distributed over its 
area in contact with the slab, (6) the load applied to the slab is uni- 
formly distributed over its bottom area in contact with the upper tier 
beams, (c) the load from the upper tier beams is uniformly distributed 
over their area in contact with the lower tier beams, and (d) the total load 
is uniformly distributed to the caisson over the area determined by the 
outer boundary lines of the lower tier of beams. The last assumption 
can be true only if the concrete encasement between the beams is fully 
effective in distributing load from above into the caisson. 

With these assumptions in mind the student should be able to follow 
the design calculations for the beams. It may be well to point out that 
in determining the necessary web area to resist buckling a side calcula- 
tion for the permissible intensity of stress was made and found to be in 
excess of 15,000 lb. per sq. in. for any beam within reasonable range; 
consequently 15,000 lb. per sq. in., the maximum permissible stress, 
was used in all cases. It will be noticed that 20-in. Ps at 70 lb. would 
have had suflScient bending strength for the upper tier beams but insufli- 
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dent web thickness to resist safely either direct compression or buckling, 
and attention is called to the fact that amj standard 24-in. I has sufficient 
strength in bending but that no standard 24-in. I has sufficient web 
strength. The latter statement is also true with regard to standard 
18-in. I beams. 



Fig. 58. 


In order to clarify the calculations made in designing the slab, 
Fig. 58 is presented. Figures 58 (a) and (c) show the distribution of 
load and the resulting shear and moment diagrams for the slab in exact 
accordance with the assumptions of the first paragraph in this article, 
and Figs. 58 (h) and {d) show the distribution of load and the resulting 
shear and moment diagrams as actually used m making the design. 
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Other modifications of the assumptions illustrated in (a) and (c) of 
Fig. 58 are used in design and may be found stated in various textbooks 
and in steel manufacturers’ handbooks. It seems pertinent to point 
out, however, that stiffness of the slab is more important than strength; 
its function is to distribute the column load over the beams, and that 
duty is most effectively met where the slab' is made thick to minimize 
its deflection into a dish shape. Dishing ” of the slab necessarily 
reduces the pressure on the beams at the outer edges of the slab and 
intensifies it at the center. Consequently “ dishing ” should be reduced 
as much as possible, and not used as an argument for a thinner slab. 

45. Allowance for Holes in Beam Flanges. — Occasionally it is neces- 
sary to provide open holes in one or both flanges of an I beam to receive 
brick and stone anchors, to allow passing wall reinforcement rods 
through the flanges, or to allow bolting on a timber naihng strip. Such 

holes reduce the strength of the beam and 
are usually allowed for in design if near 
the section of maximum moment. At first 
glance such an allowance would seem to be 
a simple matter, but the effect of holes in 
one flange of an I beam is not definitely 
known. Some designers assume that the 
neutral axis of an I beam with holes in one 
flange shifts to the center of gravity of the 
net section; others consider that the posi- 
tion of the neutral axis is dependent on 
the deflection or bending of the beam and 
that a few holes in one flange cannot affect 
it appreciably. The latter view seems the more reasonable, but a 
thoroughly satisfactory analysis has not yet been developed from either 
assumption. As a matter of practical design the matter hardly seems 
worth extensive debate. The author makes a practice in design compu- 
tations of deducting holes from both flanges if there are holes in either. 
The error, judged by such standards as are available, is on the safe side, 
and usually quite immaterial. It is probably more important to note 
that whereas many designers and textbooks are concerned only by 
holes in the tension flange, holes in the compression flange are just 
as weakening, since brick and stone anchors, or bolts for fastening 
on nailing strips, do not fill the holes. 

The obvious way to make an allowance for flange holes is to deduct 
the moment of inertia of the material cut out by the holes from that of 
the gross section and from this corrected moment of inertia compute 
the fiber stress or the net section modulus. This method is direct and 
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always correct, but the following approximation is simpler as a design 
procedure, and the author has found it entirely satisfactory. 

Figure 59 shows an I beam with a hole in one flange. In accordance 
with the procedure stated above, assume a hole of equal size in the 
opposite flange. The reduction in the moment of inertia due to the 
actual hole and the assumed hole is 

2Ay^ 

in which A — the area of the metal cut out by the hole; 

y — distance from neutral axis to center of gravity of hole, 
as indicated. 

Similarly the reduction in section modulus is 
2Ay^ 4Ay^ 
d ~ d 
2 

d • = the depth of the beam. 

The y is very nearly equal to d/2 and may be assumed equal with 
sufficient accuracy. The reduction in section modulus then is 
2 

- Ad 

The design procedure then is to find the necessary section modulus, 
without holes in the beam, add to it the quantity Ad^ and select a beam 
accordingly. 

As an illustration assume that a beam having a span of 20 ft. is to 
carry a uniformly distributed load of 1750 lb. per ft., and to require one 
line of 7/8-in. holes in one flange (actual hole 13/16 in. for 3/4 in. bolt). 

20^ 

Moment = 1750 X — = 87.5 ft.-kips 

o 

12 I 

at — , - = 58.3 net 
18 c 

„ 1 -r A 1 7* orti allowance 

For a standard 15-m. I, Ad = in. X f m. X 15 m, = 8 . 2 j ^q 10 s 

Eequired J/c = 66.5 gross 

Use 15-in. I at 55 lb., I/c = 67.83 

In the above calculation the quantity 7/8 in. X 5/8 in. is the area 
of metal cut out by a 7/8-in. hole from the flange of a standard 15-in. I — 
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the thickness of the flange of a 15-m. I, at the point where a hole is 
usually placed, being 5/8 in. if the beam weighs 55 lb. per ft. 

46. Beams with Cover Plates.— It is sometimes necessary to rivet a 
plate on one flange, or one on each flange, of an I beam to support brick, 
stonework, sash or doors, etc., or to increase the capacity of the beam. 
The increase in the capacity of a beam resulting from the addition of a 
plate on one flange is small, unless the beam is to be designed with differ- 
ent intensities of flange stress; in that case the addition of a plate on the 
flange which is to have the lower intensity of stress will be a material 
help. 

The design of a beam with a plate on one flange is necessarily a 
matter of trial, assuming a beam and plate, with the aid of whatever 
limits are available, and calculating either the section moduli of the 

combination or the ex- 
treme fiber stresses pro- 
duced by the load it 
supports. Often limi- 
tations are placed on 
the size of the beam or 
plate by the character 
of the material sup- 
ported or the conditions 
of support. 

The author has fre- 
quently found the fol- 
lowing approximate procedure helpful in selecting a trial beam and 
plate. Figure 60 shows an I beam with a cover plate on the compres- 
sion flange. Using the notation given in the figure, and also 

Ai = the area of the I beam; 

Ap = the area of the plate; 

fc = the maximum permissible intensity of stress in the compres- 
sion flange; 

fi == the maximum permissible intensity of stress in the tension 
flange; 

ft d _ _ d , A^y 

-2 + !'-5 + I7TX, 

In this expression df and d are very nearly equal and y is nearly 
equal to /2, It is not much in error to say that 

dl 

d' ^ d and 2/ = — 
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and making these substitutions 


/ ^ (V J- 

+/c' + 


d' 

2 


very nearly. 


Solving this expression for Ap 



(18) 


The student should understand clearly that this expression is 
approximate and should be used primarily as a guide in selecting a 
suitable combination. The combination chosen should always be 
checked by the fundamental procedure outlined at the beginning of 
the article. In making use of the expression, ft is taken from the design 
specifications. The intensity fc is determined by the design specifica- 
tions also, but only after 6, the width of the plate, has been chosen 
(the width of the plate is often fixed by the load to be supported or by 
limits on compression flange width). Ai may be estimated by finding 
an I beam which will carry the given loads at the usual stress of ft 
and choosing a beam of the same depth about two weights lighter; 
i.e., if an 18-in. I at 65 lb. per ft. (without any cover) is strong enough 
to support the given loads at the usual stress try an 18-in. I at 54.7 lb. 
per ft. and add a cover plate the area of which is determined from expres- 
sion (18). 

DP5. — As an illustration the design calculation sheet DP5, Sheet 1 
is presented. It will be noticed that the I /c required for a beam with- 
out covers, working at the usual unit stress of 18,000 lb. per sq. in., was 
first found as 63.8. The nearest standard I beam of reasonable depth 
is the 15-in. I at 50 lb. per ft. having an J/c of 64.2. A size two weights 
lighter, i.e., the 15-in. I at 42.9 lb. per ft., was chosen for trial. The 
I beam having been chosen, a plate width of 9 in. was selected which 
made it possible to determine the permissible compression stress from 
the specifications. The trial area for the plate was then found as indi- 
cated, the properties of the compound section calculated, and the 
actual fiber stresses found. The author would consider the stresses 
found on the first trial as satisfactory, but a second trial was made to 
indicate the effect of adding 1/16 in. to the cover plate thickness. The 
student will find that generally a plate of shghtly larger area than is 
given by (18) is desirable. 

It may be well to point out in connection with this problem that a 
wide-flange beam (either Bethlehem or Carnegie), 14 in. WF at 68 lb. 
per ft., having a permissible compressive stress of 12,140 lb. per sq. in. 
for a laterally unsupported span of 30 ft., has adequate strength, and if 
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there is no objection to the bottom flange being as wide as the top may 
be more economical even though about 12 lb. per ft. heavier. The 
designer must always keep in mind that the use of compound sections 
requiring considerable shop work may sometimes be more costly than 
heavier rolled sections which do not require so much shop work. No 
general rule can be laid down; a satisfactory solution depends on the 
costs for a particular shop and on material prices at the time of con- 
struction, neither of which can be taken into account in a textbook 
discussion. 

When plates are to be riveted to both flanges to increase the capacity 
of the beam the following procedure is sufficiently accurate in most cases. 
Subtract from the moment to be resisted the moment which the beam 
alone is capable of resisting, and divide the remainder by the depth of 
the beam plus the estimated thickness of the plate on one flange; this 
evidently gives the total stress in the plate on each flange, and dividing 
this total stress by the permissible fiber stress gives the net area required 
for the plate on the tension flange. The plate on the compression 
flange is ordinarily made the same size. In determining the bending 
moment which the beam alone can resist it must be remembered that 
the extreme fiber stress on the beam is not the maximum permissible, 
but that amount multiplied by the ratio of the depth of the beam to the 
overall depth of the compound section, and also that holes must be 
placed in the flange of the beam for riveting on the covers — unless they 
are welded on. The holes in the beam flange can be allowed for nearly 
enough by adding their area to the required net area of the cover 
plate. 

The method of design described above results in a very close approxi- 
mation and has been found satisfactory in all cases in which the author 
has applied it. If greater precision is wanted, however, it is easy to 
modify the method to secure results which are exact, so far as the beam 
formula is exact when applied to compound sections with the component 
parts riveted together. 

If the plates are not required for the full length of the beam the 
points at which they may be cut off can be determined by one of the 
methods given under Plate Girders.^’ 

So wide a range of heavy rolled-beams is now available that there is 
seldom any occasion for adding plates to beams. Reinforcing an 
I beam with cover plates results in expensive shop work and should not 
be resorted to unless conditions prevent the use of a heavier or deeper 
beam. However, it is sometimes necessary to make use of available 
material, and adding cover plates may be unavoidable. 

Increasing the capacity of a rolled beam by the addition of cover 
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plates will result in larger shears than are usual in the unreinforced 
beam, and the student is cautioned always to investigate the strength 
of the web in such cases. 

DP6. — In order to illustrate the design procedure just described, the 
design calculations on Sheet 1, DP6, are presented. No explanation 
should be necessary except perhaps that it is customary to assume in 
design calculations that the holes for 3/4-in. rivets are 7/8 in. in diameter, 
as will be noted later. In the calculation for area of holes in the I beam 
flange, 7/8 X 13/16 X 2, the 7/8 in. is the diameter of the hole as just 
stated, the 13/16 is the thickness of the beam flange at the point where 
rivets are generally located (taken from Steel Construction^^), and 
the 2 for 2 holes as shown. The capacity of the unpunched I beam, 
189.5 ft.-kips, was also taken from ‘'Steel Construction.’' 

As stated previously in this article, the design procedure presented 
is easily modified to secure an “exact" design, if that is wanted. On 
the same sheet with the approximate design two exact solutions are 
given without explanation. They are “exact" in the sense that if 
cover plates 3/4 in. thick, each of exactly 8.68 sq. in. net area, are pro- 
vided, and the moment of inertia of the compound section with two 
holes out of each flange is computed, application of the beam formula 
will give a computed extreme fiber stress of exactly 18,000 lb. per sq, in., 
within the limits of accuracy of the slide-rule calculations leading to 
the 8.68 sq. in. net area for each cover plate. These solutions should be 
carefully studied to make sure that the underlying principles are clearly 
understood. 

47. Bending in Two Directions. — ^Beams subjected to inclined loads 
or to lateral as well as vertical loads have sometimes to be considered. 
Like beams with plates on one flange their design is largely a matter of 
trial. It consists in choosing what seems to be a reasonable section or 
combination of sections, aided by whatever facts are available, and com- 
puting the maximum fiber stress to make sure that it does not exceed 
the allowable value. If the maximum stress is found to be materially 
in error the section must be modified and the stress recomputed. The 
analysis is most easily made by resolving the inclined load into com- 
ponents parallel to the principal axes of the section, computing the stress 
in the extreme fibers due to each component, and adding the values 
algebraically. 

It should be recalled from study of the mechanics of materials that 
the extreme fiber stress in such cases may be found from ; 


5 = 


Mici 


db 


M2C2 

nr 


h 


(19) 
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Beam BH5 ^ 

, A Beamw/ffiT 

Span =20'-0" c. foe. Bps. {ConfmM_usJ^era/ popporf) Bottom Cover 

Load =80(X)*A Tofa/ ^ ^ 1331 | 7.0.8 

20"! @ 7SVf/t fo be used wifh covers Stifit. I °f’f . 


Momenf=-kx8'’/rX2(B= 400* 


Sheef ) oFJ 
AAS.C. Specs. 


Assume ^''covers and -^''ho/es for^" rivets 
Momerf carried by I ^j^xlSS.S =^176 



(/-7O''J07S#X 

lM3i"x^"PIs.i 


^ IPJA s^ J2$.5^1n cover 

@ IS area = 7JO °'^j7et 

Holes In flange of I -jxj§xf =142 

„ 8.62°"' net 

Use ISjx-^ "covers 

. Net area =(l3H^i)i 


■Holes 


Design by Exact Moment MethoH 
Mx -moment carried by I- beam a/one 
Mi= ?SS.SX.^^ =!76B* 

Allowance for holes (both flanges) 

i = JMl 


Moment = 


TT-l.t 


4 . = ms^ 

8.68^"net 

Required net area 
of cover p/. = 8.68° " 


Design by Exact Section Modulus Method 

Sj - Equivalent Section Modulus of I-beam alone 
Acn -Heaulred net area of cover plate 
Si = !2S.35X-^^ = H7.S 

Allowance for botes (both flanges) 

^x%X2xI§^X!S.1$ =24.4 


Moment - 400*^ 


(S>4->f =266.7 




DP6. 
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in which s = the resultant stress in the fiber in question; 

Ml = the bending moment about principal axis l-l; 

Cl = the distance from axis 1-1 to the fiber in question; 

Ji = the moment of inertia of the section about axis 1-1; 
M 2 j C 2 , and I 2 are corresponding quantities referred to 
principal axis 2-2. 

The axes 1—1 and 2-2 are perpendicular to each other, and the 
axis 1-1 is generally, but not always, horizontal. Of course this rela- 



Fig. 61 . 

tion can be true only when the resultant load passes through the center 
of gravity of the section as shown in Fig. 61 (a), and though this condi- 
tion of loading is desirable it is not common. More common conditions 
of loading are shown in Fig. 61 (b), (c), and (d). Applying the general 
method in such cases ignores the fact that the resultant load does not 
pass through the centroid, and leads to results which are erroneous. 
Exact analysis necessarily involves consideration of the torsion of non- 
circular sections, which is extremely diJQficult and complicated, and a 
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practical impossibility as a design procedure. The author considers it 
sufficiently accurate to assume that the vertical component of the load 
is resisted by the beam as a whole, and that the horizontal component 
is resisted by the loaded flange alone — the top flange in the cases 
illustrated. 

Unsymmetrical sections are sometimes encountered, such as shown 
in Fig. 62. A common mistake in dealing with unsymmetrical sections 
is to assume that the beam formula may be applied about axis A-A for 
vertical loads, or about axis B-B for horizontal loads; this is not true 
unless the conditions of support compel the section to deflect about 
these axes without twisting. The 'principal axes are inclined, and in 
Fig. 62 are indicated as A'-A' and B'~B'] but having found these 
axes and the properties of the section referred to them it is incorrect to 
apply the general expression given in this article unless the resultant of 
the loads passes through the centroid of the section. 

In general, unsymmetrical sections 
should be avoided in structural design 
unless they can be so supported as to 
compel deflection, about some convenient 
axis, 'without rotation. The student 
should be able to analyze such sections, 
however, and will find the appropriate 
methods discussed in texts* on the 
mechanics of materials. 

DP7. — The preceding discussion is 
illustrated by the calculations shown 
on the design sheet DPT, Sheet 1. In 

each of the two designs shown, the beam under consideration is subjected 
to lateral forces, resulting from the side thrust or nosing of the crane, in 
addition to the vertical loads. Furthermore, the top flanges are without 
lateral support between the ends and therefore must have a reduced in- 
tensity of working stress in the compression flange in order to comply 
with the design specifications. As previously stated any design of this 
type is a matter of trial, and the design sheet shows only the determina- 
tion of the maximum moment and the calculation of actual fiber stress in 
the section finally chosen. A mental estimate is sufficient in each case to 
show that shear is not a factor in the design. Attention is called to the 
fact that in estimating the stress due to lateral forces the top flange in 
each case is assumed to resist all the lateral force. It will be noticed 
that the moment of inertia (or section modulus) of the top flange of the 

* “Strength of Materials/^ G. F. Swain, McGraw-Hill. “Advanced Mechanics 
of Materials,” F. B. Seely, Wiley & Sons. 
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beam, about the axis in the central plane of the web, is taken as one- 
half the moment of inertia (or section modulus) of the entire beam about 
the same axis. Such a procedure neglects the web of the beam; the 
student should investigate the matter and satisfy himself that it yields 
a substantially correct result. 

It is important to observe that a single rolled section, a 30-in. WF 
at 172 lb. per ft., would serve as well as the compound section chosen 
for the beam RB 6 . Also it would be only about 32 lb. per ft. heavier 
than the compound section, a difference so small as to be more than 
offset, in most cases, by the cost of fabricating the former. This is a 
further illustration of the statement that the present range of wide- 
flange heavy beams is such that compound sections are now justified 
only in unusual cases. 

It may be worth while to explain a procedure which is sometimes 
useful in selecting a single rolled section to resist bending in two 
directions. If 

s = the maximum permissible fiber stress 
Ml = bending moment about axis 1-1 
M 2 — bending moment about axis 2-2 
81 = section modulus about axis 1-1 
S 2 == section modulus about axis 2-2 * 

then 

Ml , M 2 
® “ -Si & 

and 

+ ( 20 ) 



The axis 1-1 is generally the axis about which the bending moment 
has the larger value. The ratio 81 / S 2 varies approximately in accord- 
ance with the depth but bears no exact relation thereto. The variation 
is from 4 to 14 for standard beams, from 3 to 12.5 for light wide-flange 
beams, and from 3 to 8 for heavy wide-flange beams. These ratios are 
based on 82 for the entire section and would be doubled if the lateral 
forces were to be resisted by one flange only. Experienced designers have 

* Section modulus about axis 2-2 should be for one flange only if lateral force 
acts on but one flange. 
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Crane. Runway Beams RB3 

Span 20-0" c. foe. Bgs. No laf-era/ support between ends. 


Vert/ca/ Moment 

l.L ’^//2.S'^ = 22.Sx^ 

fmpaci 2S7o - Z 8. Z ..2 
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Crane Runway Beam RB6 
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8 
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these approximate ratios in mind and use the above relation to get a 
quick mental estimate of the necessary beam size, after which it is easy 
quickly to select the most suitable section. The author has plotted the 
ratio S 1 /S 2 against beam depth but does not find that such charts are 
much more useful than remembering the approximate range of the ratios, 

48. Limited Deflection. — When beams support a plastered ceiling 
it is usual to specify that their total deflection, or sometimes their live 
load deflection, may not exceed a certain amount, in order to prevent 
cracking of the plaster. A common limit, which seems to have developed 
as the result of general observation and experience rather than by 
specific tests, is 1/360 of the span. The application of this limit is not 
uniform, some authorities limiting the total deflection to that amount 
and others limiting the live load deflection to the same amount. The 
reason generally given for limiting live load deflection only is that the 
plaster is put on after practically all the dead load is in place and that 
therefore it is only the further deflection due to live load that needs to 
be considered. The author has not as yet found any positive evidence to 
support either position, other than the dogmatic statement of various 
authorities. It seems best, however, to limit the total deflection; 
limiting live load deflection only wiU result in a rather flexible structure 
in many cases. 

Most specifications for bridge design, and some which govern build- 
ing design, restrict deflection by establishing limits on the ratio of the 
depth of beams to their span length. Common limits are 1/15 for 
railway bridge work, 1/20 for highway bridges, and 1/25 for buildings. 
Of course many other limits have been proposed and used but these 
represent probably the most common practice. Placing a limit on the 
depth-span ratio is not definite unless the permissible fiber stress is also 
fixed, and the limits just given were established, in most cases, for a 
unit stress of 16,000 lb. per sq. in. 

The student will remember from mechanics that the deflection at 
the center of a uniformly loaded prismatic beam may be found from 


5 WL^ 
384 El 


( 21 ) 


in which A = the deflection, in inches; 

W = the total load, in pounds; 

L = the span, in inches; 

I = the moment of inertia about the neutral axis, in inch 
units; 

E = the modulus of elasticity, in pounds per square inch. 
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This may be written 


A 


A A! 

m Ec' 


or 


A A! 

4.^' Ed 


for symmetrical beams 


in which A, E, and L are as before; 

s = the extreme fiber stress, in pounds per square inch; 
c = the distance from the neutral axis to the fiber in which 8 
occurs, in inches; 

d — the depth of the beam, in inches. 


In general this may be expressed by 



( 22 ) 


In which A, s, L, E, and d are as before, and Ci is a factor which takes 
account of the condition of loading, and lack of S3anmetry when this 
occurs. This is a very important relation and states that for a given 
span and condition of loading the deflection varies directly as the fiber 
stress and inversely as the depth. 


If 



fc = Cl 


sL 

Ed 


For a uniformly loaded beam Ci = 10/48, and when, for a stress of 
16,000 lb. per sq. in., d/L is fixed at: 


1 

II 

1 

00 1 o 

X 

16 
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30,000 

1 

, 10 
*-48^ 

16 

20’ 

30,000 

1 

X 

O 1 00 

r-4 1^ 

II 

16 

25’ 

30,000 


X 15 = 
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1 
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X^^-360 


If the unit stress is 18,000 lb. per sq. in. these become for 


L ~ 15’ “ 16 ^ 600 “ 1600 

^_J^18 J 1_ 

L~ 20’ “ 16 ^ 450 ~ 400 

_d__l_ ^^ J_ = JL 

L “ 25’ * “ 16 ^ 360 ~ 320 
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Specifications for design often require that when a beam depth less 
than a certain limiting fraction of the span must be used the extreme 
fiber stress must be so modified that the deflection will not be more than 
would occur if a beam of the limiting depth, working at the usual fiber 
stress, had been used. 

For example, given a basic unit stress of 18,000 lb. per sq. in. and a 
d/L limit of 1/25, assume that a beam 12 in. deep must be used on 
span of 30 ft. 


30 X 12 
25 


14.4 in. 


and the stress used in design must be 
12 

X 18,000 == 15,000 lb. per sq. in. 


Many instances occur in design in which deflection may be an impor- 
tant factor. In Fig. 63 is shown a combination of two beams of different 

depths serving as a spandrel 
girder in the wall of a building. 
Such combinations are often 
seen, and the beams are some- 
times designed separately at 
the basic unit stress. It seems 
obvious that these beams must 
have equal deflection, unless 
relative movement inside the 
wall is to take place. If the 
beams are to act together they 
must be designed to work at 
unit stresses proportional to 
their depths. Another way of 
saying the same thing is that they must partition the total load in pro- 
portion to their respective moments of inertia. This may be expressed 
mathematically as follows: 

W = total load to be carried; 

Wi = part of load carried by beam 1; 

W 2 = part of load carried by beam 2; 

/i = moment of inertia of beam 1; 

I 2 = moment of inertia of beam 2. 




(Ji + 12 ) 


W 


(23) 
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PLATE GIRDERS 

49. Design Assumptions. — Plate girders are ordinarily designed by 
a method based on the following assumptions: 

1. The shear is carried entirely by the web and is uniformly dis- 
tributed over it. 

2. The intensity of stress in the flange (flange angles and plates) is 
uniform across the flange section, and the intensity of stress in the web 
varies as the distance from the neutral axis, the intensity on its extreme 
fiber being equal to the intensity of the flange stress. 

60. Basis of First Assumption. — ^Figure 64 shows in full lines the 
variation in intensity of shear across a plate girder section as computed 
by VQlIt, and in dotted lines the distribution generally assumed. As 
shown by the diagram the intensity of shear is fairly uniform over the 
greater portion of the depth, and evidently most of the shear is carried 



by the web. For the girder shown, about 93 per cent of the total shear 
is carried by the web, and the intensity of shear, assuming it to be 
uniformly distributed, is 8000 lb. per sq. in., while the intensity of shear 
at the neutral axis as computed from VQ/It is 9050 lb. per sq. in. 
Design specifications recognize that the average shear is less than the 
maximum by setting the permissible average shear at a lower figure 
than the maximum safe intensity. 

61. Basis of Second Assumption. — The second assumption is made 
because it is convenient to consider the entire flange stress as acting at 
the center of gravity of the flange area. Evidently if the stress were 
uniformly distributed the center of gravity of the total stress and the 
center of gravity of the area on which it acts would coincide. Figure 65 
shows the variation in stress intensity across two girders, one deep and 
the othpr shallow. If the extreme fiber sfress is th§ same for each it ig 
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obvious by inspection that the assumption of uniform distribution 
across the flange though approximately true for the deep girder becomes 
considerably in error for the shallow one. For very shallow girders the 
method of design under discussion results in a section which is too light, 
and should be modified or some other method used. 

52. Design of Web. — The design of the web is fairly obvious from 
the first assumption given above. 

If F = the maximum shear; 

V = the allowable intensity of shear; 

Ay, = the area of the web; 
then y 

Ay, = - (24) 

V 




The student should note particularly that the area thus found is a 
minimum value; the web must have at least that much area. As a 
matter of fact the area of the web is more commonly determined by the 
limits placed on its thickness by what is considered good practice and 
the limits placed on the depth of the girder by regard for economy. 
These matters will be discussed later. It should also be noted that the 
area determined may be net area or gross area depending on whether v 
is given as the allowable intensity on net area or gross area. 

53. Approximate Method of Flange Design. — Figure 66 (a) shows 
the intensity of stress across the section of a plate girder in accordance 
with the second assumption. Figures 66 (&) and 66 (c) show the dis- 
tribution across the flange and web separately. 

Adopting the notation shown in the figure, 

s = the intensity of stress in the flange; 

A = the area of the flange (flange angles and flange plates of any 
kind) ; 
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d = the distance between the centers of gravity of the flanges; 

called the “ effective depth 
di = the overall depth of the web; 

t = the thickness of the web; 

Aw = the area of the web = tdi ; 

T = the total tension in the tension flange; 

C — the total compression in the compression flange; 

Tw == the total tension in the web below the neutral axis; 

Cw = the total compression in the web above the neutral axis; 

M = the moment of resistance of the girder; 

Mf — the moment of resistance of the flanges; 

Mw = the moment of resistance of the web. 



Assuming for the present that there are no holes in either flanges or 
web we may write 

r = C = s A 

= = = \sdit 

Mf = Td = Cd = sAd 
Mw = Tw f di = Cw %di = ^sAwdi 
M == Mf -j- Mw “ sAd -I" 

In the actual girder (unless welded) there are rivet holes for con- 
necting the flange angles to the web, the flange plates to the angles, and 
stiffener angles and splice plates to the web. In design these holes 
should be taken into account. To do so it is necessary to deal with the 
ntt area of the tension flange, i.e., the area of the flange material minus 
the area cut out by rivet holes on any section. It is also necessary to 
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remember that there are holes in the web and we must use instead of the 
entire web area a fractional part depending on how many holes have 
been taken out. Web holes for stiffeners, etc., are for all practical 
purposes uniformly spaced throughout the depth. If the holes are 
1 in. in diameter, and if they are on 4-in. centers, the available web 
area is 3/4 of the gross, if on 5-in. centers 4/5 of the gross, if on 3-in. 
centers 2/3 of the gross, and so on. For ordinary girders 4-in. spacing 
is about average and is usually assumed in computations. 

In what follows it will be assumed that holes on the tension side do 
not affect appreciably the center of gravity of the tensile forces, and also 
that the position of the neutral axis is not affected by such holes. The 
latter point was mentioned briefly in discussing the design of I beams 
with holes in one flange only. There are, of course, holes in the com- 
pression side of the girder, but it is generally assumed that the rivets so 
completely fill the holes that the entire compression area is available. 

Supplementing the notation given above, let 

An == net flange area; 

A = gross flange area as before; 

Si = intensity of stress on net flange area; 
s = intensity of stress on gross flange area as before. 

Then, assuming 4-in. spacing of vertical web rivets: 

T = siAn = C = sA 

= XtXi ^Sidit =(7„ = ^X^Xi = isdit 

Mf — Td = siArd = Cd = sAd 

]\fw ^ T-w ■§‘di = i^sidiif ■§‘di == ^Siditd = ■^SlJ4^^)dl 
~ Ow "fdi = ^sdit 3(^1 = -Qsditdi == "^sAxodi 

M ~ Mf + Mw ~ siArud “b ^siAwdx = sAd + ^sAwdi 


In girders in which the approximate method of design is sufficiently 
accurate di may be taken as equal to d without material error. Making 
this substitution we have : 



JM = sxAnd \^iAy)d 



= sAd + \sAv}d 

(26) 

From (25) 

A -^-^A 

Sid ° 

(27) 

and from (26) 

A-^-^A 

S(Jt^ 

(28) 
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Evidently we may say from (27) that 1/8 * of the gross area of the web 
may be considered as flange area and write 

An + ^ Aw = total net flange area == At 


and 

Similarly 


and 



from (28), if Ac? = total gross flange area: 

A + Aw = — 

sa 



(29) 


(30) 


* The student should see clearly, and remember, that the use of 1 /S of the gross 
area of the web as net flange area involves the assumption of rivet holes 1 in. in 
diameter spaced uniformly 4 in. center to center throughout the depth of the web . 
Actually the rivet holes may be more or less than 1 in. in diameter, and they may 
be spaced more or less than 4 in. center to center. Consequently it is desirable to 
study the effect of such differences on the fraction of the gross web area which may 
properly be considered as flange area. It has already been shown that an unpunched 
web is equivalent (in resisting moment) to 1 /6 of its area concentrated at the center 
of gravity of the flange, and if, as is assumed, the holes do not affect appreciably the 
center of gravity of the tensile forces it should be clear, as indicated in the develop- 
ment of (25), that l/6 of the net area of the punched web may be considered as net 
flange area. Using the notation already stated, and also the following: 


n 

V 

Awn 


then 


and 


the number of rivet holes in the web 

the pitch of the holes in the web (assumed to be iiniform) 

the net area of the web 

the gross area of the web 

the diameter of the rivet hole in inches 

tdi 

tdi — nth 

— very nearly 
V 



V 


(1 — h/p)tdi 

(1 - hlp)Aw 


Therefore the fraction of the gross web area which may be considered as flange area is 



Study of this factor will show that l/S is a fair approximation for most cases. 
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In most cases the design of a girder is made with reference to the 
tension flange, i.e., the total net area of the tension flange is determined 
from (29), the flange proportioned, and the compression flange made 
like it. Sometimes, however, it is necessary to limit the intensity of 
stress in the compression flange because of lack of lateral support, in 
which case it may have to be different from the tension flange and may 
be proportioned to include 1 /6 of the gross area of the web, as indicated 
by expression (30). Many designers prefer to use 1/8 whether dealing 
with the tension flange or compression flange. Girders which have a 
compression flange different from the tension flange vnll be considered 
further in another place. 

64. Summary. — We may now summarise the steps to be taken in 
the determination of the cross-section of a girder by the method just 
discussed. It is assumed that the maximum shear and maximum 
moment have been computed. 

1. Assume the girder depth. 

• 2. Select the web. 

3. Estimate the effective depth and determine the required flange 

area. 

4. Proportion the flange. 

5. Check the effective depth and revise the area if necessary. 

The usual range of girder depths, limits on web thickness, range of 
effective depth, and restrictions on flange proportions, will now be 
discussed. 

55. Girder Depth. — Long experience has shown that the most 
economical depth for ordinary girders varies from about 1/8 to 1/14 of 
the span length. The greater depths are used for girders carrying 
heavy loads, particularly large concentrated loads, and the shallower 
depths for girders carrying rather light uniformly distributed loads. 
Average values are about 1/10 the span for bridge girders and about 
1/12 the span for building girders. Frequently architectural considera- 
tions, limited headroom, or other local pecularities require depths which 
vary considerably one way or the other from the depth which would give 
the greatest economy of material. As will be seen later certain types of 
girders carrying very heavy concentrated loads (fixed or moving) 
require depths considerably greater than the range given above. 

It is a simple matter to develop formulas for the least weight depth 
of a girder based on the moment, permissible intensity of stress, web 
thickness, etc. Some factors which are difficult to express mathemati- 
cally are involved, and the result is sometimes of doubtful value. 
However, if used with discretion such formulas are often helpful and will 
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be fully discussed later. As a matter of fact, a considerable change in 
depth has comparatively little effect on the total weight of a girder, 
and for ordinary work the range of depths given above can be used with 
satisfactory results. When many girders of the same length, subject to 
the same loads, are to be built, comparative designs furnish the best 
criterion of economy. 

56. Web Thickness. — The depth of the girder having been deter- 
mined, the minimum web thickness is fixed by the area required to 
resist the maximum shear. As already indicated its thickness is more 
likely to be determined by the application of limits given in the specifica- 
tions for design. The web of a girder should never have a thickness less 
than 1/4 in. and preferably not less than 5/16 in. Many specifications 
make 3/8 in. the minimum thickness, and some 1/2 in. The web thick- 
ness is also generally limited to a certain fraction of the clear depth 
or unsupported depth of the web, i.e., the distance between the inside 
edges of the flange angles, or side plates if they are used. The most 
common fraction is 1/160, but 1/200 is given in some specifications. 
The 1931 General Specifications for Steel Railway Bridges of the 
American Railway Engineering Association limits the web thickness to 
1/20-\/D where D is the distance between the flanges in inches. This 
would allow a l/2-in. web for a girder 10 ft. deep which is a limit of 
1/209. Many girders have been built with 120 in. by 1/2 in. webs and 
so far as the writer knows have given satisfaction. Most fabricators of 
structural steel prefer the 1/160 limit, as wide thin webs tend to 
buckle and are hard to handle in the shop. The approved 1935 
A.R.E.A. “Specifications for Steel Railway Bridges’^ adopted a limit 
of 1/170. 

57. Effective Depth. — After the web depth has been selected it is 
easy to estimate the effective depth. If no cover plates are to be used 
the effective depth is the distance between the centers of gravity of the 
flange angles, and a little study of the properties of angles will indicate 
that it will usually lie between 2 in. and 4 in. less than the distance back 
to back of angles. If cover plates are to be used, inspection of the 
table on page 420 will indicate that the effective depth will usually lie 
between the distance back to back of angles and a distance about 
2 in. less. 

The distance back to back of angles is generally made from 1/4 in. 
to 1/2 in. more than the depth of the web. The reason is that web 
plates seldom have straight, smooth edges and an attempt to keep the 
angles flush with the edges of the web will result in projections which 
must be chipped off. Two exceptions sometimes made will be mentioned 
later. 
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58. Flange Proportioning. — The proportioning of the flange section 
merely requires selecting angles and plates which will give the necessary 
area, but some specifications place restrictions on the relation between 
the areas of angles and plates and these must also be complied with. 
Many of the older design specifications required that a certain definite 
part of the flange area must be in the angles, the amount varying from 
40 to 60 per cent. Current practice is to require that the center of 
gravity of the flange be kept within the back of the angles: to meet 
this requirement it is necessary that about 1/3 of the total flange area 
be in the flange angles, or about 4/10 of the flange area excluding the 
portion of the web available. No infaUible rule can be laid down, and 
these proportions are approximate. 

It is not considered good practice in proportioning flanges to use any 
cover plate thicker than the angles. In general it is better to have 
plates of equal thicknesses, but when they are different it is usual to 
place the thickest plate next to the angles and put on the others in order 
of decreasing thickness. The A.R.E.A. specifications, referred to xmder 
Web Thickness,” make this a definite requirement. 

When areas are required that would make it impossible to keep the 
center of gravity inside the back of the angles, even with the largest 
angles available, side plates are resorted to as shown at (b) in Fig. 2. 
If used, side plates should be at least 3 in. wider than the leg of the flange 
angles against the web to permit placing a line of rivets below the angles; 
often they are made wide enough to secure two lines of rivets below the 
angles. 

59. Net Section.— The number of rivet holes to be deducted in 
determining net section depends on the size of the angles and on the 
pitch, and also on whether cover plates are used or not. 

If there are no cover plates one hole from each angle should be a 
suflflcient deduction, unless 8-in. legs are used against the web with very 
close pitch, when it may be necessary to deduct two holes from each 
angle. If cover plates are used it is necessary to deduct two holes from 
each cover plate and two from each angle; if 8-in. legs are used against 
the web it may be necessary to deduct three holes from each angle. 
It is sometimes necessary to take three or more holes from each cover 
plate when they are wide and close rivet pitch is required. There are 
numerous rules regarding the stagger of rivets on different lines neces- 
sary to maintain net sections, and the student should study the specifica- 
tions used to be sure that the requirements are met. The matter of 
maintaining net sections wdll be more fully discussed elsewhere. 

In computing net section it is universal practice, so far as the writer 
knows, to consider that all rivet holes have a diameter 1/8 in. larger 
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than the nominal diameter of the rivet, i.e., if 3/4-in. rivets are used 
7/8-in. holes are assumed in computation; if 7/8-in. rivets, 1-in. holes. 
The actual hole is punched, reamed, or drilled 1/16 in. larger in diameter 
than the rivet, but the process results in minute cracks and scratches 
around the edge, and the use in computations of a larger hole is an 
attempt to allow for this injury to the metal. Furthermore, in assem- 
bling the various parts in the shop mismatched holes must be corrected 
by reaming to allow the rivets to be entered. The reaming tool used 
is 1/16 in. larger than the rivet but sometimes it is impossible to avoid 
enlarging a hole more than 1/16 in. If the mismatch is lateral, i.e., at 
right angles to the line of stress, the reduction in area may be consider- 
able; Fig. 67 illustrates the point. There is a growing tendency to 
require that main material in structures be “ sub-punched and reamed,^^ 
which means that all holes are punched smaller than the finished size 
(usually 1/4 in.) and reamed to size after the various parts have been 
assembled and bolted up. 



Before Reaming 


d= Nominal cf/a. of Rivet 


After Reaming ^ 


Fig. 67. 


60. Illustrative Example. — The calculations on Sheet 1, DPS, 
illustrate the application of the approximate method of design, just 
discussed, to the determination of the maximum section of a typical 
plate girder. The student should make sure that he thoroughly under- 
stands the procedure. In these calculations are shown some steps 
which the experienced designer makes mentally or by shde rule and 
does not show on his design sheet. For example, the statements of the 
assumed web depth of 50 in. (1/12 of span), the assumed effective depth 
of 49f- in. = 4.14 ft., and the minimum web thickness of (50-J — 12)/160 
= 0.241 in. generally would not appear on the design sheet. The web 
depth is given in the statement of the section to be used, the assumed 
effective depth is indicated by the division of the moment by a quantity 
which must necessarily be the assumed effective depth, and the investi- 
gation of minimum web thickness permissible generally would be made 
as a slide-rule computation with the result merely given (if controlling) 
by the statement of web thickness to be used. The check on effective 
depth should be made, but usually it would not appear on the designer’s 
calculation sheet, since if he is experienced his first estimate will be 
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sufficiently accurate in the ordinary case, and if it is an unusual girder 
he will make sure by means of a trial section that his estimate is within 
reasonable limits before proceeding. The designer should keep all the 
calculations made for a design until certain that there will be no further 
use for them, but the various trial sections and trial calculations need 
not appear on the final design sheets. 

There are many steps in the complete design of a girder which do 
not appear on the sheet under discussion — the purpose here is merely to 
illustrate the design of the main section. 

61. Details of Design.-— The main section of the girder having been 
determined, a number of detail matters must be considered, such as 
length of cover plates, web stiffeners, rivet pitch, and web and flange 
sphces, if the latter are required. These will be taken up in order. 

62. Length of Cover Plates. — Since the bending moment generally 
varies from a maximum at or near the center, to zero at the ends, it is 
evident that the section designed to resist the maximum moment is not 
required throughout the length of the girder. It is usual to take advan- 
tage of this fact and cut off cover plates at points where their area is not 
required, in order to save material. 

The length computed by any one of the methods given below is 
called the theoretical length,'' because it is the distance between the 
points at which the cover plate in question should begin to take stress. 
In order to be certain that the plate is taking stress at the points where 
it begins to be needed it is carried beyond a short distance and connected 
to the flange with several rivets between the theoretical ends and the 
actual ends. It used to be common practice to require that a cover 
plate be fully developed at the points where it is first needed. Present 
practice is to require that from 9 in. to 2 ft. be added on each end with 
as many rivets put between the actual ends and the theoretical ends as 
can be at the regular rivet pitch, i.e., the rivet spacing is not decreased 
at the end of a cover as used to be common. A requirement typical of 
recent practice is that given in Art. 325 of the “ Final Report on 
Specifications for Design and Construction of Steel Railway Bridge 
Superstructure," Transactions of the American Society of Civil 
Engineers, Vol. 86, page 482, which states in part: “Any additional 
flange plates shall be of such length as to allow two rows of rivets of the 
regular pitch to be placed at each end of the plate, beyond the theo- 
retical point required, and there shall be a sufficient number of rivets 
at the ends of each plate to transmit its stress value before the theo- 
retical point of the next outside plate is reached." * 

* The increase in length of cover plates beyond the theoretical length provided 
by these arbitrary rules is satisfactory from the standpoint of practical design, but 
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63. Length Determined from Parabola.— When the load is uniform 
so that the moment curve is a parabola the simplest method of deter- 
mining the proper length of cover plates is to make use of the well- 
known properties of the parabola. Figure 68 shows a parabola, 
assumed to represent a moment curve, and a flange section required to 


in some cases may not be entirely consistent with methods sometimes employed for 
computing the pitch of the flange rivets. As will be pointed out later, it is usual to 
assume, in computing rivet pitch, that the change in flange stress is divided among 
the component parts of the flange in proportion to their areas. Careful study of the 
discussion of flange rivet pitch (Art. 71) will show that in order to be consistent with 
the assumption a cover plate should be resisting at its theoretical end a part of the 
total flange stress at that point which is proportional to its area as compared with 
the total flange area at that point. That is, the cover plate should extend far enough 
beyond its theoretical end, and have enough rivets between its theoretical and actual 
ends, so that at the theoretical end it will have an intensity of stress equal to that 
in the rest of the flange section at that point. The number of rivets required to 
meet condition may be found as follows: 

number of rivets required; 
net area of cover plate in question; 

total net flange area (at the theoretical end of cover plate) 
including l/S of the web but not including the cover plate 
in question; 
the rivet value; 

the maximum permissible intensity of stress on the net 
area. 

total flange stress at the theoretical end of the cover in 
question; 

intensity of flange stress at the section if the cover is taking 
its share of the total stress; 

total stress in the cover if it is taking its share of the total 
flange stress at the section; 

and the number of rivets required to develop this total stress in the cover is: 

At AcH 
{At *4“ Ac) -K 

Since the quantity S\Ac/E is the number of rivets necessary to develop the full capac- 
ity of the cover plate, evidently we may say that, in accordance with the reasoning 
presented in this footnote, we should provide between the theoretical and actual ends 
of a cover plate a number of rivets equal to that required to fuUy develop the plate 
multiplied by the ratio of the total flange area at the theoretical end excluding the 
cover plate to the total flange area (at that point) including the cover plate. This 
is generally a considerably larger number of rivets than will result from compliance 
with the rule cited in Art. 62, 
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resist the maximum moment. It is evident from (29) and (30), 
Art. (53), that the flange area varies directly as the moment and con- 
sequently the moment curve may also represent a required flange area 
curve, the maximum ordinate of the moment curve being equal (to 
some scale) to the flange area at the center, and any other ordinate 
representing the area required at the ordinate. To find the necessary 
length of any cover then it is only necessary to find the points at which 
ordinates to the curve are equal to the flange area without the cover in 
question and without any covers above it. The distance between these 
ordinates is the required theoretical length of the cover plate in question. 
In Fig. 68 the following notation is used: 

Ln = the necessary theoretical length of the cover in question; 
a = the area of the cover in question plus all covers above it; 

At ~ the total flange area including 1/8 the web; 

L = the length of the span. 



Then from the properties of the parabola 



The areas may be net areas for the tension flange and gross areas for 
the compression flange. The difference in length obtained by the use 
of net or gross area is small, and general practice is to determine the 
lengths of the plates on the tension flange and make those on the com- 
pression flange the same. 

Using the above method the cover plate lengths for the girder dis- 
cussed in Art. 60, if the 5/8-in. cover is placed next the angles, would be: 

Top cover or 9/16, L = 50V^6.90/28.54 = 24.5 ft. 

Bottom cover or 5/8, L = SOa/ 14.56/28.54 = 35.6 ft. 
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The student should see clearly that this method of determining the 
cover plate lengths assumes: 

1. That the total area At in the flange is exactly that required from 

At = M/{sid). 

2. That the effective depth is constant throughout the length of the 
girder. 

If the area provided is greater than is required the plates will be longer 
than is necessary, by this method, and shorter if the area is deficient. 
If desired it is easy to modify the method to include the effect of over or 
under proportioning. The error is immaterial if the area provided is in 
reasonable agreement with that required, and is usually, if not always, 



neglected. The error involved in the second assumption results in the 
computed lengths being too short. It is easy to make a correction but 
the error is small and generally neglected. 

64. Graphical Determination of Length. — The theoretical lengths of 
cover plates may be determined graphically by drawing the moment 
diagram to scale, and plotting on its maximum ordinate (to the same 
scale) the moments which the girder can resist with angles and web 
alone; angles, web, and one cover plate; angles, web, and two cover 
plates, and so on. Horizontal lines drawn through the plotted moments 
of resistance intersect the moment curve at points where the material, 
not included in the moment of resistance in question, can be dispensed 
with. Figure 69 shows the application of this method to a specific 
case. The graphical method is perfectly general and may be applied 



WEB STIFFENERS 


129 


to any girder under any conditions of loading. It is often the most con- 
venient solution for girders with unsymmetrical and complicated load- 
ing. The effect of over or under proportioning and variation in effective 
depth are automatically provided for when the method is used as 
described above. 

The use of this method may be, and frequently is, considerably 
shortened by omitting the computation of the actual moments of resist- 
ance, and laying off on the maximum ordinate of the moment curve the 
areas of the flange material to such a scale that the maximum ordinate 
represents the total flange area. Horizontal lines drawn through the 
ordinates representing the various areas determine the necessary lengths 
as before. The dotted lines in Fig. 69 show this abridgment applied to 
that case. This shortened procedure is evidently subject to the same 
approximations introduced in determining lengths from the properties 
of the parabola, and the statements made regarding the errors involved 
apply here. 

65. Algebraic Determination of Length. — An algebraic solution of 
necessary cover plate length may be obtained by writing the equation 
of the moment curve in terms of the known loads and reactions and the 
unknown distance from one end of the girder to the corresponding end 
of the cover plate the length of which is to be determined; this expression 
is placed equal to the computed moment of resistance of the girder 
without the cover plate in question or any of the plates outside of it. 
The only unknown is the distance from the end of the girder to the end 
of the cover plate, which may be found by solving the equation. 
Although available whenever the curve of moments can be expressed as 
an algebraic function the method is apt to be long and tedious and is 
not often used. The principal difficulties are: (1) whenever the moment 
curve is unsjunmetrical about the center line two equations must be 
solved for each cover plate, and (2) when concentrated loads are involved 
the equation of the moment curve changes at each load and unless it 
can be seen by inspection about where the cover ends it may be neces- 
sary to make two or more trials to find the equation which is applicable. 

66. Web Stiffeners. — Unlike the normal I beam, which has a web 
so thick that diagonal buckling is rarely a factor, the normal plate girder 
has a web so thin that diagonal buckling must always be considered and 
guarded against. It is sometimes economical to design a girder with an 
abnormally thick web in order to avoid the rather expensive additional 
shop work necessary when stiffeners are used. 

Stiffeners are of two kinds: bearing or load stiffeners, the function 
of which is to distribute concentrated loads to the web; and inter- 
mediate stiffeners, the function of which is to prevent buckling or 
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wrinkling of the web. Figure 70 is a sketch of a plate girder showing 
the kinds of stiffeners. Those marked A and B are bearing stiffeners; 
those at A are designed to distribute the reaction (end shear) to the web, 
and those at B are designed to distribute to the web the load from the 
column resting on the top flange. The stiffeners marked C are inter- 
mediate. The end stiffeners marked D are not bearing stiffeners, but 
are in a sense load stiffeners. Their primary function is to connect the 
girder to the column and transfer its end reaction (end shear) to the 
column. They also serve to stiffen the web and prevent buckling at 
the end. They are generally called connection angles. 

Stiffeners are fastened to the girder over the flange angles which 
evidently leaves a gap between the back of the stiffener angle and the 
web, this gap being equal to the thickness of the flange angle. A plate 
called a filler may be used to fill this gap, or the stiffener angle may be 
bent in against the web; in the latter event the stiffener is called a 



Fig. 70. 


crimped stiffener. Intermediate stiffeners may be crimped or on 
fillers, whichever is the more economical, but bearing stiffeners should 
never be crimped, because of their column action. Stiffeners which 
have holes in their outstanding legs for the connection of beams, brac- 
ing, girders, or other framing members, should preferably not be 
crimped. A filler used back of a stiffener angle is said to be a loose 
filler or a tight filler depending on whether it is just as wide as the leg of 
the stiffener which bears against it, or whether it is wider than the stif- 
fener to allow it to be connected directly to the web with one or more 
lines of rivets outside of those connecting the stiffener angle to the web. 
Figure 71 illustrates loose and tight fillers. 

67. Design of Bearing Stiffeners. — Figure 72 shows a part section 
through the girder of Fig. 70 looking towards the wall and showing the 
bottom of the end stiffeners. It will be seen that the only way in which 
the end stiffeners can deliver their load to the wall on which the end of 
the girder rests is through bearing of the outstanding legs of the stiffener 
angles on the horizontal legs of the flange angles; these rest on the sole 




DESIGN OF BEARING STIFFENERS 


131 


14 

"f tj 

’■f 

1 

).-‘~Ttght Filler 

' loose Filler — ^ | 




r 


Fig. 71. 


or wall plate which in turn rests on and distributes the load over the 
wall. Evidently the outstanding legs of the stiffener angles must have 
sufficient area to keep them from crushing under the load they transmit, 
and their size is generally determined by this requirement. The entire 
area of the outstanding leg is not available as bearing area, as is shown 
in Fig. 72. The stiffener angle cannot be counted on to bear tightly 
against the fillet in the 
corner of the flange angle, 
in fact it is frequently 
ground off flat -to clear 
this fillet entirely. The 
area available in one 
angle is the product of 
its thickness and the 
width of that part which 
is bearing against the 
flat part of the horizontal 

leg of the flange angle. This bearing width is generally the width of 
the outstanding stiffener leg minus the radius of the fillet in the corner of 
the flange angle. The fillet radius varies according to the size of the 
angle and the manufacturer, but may be safely taken as 5/8 in. for 
8-in. angles, 1/2 in. for 5-in. or 6-in. angles, and 3/8 in. for smaller sizes. 

The end stiffeners act somewhat as a column, different from the 
ordinary column in that they have full load at one end and no load at 

the other, picking up their 
load gradually from one 
end to the other instead 
of being subjected to the 
full load throughout their 
length. Some design spe- 
cifications require that 
end stiffeners be investi- 
gated as a colunm tending 
to buckle about an axis in 
the girder web; in deep 
girders with light loads the size of end stiffeners may be determined by 
such an analysis. Because of the fact that the load is gradually applied 
the length used in the column formula is generally taken as one-half the 
actual length of the stiffeners. 

Bearing stiffeners should have outstanding legs as wide as the 
flange angles will permit in order to distribute the load as much as 
possible and reduce the tendency of the flange angles to curl under the 
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applied load. Evidently there is no advantage in having the out- 
standing legs project beyond the edge of the flange angles, unless ad- 
ditional stiffness as a column is necessary about the axis parallel to 
the web. 

68. Riveting of Bearing Stiffeners. — Rivets connecting a pair of 
bearing stiffeners to the web of a girder are in bearing against the web 
and in shear on each side of the web, i.e., in double shear. The load 
picked up must be distributed to the web without overstressing the 
rivets in either manner. It is generally assumed that when loose 
fillers are used the rivets are subjected to considerable bending in 
addition to the shear and bearing, and it is common to allow for this 
empirically by increasing the computed number about one-third or 
one-half. When tight fillers are used they are riveted directly to the 
web outside of the stiffeners as shown in Fig. 71. There should be at 
least enough rivets through the fillers to transmit the entire load of the 
stiffeners to the web without overstressing the rivets in bearing on the 
web, and enough of the total number of rivets through the fillers 
should also pass through the stiffener angles to transmit the entire 

stiffener load to the fillers in double 
shear. Figure 73 will help to make 
this statement clear. From the figure 
it is evident that the load from one 
stiffener must be delivered to the 
filler on that side through shear on 
plane 1-1 and the load from the other 
stiffener to the filler on the other side 
through shear on the plane I'-F, or the entire stiffener load must 
be delivered to the fillers through double shear by the rivets on the line 
A. If more rivets are required than can be put in a single fine a leg 
against the web wide enough to accommodate two lines must be used. 
The entire load from the stiffener has now been transmitted to the 
fillers, and evidently the filler load on one side must be delivered to the 
web through shear on plane 2-2 and the filler load on the other side 
must be dehvered to the web through shear on plane 2^-2'. However, 
if the web thickness is such that the strength of a rivet is less in bearing 
against it than in double shear the number of rivets to transfer the load 
in the fillers to the web cannot be determined by double shear on planes 
2—2 and 2'-2', but must be determined from the bearing value of the 
rivet. That is, there must be enough rivets on lines A and B to transfer 
the entire stiffener load to the web without overstress in bearing. This 
discussion does not take account of the fact that at least two of the rivets 




SPACING OF INTERMEDIATE STIFFENERS 


133 


through the stiffeners, on line A, will pass through the flange angles, 
and that therefore the entire stiffener load will not be delivered to the 
fillers, but the procedure is sufficiently accurate for design purposes. 
Nor is account taken of the fact that the stiffener load is delivered to 
the fillers eccentrically, which must cause an added stress on the outer 
rivets, if the friction between the parts is broken. It would be easy to 
calculate the addition to the stress in the rivets but it is not generally 
done in practical design. When the web is thick enough to make 
double shear the controlling value about half as many rivets are placed 
on line B as are required on line A, The same analysis is evidently 
applicable to connection angles. 

69. Design of Intermediate Stiffeners. — Intermediate stiffeners do 
not carry load and they are designed by empirical rules. The most 
common requirement is that their outstanding legs shall have a width 
not less than 1/30 of the depth of the girder plus 2 in. The thick- 
ness is not to be less than 1/16 of the width of the outstanding leg, 
and not less than the minimum metal requirement of the specifica- 
tion used. 

70. Spacing of Intermediate Stiffeners. — The primary function of 
intermediate stiffeners, as already stated, is to prevent the failure of the 
web by buckling or wrinkling. The tendency to buckle is a result of 
the diagonal compression which accompanies shear, and the manner of 
failure is shown in Figs. 74 and 75 taken from Bulletin 86, Engineering 
Experiment Station, University of Illinois. Figure 74 shows the failure 
of a web without intermediate stiffeners in the ordinary sense, the 
stiffeners near the center of the girder being under load points. It is 
interesting to note that the ridge or trough of a buckle seems to extend 
approximately from corner to corner of the unsupported rectangle of 
web. Figure 75 shows the failure of a web with intermediate stiffeners 
spaced at a distance practically equal to the clear depth of the web, and 
it is interesting again to note that a trough or ridge of a buckle extends 
approximately from corner to corner of the unsupported web rectangle. 
The two girders were exactly alike except for the two pairs of inter- 
mediate stiffeners on each side of the center line. 

The spacing of intermediate stiffeners has been the subject of con- 
siderable study, but only a small amount of experimental work has been 
done. The general method of attack has been, as in studying I beam 
webs, to assume a strip of web along a 45° line and apply a column 
formula. In Fig. 76 are shown dotted strips at A and 5, the strip at A 
having a free length of V2dc, and the strip at B having a free length of 
\^di. The shorter free length of the strip at B is due to the pair of 
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stiffeners, e, placed at the center. These stiffeners evidently will 
prevent the web from buckling at right angles to the plane of the paper 
at the line where they are placed, thus making the free length along a 
45® line about one-half what it would be without them. The student 
should notice that the free length of a 45® strip is hmited by the clear 
depth of the web when the stiffeners are spaced a distance apart equal 



Fig. 74. 


to, or greater than, the clear depth, and limited by the spacing of the 
stiffeners when they are closer together than the clear depth. It is 
clear that if we apply a column formula to these strips we shall obtain a 
higher permissible stress for the strip at B than for the strip at A, 
because of its shorter length. Because of the restraining action of the 
flanges, stiffeners, and adjacent web, the length used in applying a 



Fig. 75. 


column formula should not be the free length shown in the sketch but 
some fraction of it. The fractional part which should be used is not 
known; it can be determined only by experiment, and the data from 
the few tests so far made seem to be insufficient. The formulas which 
have been developed up to the present time were derived in general by 
assuming a fractional part of the free length. Let equal a fraction 
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such that <#> times the actual free length of the strip is the equivalent 
length and apply the straight-line formula 5i = 5 — A; L/r to a 45° strip 

k\/2(l>d ^ . — d 

=: s = s — k4>\/24t - 

t t 

\/f2 

where si = the allowable intensity of diagonal compression or shear; 

5 = the basic intensity of stress in tension or compression; 
fc = a constant; 

0 = a fraction defined above; 
t = the web thickness; 

d = the clear distance between the flanges, or between adjacent 
stiffeners, whichever is the smaller. 

The intensity of diagonal compression is equal to the intensity of 
shear at the neutral axis, and we may write v for si or 

V - s — k<i>\/^ - (32) 

5 



which is the basic formula for stiffener spacing rules based on a straight- 
hne column formula. It is a simple matter to apply the same pro- 
cedure with a second degree column formula. The factor <^>, as 
mentioned before, is unknown, and it is evident that since it must be 
assumed we may obtain practically any result we choose. It is the 
uncertainty of this factor which leads many engineers to the conclusion 
that our present knowledge of the action of girder webs is so limited 
that the use of any formula to determine stiffener spacing is unjustified 
and misleading. A fact which tends to confirm such an opinion is that 
many girders, having stiffener spacing considerably in excess of that 
allowed by any spacing formula in use, have carried loads in excess of 
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their design loads for a good many years without any sign of web 
distress. 

In the application of a formula such as the above the -web thickness 
and the intensity of shear are generally known and the stiffener spacing, 
dj is wanted, or 

" - uim 

wMch is the form in which such formulas are generally given. If the 
straight-line formula 16,000 — 70 L/r is used and <j> is assumed as 1/4, 
(33) becomes 

d = A (16,000 - a) (34) 


which gives results in fair agreement with current practice. 

A well-known formula for stiffener spacing is that published in the 
A.H.E.A. General Specifications for Railway Bridges,’’ Fourth Edi- 
tion, May, 1931, 

d = -^ (12,000 - ?;) (35) 


A recent formula based on a second degree column formula is that 
given in the A.I.S.C. “ Standard Specification for Structural Steel for 
Buildings ’ ’ : 

d = 85t V(18,000/j)) - 1 (36) 


As is clear from Fig. 76 stiffeners spaced farther apart than the clear 
depth of the web have no effect on the free length of a 45° strip. Since 
the basis of web strengthening with stiffeners is the shortening of the 
buckling length when the intensity of shear (and therefore the intensity 
of diagonal compression) is high, it is evident that the clear depth of 
the web is the Hmit of spacing which is effective. Many specifications 
give such a limit, but many designers use the total web depth rather 
than the clear depth as the upper limit, with a maximum of 6 ft. for 
girders exceeding that depth. 

There have been attempts in recent years to place the spacing of 
web stiffeners on a more rational basis.* Based on these studies the 

* Problems Concerning Elastic Stability in Structures/^ S. Timoshenko, Pro- 
ceedings Am. Soc. C.E., April, 1929. “Stiffener Spacing for Plate-Girder Webs/^ 
O. E. Hovey, Engineering News-Recordy March 12, 1931. “Stability of Plate Girder 
Webs,” S. Timoshenko, presented before Semi-Annual Meeting Am. Soc. C.E. and 
Am. Soc. M.E., Chicago, June, 1933. 
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recently revised and adopted specilfications of the American Railway 
Engineering Association require that: * 

If the depth of the web between the flanges or side plates of a plate girder exceeds 
60 times its thickness, it shall be stiffened by pairs of angles riveted to the web. 
The spacing of the stiffeners, center to center, shall not exceed 72 in. nor shall the 
clear spacing be greater than that given by the formula: 

255,000^ sjvt , ^ 


d = clear distance between stiffeners, in inches; 
t — thickness of web, in inches; 

a = clear depth between flanges or side plates, in inches; 

V — unit shearing stress, gross section, in web at point considered. 

As stated previously the thickness of girder webs is more likely to 
be fixed by arbitrary limits than by permissible intensity of shear and 
when this is the case a in (37) may be replaced by 

a = ft 

in which / is an arbitrary constant. This stiffener spacing formula 
then reduces to the following^ in which v is in kips per sq. inch 

d = 2550<^ (38) 

When / = 160, this becomes, nearly: 

d = 470t.ll\ (39) 


and if / = 170 as in the proposed A.R.E.A. specifications 


d = 460t 


The advanced student will do well to compare the results of these 
formulas with those from the older types. 

71. Rivet Pitch. — Suppose that Fig. 77 represents a short piece of 
flange cut from a plate girder, the moment at the left side of the section 
being M and that at the right side M\ The effective depth of the 
girder is d. Assume first that there are no vertical loads between the 
two sections. The forces acting on the flange are as shown. There is 
shear on each side of the section, but in accordance with the fundamental 
assumption it is considered as resisted entirely by the web. Since C' 

* '‘Specifications for Steel Railway Bridges,” Bulletin A.R.E.A., February, 1935, 
Vol. 36, No. 374. 
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and C are not equal there is a tendency for the flange section to slide 
along the web, and this tendency must be resisted by the rivets con- 
necting the flange to the web. The magnitude of this tendency is 

M' — M 

C' — C = = change in flange stress 

a 

The change in flange stress per inch, or rate of change of the flange stress, 
is evidently the total change divided by the length over which the change 
takes place, or 

C' - C - M 
Rate of change of flange stress = — ~ — = — — 

The quantity (M' — M) /a is evidently the rate of change of the moment, 
which, the student will recall from mechanics, is the shear. 
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Fig. 77. 


Rate of change of flange stress = ~ = -r— : — -r 

a enectjve depth 

It is assumed that each rivet resists the change in flange stress which 
develops in the distance between adjacent rivets, that is, in the pitch 
of the rivets. Calling the stress on each rivet R 


Or 


R = rate of change of flange stress X the pitch 


Pitch = 


R 

rate of change of flange stress 


Since the stress on any rivet should not exceed its strength, evidently 
the quantity R should be the maximum load the rivet can resist, or it is 
the rivet value. Consequently we may write 

rivet value 


Pitch = 


rate of change of flange stress 
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Using p for pitch, and the other symbols as above 

R Rd 

^ ~T/d^Y 


(41) 


This expression could have been developed easily in two lines but the 
author considers it very important for the student to fix the physical 
meaning in mind rather than the formula. 

It is assumed above that the entire change in flange stress is resisted 
by the rivets connecting the flange to the web. This is not true since 
the web resists moment, and part of the change in total stress between 
the sections occurs in the web and is resisted by the web in longitudinal 
shear, and not by the rivets connecting the flange to the web. The 
above procedure is on the safe side and is commonly used. Sometimes 
it is desirable to make the pitch as large as possible, in which case 
account may be taken of the fact that the flange rivets do not resist all 
the change in stress.* The part of the total flange stress resisted by 
any component area of the flange is proportional to its area, and sim- 
ilarly the part of the change in stress resisted by any part is proportional 
to its area. Consequently 


Change resisted by flange angles and covers 

area of flange angles and covers 


= total change X 


or 


total flange area (angles, covers, and f web) 

An 


We may then write 
V = 


V ^ 

d An + ^Aw 


R 


V 


X 


Rd An + 
■ T ^ ‘ ~An 


(42) 


An “b 


Strictly speaking, this is for the tension flange only, and for the com- 
pression flange we would have 

Rd A + ^Aw 

* The student should refer to the footnote on pages 124 and 126 and should see 
clearly that, unless the cover plates are extended and the ends riveted in accordance 
with the discussion presented there, it is not correct to assume that the flange rivets 
do not resist all of the change in flange stress, in girders which have cut-off cover 
plates, except from the end of the girder to the end of the first cut-off cover plate. 
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The difference is small, and the pitch is generally kept the same in both 
flanges for convenience in shop work. It should be noted that An and A, 
as used above, are the net and gross areas of the flange proper at the 
point where the pitch is being computed. They are not the net and gross 

areas at the point of maximum 
moment, although frequently 
taken as such because they are 
more convenient in calculation 
and the error is not large. 

If a vertical load is applied 
directly to the top flange of the 
girder as in Fig. 78 there is no 
change in the above reasoning 
except that in addition to the 
horizontal stress on the rivet due to the change in flange stress there is a 
vertical load. If the vertical load per unit of length is w 





Fig. 78. 


As before, this assumes all the change in flange stress to be resisted by 
the web rivets, and if desired it can be modified to take account of the 
part of the change resisted by the web, then 



The student should notice that w is the vertical load in pounds per inch 
of length. A concentrated load must be assumed as distributed over 
some length along the girder. Concentrated loads on the top flange of 
a girder are very common, and the distances over which they are 
assumed as distributed have become fairly well standardized. The 
wheel loads of cranes are generally assumed as distributed uniformly 
over a length of 24 to 30 in., and the wheel loads from locomotives on 
the top flange of open deck girder bridges are almost universally assumed 
as distributed uniformly over three ties. 
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If the rivets connecting the cover plates to the flange angles are 
placed opposite those connecting the flange to the web, as is very com- 
mon, it is unnecessary to investigate the cover plate pitch, as adequate 
strength will be provided. If the cover plate pitch is made different, 
as is becoming more and more common, the allowable pitch may need 
to be computed. It is generally assumed that the distribution of stress 
across the flange is uniform and that in consequence any component 
part of the flange resists a part of the change in flange stress which is 
proportional to its area.* 

If Ac = area of cover plates at any section, 

At = total flange area at the same section, 

At = An + iAw where An = net area angles and covers at same 
section, 

and the rate of change of flange stress = F/d as before, then the part 
of the rate of change in flange stress resisted by the cover plates is: 


and 



R Rd At 

^ ^ V 

At 


( 46 ) 


As stated above, the validity of this formula depends on uniform dis- 
tribution of the flange stress over all the material at the section in 
question. The distribution of stress is never exactly uniform, and at 
the ends of cover plates the assumption must be considerably in error. 
Consequently the formula must be considered as approximate, at least 
near the ends of cover plates. It is commonly used, however, when cover 
plate rivets are spaced differently from those between the flange and 
web. Regardless of how the pitch is determined, rivets at the end of a 
cover plate must be stressed considerably more than they are assumed 
to be. In determining R above, it should be remembered that there are 
usually two rivets side by side in cover plates, one on each side of the 

* The student should refer again to the footnote on pages 124 and 126 (and also 
that on page 139) and should be sure he clearly understands that unless a cover 
plate is properly developed at its theoretical end it must resist more of the change 
in flange stress between its theoretical end and that of the next cover outside than 
the part proportional to its area. If the cover actually began at its theoretical end 
it would necessarily resist all the change in flange stress between its end and that of 
the next cover outside. These facts should be kept in mind when designing cover 
plate riveting. 
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web, as shown in Fig. 79. R is therefore the value of two rivets in 
single shear, or bearing on the cover or angles if very thin material 
is used. 

The same general principles may be used in determining the required 
pitch in girders with side plates. For example, in Fig. 80 there must be 
rivets enough on lines A, H, and C to resist that part of the change in 
flange stress which is cared for by the side plates, angles, and cover 
plates; these rivets are in double shear and bearing on the web, bearing 
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Fig. 79. 


on the web probably governing. There must be rivets enough on lines 
A and B to resist that part, of the change in flange stress cared for by 
the angles and cover plates and these rivets are in bearing on the web 
plus the side plates and in double shear — double shear being certain to 
govern. The change in flange stress is allocated to the various parts in 
accordance with the areas. 

72. Web and Flange Splices. — Splices in the web or flanges of a 
plate girder are avoided whenever possible. They add considerably 



to the shop cost and somewhat to the weight. Flange splices are 
rarely necessary as angles and cover plates may generally be obtained 
in lengths great enough for all but the largest girders. Girders which 
are shipped by water may require field splicing of flanges as well as web. 
Web plates as wide as 96 in. may be obtained in lengths up to 60 ft., 
but not many mills roll plates of such size and in general a plate 
girder having a length of 60 ft. or more will require one or more 
web splices. 
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Web Splices. — Some design specifications require that a splice 
must be fully equivalent to the web in both moment and shear acting 
simultaneously. This is quite severe as the web is rarely subjected to 
maximum shear at points of splicing. A more common and more 
reasonable requirement is that the splice be fully equivalent to the 
web in moment-resisting capacity and able to resist at the same time 
the maximum shear at the section where spliced. Some engineers 
require also that the splice be able to resist in shear the maximum 
capacity of the web, but not at the same time it is resisting maxi- 
mum moment. 

Three types of web splices in common use are shown in Fig. 81. 
The splice at (a), type A, may be designed to resist shear only, or shear 
and moment. It has been much used by designers who ignore the 
bending strength of the web in designing girders, proportioning the 



flanges to resist all the moment. In such applications it is usually 
designed to resist shear only, and is often referred to as a shear splice 
even when designed to resist moment as well as shear. The splice shown 
at (h), type 5, has been much used particularly for deep girders. It 
has undesirable features which become pronounced in shallow girders. 
It is sometimes referred to as a moment splice although it is designed 
to carry shear also. The splice shown at (c), type C, is generally called 
a rational splice. It is the most satisfactory of the three in common 
use. The plate shown on the flange may be omitted when there is 
excess flange area sufficient to replace it or when a cover plate may be 
extended to serve its purpose. The methods of design of the three types 
will be briefly discussed. 

73. Design of Type A. — The design of this splice is mostly a matter 
of trial, so far as the number of rivets is concerned. There are two 




144 


THE DESIGN OF BEAMS AND GIRDERS 


[Chap. 3. 


splice plates, one on each side, and their combined moment of inertia 
should equal the moment of inertia of the web, or their combined area 
should equal the area of the web times the square of the ratio of the 
web depth to the splice plate depth, i.e., 

A, = (47) 

As = splice plate area; 

Aw — web area; 
h = depth of web; 

ho = depth of splice plate- 


The number of rivets must be assumed, the stress on the outer 
rivets computed, and the rivet group revised if necessary. There must 
be several more than the number of rivets required to resist the shear, 
on each side of the cut. 

The shear is assumed to be equally distributed among all the rivets. 
The stress in the extreme rivet due to bending may be found from 



(48) 


where M = the bending moment resisted by the web; 

c = the vertical distance from the neutral axis to the rivet in 
question; 

Ir == the moment of inertia of the rivet group about the neutral 
axis = d being the vertical distance from the 
neutral axis to any rivet; 

Sr = the stress on the rivet in question due to bending. 

The stress on the rivet in question is the resultant of the component 
due to shear and the component due to bending and of course should 
not exceed that allowed. It should be kept in mind that the com- 
ponent due to bending must not exceed the allowable rivet value multi- 
plied by the ratio of the vertical distance from the neutral axis to the 
rivet in question to the distance from the neutral axis to the center of 
gravity of the flange. If E — the rivet value and Rh = the com- 
ponent due to bending in the extreme rivet in the splice 

The student should check the relations given above. The discus- 
sion as given is for the case in which moment and shear are resisted, 

* Is this exact? If not why not? If this is not correct what is correct? 
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The author does not believe a web splice should be designed under the 
assumption that it resists shear only. 

74. Design of Type B. — In this type of splice there are four moment 
plates, marked A in Fig. 81 (5), and two shear plates, marked B. It is 
assumed that the moment which the uncut web could resist is resisted, 
at the cut, by the moment plates A, and that the shear is resisted by 
the shear plates B. Of course each set of plates resists both shear and 
moment, but in deep girders the shear carried by plates A is small 
compared with that carried by plates B, and similarly the moment 
resisted by plates B is small compared with that resisted by plates A. 
In shallow girders the assumption becomes considerably in error, and 
this type of splice is not generally considered satisfactory for such cases. 
Engineers do not hold the same opinion as to when a girder becomes a 
shallow girder, but the author prefers not to use a sphce of this type for 
a girder less than about 6 ft. deep. 

The same general principles are to be observed in design as before. 
Stress is proportional to its distance from the neutral axis and therefore 
the plates A must resist the same moment the uncut web can resist, at a 
lower unit stress and a reduced effective depth. If As ~ the net area 
of two moment plates A ; do = the distance center to center of moment 
plates; and d, si, and Aw are as before 


and 


gA.'Ujdsi — A-sSi _ do 

d 


As — ftAts 


d^ 

do^ 


(50) 


Similarly it can be shown that the number of rivets, on each side of 
the cut, in the splice plates A must be 


R 

where the number of rivets; 

R = the rivet value; 

As and si are as before. 


(51) 


The shear plates must have sufficient area to resist the maximum 
shear at the section, and in deep girders many designers make them 
equivalent to the uncut web in shear. The number of rivets on each 
side of the cut must be sufficient to develop the shear for which the 
splice is designed, but there should not be less than two rows of rivets on 
each side of the cut. 
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75. Design of Type C. — The plates for the splice shown at (c) in 
Fig, 81 are intended to sphce that part of the web which they cover for 
both shearing stress and bending stress, i.e., each part of the sphce 
material is expected to resist the stress which the part of the web it 
covers would resist if the web were not cut. 

Let Fig. 82 (a) and (b) represent the bending stress and the shearing 
stress which (in accordance with the usual assumptions) would exist 
in the web at the splice if the web were not cut, and let Fig. 82 (c) 
represent the part of the sphce plates to one side of the cut with a row of 
rivets connecting them to the web. There is no problem in the design 
of the sphce plates. Since they are to replace that part of the web 
which they cover they wiU have sufiicient area if ^their combined thick- 
ness equals that of the web; as a matter of fact their combined thick- 



ness wiU generaUy exceed that of the web, but it should not be less. 
The rivets in the sphce plates should be spaced uniformly throughout 
the depth of the web, and the problem is to determine this spacing, or 
if the spacing is assumed or fixed, to determine the number of lines of 
rivets required at that spacing. 

To show that the spacing of the rivets in a vertical hne should be 
uniform consider two rivets at random, A and B, located at distances 
y' and y" from the neutral axis, and assume that the spacing is such that 
rivet A resists the stress developed over a distance p', and rivet B that 
developed over a distance p". If the stress varies as the distance from 
the neutral axis the horizontal component of the stress on rivet A will 
be and 

R' H = “ Rh 

c 

where Rh — the horizontal component of the stress on a rivet at the 
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outer edge of the web and y' and c are as shown in Fig. 82. Rh must 
not exceed a value such that 

= R^ 

where Rh = sls stated above; 

= the vertical component on the same rivet; 

R = the strength of the rivet (bearing on the web or double 
shear). 

Similarly the horizontal component on rivet B will be R'^h and 

73 // ^ 13 

JLh H — 

C 

If s' — the intensity of bending stress at rivet A, 

s" — the intensity of bending stress at rivet B, 
s = the intensity of bending stress at the outer fiber of the 
web, and 

t = the thickness of the web 
then s'p't = R'h and s"p"t = R"h 

y' y'^ 

But since s' = — s and s" = — s 
c c 

v' v' 

- sp't = R'h Rh 
c c 

and 

v" v" 

sp"t = R"h ^—Rh 
c c 

From this p' = p" 

or the distance between the rivets (the pitch) must be the same through- 
out the depth of the web, if the stress in the plate and in the rivets is 
proportional to the distance from the neutral axis. 

To determine the required pitch, consider a rivet at the extreme 
fiber of the web having a strength R. If p = the pitch in the splice 



It should be noted that s in this expression is the intensity of stress on 
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the extreme fiber of the gross section. It is somewhat more convenient 
to use the intensity of stress on the net section, and as the discrepancy 
is on the safe side and not large many designers use the more convenient 
value. 

The use of 1/8 the gross web area as flange section presumes 7/8-in. 
rivets (1-in. holes) not less than 4 in. centers in the web, and when the 
computed pitch, from (52), is less than 4 in. an additional line or lines 
should be used. For example, if p is computed as 2 in., two fines with 
rivets 4 in. center to center should be used; if 1^ in., three lines with 
rivets 4^ in. center to center should be used. Not less than two lines 
on each side of the cut should be used in any case. 

If it w^ere possible to extend the plates over the entire depth of the 
web they would completely splice it, if the rivets were properly spaced. 
It is impossible, however, to extend them beyond the edge of the fliange 
angles, and the part of the web covered by the angles is spliced by excess 
area in the flange, by extending a cover plate which would normally 
end near the splice, or more commonly by adding plates on the vertical 
legs of the flange angles as shown in Fig. 81 (c). The area of this addi- 
tional splice material, whether provided in excess flange area, an extended 
cover plate, or plates on the vertical legs of the flange angles, must be at 
least equal to the area of the part of the web not covered by the plates 
which are between the flange angles. In determining the riveting of 
these added plates the stress is assumed uniform across the part of the 
web spliced by them, and equal to the extreme fiber stress. If a is the 
width of the web provided for by these plates their area must be atj and 
the number of rivets required to develop the stress in them 

sat 

r 

where n = the number of rivets required; 

s = the extreme fiber stress, in pounds per square inch; 
r = the rivet value, in pounds; 
a and t are as defined above. 

For plates on the compression flange s is the intensity of stress on the 
gross area and a the gross width; for plates on the tension flange s is 
the intensity of stress on the net area and a the net width. Generally 
the plates and their riveting are determined for one flange and both 
flanges made alike. 

Students sometimes find the riveting necessary for these splice plates 
rather confusing, and to assist in understanding the conditions which 
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must be met Figs. 83 and 84 are presented. Figure 83 shows the top 
part of a splice of the type under consideration: the plates marked C 
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are the plates which splice that portion of the web between the flange 
angles, and the plates AB are those which splice that part of the web 
under the angles. Figure 84 shows at (a) a section looking down on 
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Ene R-R in Fig. 83; at (5) the part of the section in (a) between lines 
X and Y, with the parts separated for clarity, and the forces acting on 
the cut ends of the component pieces; at (c) the same as at (6) but 
between lines F and Z; at (d) an elevation of the web strip under the 
angles between lines X and F, with the internal stresses acting on the 
boundary lines; and at (e) the web strip under the angles between lines 
F and Z, with the internal stresses acting on the boundary lines. The 
student should note that the flange parts shown in Fig. 84 are 
not in equilibrium under the action of the internal stresses indi- 
cated; they are held in equilibrium by the flange rivets which are 
not shown. 

As indicated in Fig. 83 the moment increases from left to right on 
the portion of the girder shown in these figures. At the line X there is 
a total stress in the strip of web under the angles of W (as shown at [6] 
in Fig. 84), and if the web were not cut the stress in the strip would be 
W' at line F, the difference between W' and W being that part of the 
change in flange stress between lines X and F which stays in the web. 
Since the web is cut at line F it should be clear that the stress W' must 
be transferred to some other material, in this case the splice plates AB 
placed on the vertical legs of the angles. That part of the change in 
flange stress between lines X and Y which goes into the flange proper 
(i.e., angles and cover plates) is transferred through the regular flange 
rivets between X and F, and since we must also transfer from the web 
into the flange in this same distance the stress W', from the web strip, 
it should be clear that we shall have to add to the regular number of 
flange rivets between X and F a number sufficient to transfer W'. 
Consequently it will be necessary to reduce the regular flange pitch 
between X and F to an amount which wiU permit including the neces- 
sary number of additional rivets. The transfer of stress, W', from the 
web strip to the splice material is made by means of rivets bearing on 
the web or in shear on each side of the web, and the bearing value of 
these rivets will control the number necessary unless the web is thick 
enough so that double shear is a smaller quantity. Between lines F 
and Z the rivets holding the web strip in equihbrium are relieved of a 
portion of the stress they would be compelled to transfer if the web 
were not cut at line F, as study of Fig. 84 (c) will show. Additional 
rivets between F and Z are then not needed, and it is only necessary to 
extend the plates A B from the web-cut towards maximum moment far 
enough to include the nmnber of rivets required to transfer to the flange 
angles (at double shear) the stress existing in these plates at the web-cut. 
If the web is cut for spHcing at the point of maximum moment of course 



DESIGN OE TYPE C 


151 


the same number of rivets must be placed in these plates on each side of 
the cut. Should the number be only that which is required to develop 
the splice plate stress or that number in addition to the regular flange 
rivets? 

It is important to note that the same number of additional rivets 
will be required on the side of the cut away from maximum moment 
whether the web strip under the angles is spliced by plates on the 
angles, by excess flange area, or by an extended cover plate. 

The analysis presented above neglects the longitudinal shear between 
the plates C (Fig. 83) and the flange angles. Some designers consider it 
objectionable to neglect this matter and modify the splice as shown in 
Fig. 85. This modification has one advantage not yet mentioned, 
namely, that the extra rivets required on the side away from the max- 
imum moment may be put in 
the plates AB below the flange 
without interference with the 
regular flange pitch. It has one 
very real disadvantage — small 
and troublesome fillers required 
below the flange. 

Since additional rivets are 
needed on the side of the web- 
cut away from maximum moment 
it is clear that the regular flange 
rivet pitch must be reduced in 
the vicinity of the splice, unless 
the splice is made as in Fig. 85. 

The number of spaces of reduced 
pitch, or the reduced pitch to secure the added rivets in a given 
number of spaces, may be found as follows: 

p = the regular pitch 
p' = the reduced pitch; 
m = the number of additional rivets; 

n = the number of regular spaces p which will have to be replaced 
by {n + m) spaces of p'. 

np = (n + m)p' 

mp' 

P-P' 



Fig. 86. 


Evidently 
from which 


n = 


(53) 
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or 




{n + m) 


(54) 


It should be clear that these expressions merely give an arithmetical 
relation between, n, the number of spaces of p inches which must be 
reduced to p' inches in order to get m additional rivets in the same dis- 
tance. If for any reason the actual flange pitch, p, is less than is per- 
missible (as often happens) the splice plate will be unnecessarily long 
if n is determined from (53). This difficulty may be overcome by cal- 
culating from (53) using the permissible pitch for p, instead of the 
actual; then the true number of spaces of the actual pitch which must 
be reduced to p' inches will be: 

Number d etermined X permissible pitch 
. actual pitch 

For example, suppose that : 8 extra rivets are required, the permissible 
pitch = 9 in., the actual pitch = 6 in., the reduced pitch = 3 in. 
Proceeding as just outlined: 

8X3 , 

n = = 4 

9-3 

and the number of actual spaces of 6 in. to be reduced — 

D <«.6 


The direct application of (53) would give 

8X3 


n 


6 


8 


The problem may be attacked in a different manner. 

Let N = number of rivets needed in the splice plates on side awa7j 
from maximum moment; 

p' ^ the pitch of the rivets in the splice plate on the same side; 

V = the average external shear in the length of the splice plate 
(shear at the cut may be used with sufficient accuracy) ; 

d = the effective depth of the girder, in inches; 

R = the rivet value; 

m = the additional number of rivets needed on the side away 
from maximum moment. 
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Then 


NR = — p'N + mR 
a 


N = 


mR 


It should be clear that mR is the stress in the web strip under the 
angles, and if we let Sw = stress in the web strip under the angles this 
may be written 


N = 



(55) 


It may be well to point out that flange pitch is determined by 
maximum shear at the section in question and that the number of 
additional rivets required in the sphce plates AB is determined under 
the assumption that the bending stress in the web is a maximum. 
These conditions may not occur simultaneously (usually they do not) 
but the discrepancy is on the side of safety, and the procedure as given 
is usually followed. 

' Flange Splices. — Flange splices should be avoided if possible, 
and, as indicated at the beginning of Article 72, generally can be for 
all but the longest girders. The lengths of angles and cover plates 
which may be obtained depends to some extent on the rolling mill 
manufacturing them, but in general angles and cover plates can be 
obtained without much trouble in lengths up to 100 ft. Some mills 
can roll all but the heaviest 8-in. angles in lengths up to 136 ft., and 
some mills can furnish any 8-in. angle in lengths of 120 ft., and even 
longer by special arrangement. 

In spite of the great length of angles and cover plates which may be 
obtained it is sometimes necessary to make flange splices, and they will, 
be briefly discussed. 

Splices of flange angles are sometimes made by means of a single 
sphce angle covering the cut, when sufficient area can be obtained in 


* In this expression V/d is the rate of change of the flange stress, and since part 

V An 

of this may be resisted by the web itself we may multiply -- by - — — — if the 

a An “T gAio 


cover plates have been extended to the proper point. Such precision, however, is 
hardly justified. 
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this way, with an angle on each side, or with an angle on one side and a 
plate on the other. Figure 86 shows the usual forms in section. The 
two-angle sphce, shown at (?>), Fig. 86, is required in some design speci- 
fications, for example the A.R.E.A. GeneraT Specifications for Steel 



Railway Bridges,” Fourth Edition, May, 1931, Art. 122. It is cus- 
tomary to splice an angle for its full capacity (some specifications for 
design require that any splice have 10 per cent greater computed strength 
than the piece spliced) even though the splice may be located at a point 
where the flange has excess area. 


Web Plate 

! Ci/f from 6^6^-^ 

Y 

1 

— ^ 6 ^ 
-k ^ - » 


^ t 1 

1 


'^'-!4"xf"CoY.P/. 




T T V 


T T T T 




y ' V y 

V ■ V V 1 V V V y 

1 

[ y y y 


Angle Cijfon this line 


Fig. 87. 


The splice of a flange angle by a single cover angle is shown in Fig. 87. 
The necessary calculations are as follows, assuming 7 /8-in. rivets. 

Net area = 1 — 6 in. X 6 in. X f in. angle = 5.86 2 holes out 

Add 10% = 0.59 


6.45 sq. in. net for 
splice angle. 
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Cut 5f X 5| X tI from a 6 in. X 6 in. X ^ angle. 

Xff -4.37 
Gross area — -! s ~ i^)i^ — 3.71 


Total = 8.08 
Deduct 2 holes, 2X1X-^ — 1.63 

Net = 6.45 sq. in. 

6.45 X 18 


8.1 


— 14.3, 15 rivets on each side of cut. 


The same rivets which connect the flange angles to the web are 
effective in transferring stress from the cut angle to the splice angle, 
as the stress is transferred on a different plane. However, if the flange 
angle is so thin that the bearing value of a rivet against it is less than 
double shear, additional rivets may be necessary, as the sum of the 
shears on the two sides must not exceed the allowable stress in bearing. 
The shear on the inside of the flange angle, from change in flange stress, 
and the shear on the outside, from splice angle stress, are additive 
(i.e., in the same direction) only on the side of the cut towards maximum 
moment, but the splice angle is commonly made symmetrical in any 
case. Also the flange pitch is usually reduced in order to make the 
splice angle as short as possible. Care should be exercised, however, 
to see that placing the rivet holes closer together does not reduce 
the net area of the flange below that required at the section in 
question. 

Instead of securing additional area by means of an angle or a fiat, 
on the far side, as in Fig. 86 (6) and (c), a cover plate may sometimes 
be extended. For example, in Fig. 87 the 14 by 5/8 cover plate shown 
ending just to the right of the splice could be extended to the left and 
used as added area if needed. 

When a splice of the type shown at (c) in Fig. 86 is used the riveting 
will require more attention. Figure 88 is presented, not as an actual 
case, but to bring out the conditions to be met. Figure 88 (a) illustrates 
a typical splice of the type in question. Figure 88 (6) shows diagram- 
matically the component parts of the flange and strip of web between 
the flange angles extending between lines X and Y ; the various parts 
are separated to facilitate study, and consistent internal stresses are 
shown acting on the parts cut by planes passing through the flange on 
lines X and F. Figure 88 (c) shows the same as (6) but for the por- 
tion of flange between lines Y and Z. Study of Fig. 88 (6) and (c) 
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shows that if the near flange angle were not cut there would be a shear 
between each flange angle and the web, between lines A and Y, and 
between lines Y and Z, of 38 kips. With the near flange angle cut and 
its stress at line Y (162 kips) divided, 122 kips to the splice angle on 
the near side and 40 kips to the splice flat on the far side, conditions 
are different. There will now' be a shear between the far flange angle 
and the web, betw'een lines X and Y, of 78 kips; and there will be an 
equal shear between the near flange angle and the web, between lines 
Y and Z. Although the stresses given in Fig. 88 (6) and (c) are not 


Bending Moment Increases 



V/ew A-A 


l^/ 1441 , I \ . 40 ^ in splice f /at 




Rede of Change 
of Flange Stress 

( .Z^Finweb 

I Z.oY'',-n C.P. 
4.0 Y" 



^ XlSbin’^OF 
■^Jl.ieoXfni C.R 

sFjn vertical leg ofspUceC 
6r ln horizontal " " " " 

IZZ^ totaUn splice I 


\n^C,RW0^' ^~\ 
61 



iO'^ 


L - — J 


Fia 88. 


for any specific case they indicate at once the general statement that 
the riveting of the splice flat on the far side must provide; by rivets in 
single shear, not only for the actual stress to be carried by the fiat but 
also for the regular change in flange stress between one flange angle 
and the web over the length of the flat from the angle cut to each end. 
This may be expressed mathematically as follows: 
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V = average external shear over length of splice flat (shear at 
cut sufficiently accurate); 
d = effective depth of the girder; 
p = pitch of rivets in splice flat; 

N = number of rivets required in splice flat on each side of cut; 
R = value of rivet in single shear; 

Sf = stress to be carried by splice flat. 


Then 


and 


NR = + 


N = 


Sp 


2 / 


(56) 


This is the number of rivets which would be required making no 
allowance for the fact that the flat on the far side is not a direct splice, 
and should be increased in accordance with the requirements for an 
indirect splice. These requirements differ in various specifications, two 
common requirements being (a) an increase of one-third for each inter- 
vening plate, and (6) at least two extra rows for each intervening plate.* 



<> 
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1 -T T T 

"4 — — ^ 


^ A. 
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Y 
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-o 

1 
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A- 
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^ ^ ^ 
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II ^ .. j 

" "Exfendect Cover Plate 


\, 89. 


If a cover plate splice is required it may be made by a simple patch 
splice as shown in Fig. 89 (a) or by extending the next cover above as 
shown at (&) in the same figure. In the latter case it is of course neces- 
sary that the extended plate have at least as great a thickness as the 
plate spliced- If all covers must be spliced one of the methods shown 
in Fig. 90t is generally used, the second being preferable for field splices. 

*A.R.E.A. “General Specifications for Railway Bridges/’ (a) 1910, and (6) 1931. 
t “Design of Steel Bridges/’ F. C. Kunz, McGraw-Hill Book Company, New York. 
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It is necessairy that the top splice plate have an area at least equal to 
the heaviest plate cut, and it is preferable that the design be made with 
covers of equal thickness. 

76. Illustrative Example DP9.— To illustrate the discussion of the 
details of design presented in Arts. 62--75 inclusive, complete design 
calculations and a general design drawing are given for a girder 90 ft. 
0 in. long; DP9, Sheets 1 to 5 inclusive and Detail Sheet 1. All the 
design details discussed are illustrated including the design of a flange 
angle splice, although the latter is not necessary for a girder 90 ft. long 
and is not shown on the design drawing. The calculations are given 
in more detail than is really necessary for actual design, but it seemed 
best to make them as nearly self-explanatory as possible in this case. 


Top Sp/ice P/afe 


Shmg/ed SpHce 

(a) 


j^'-Top Splice Plate 


Countersunk Sp/ice 
Fig. 90. 

The reader should be sure that he understands clearly the computations 
presented; in subsequent designs many of the calculations will be more 
abbreviated and some steps given here will not be shown. Attention 
is called to the use of the actual effective depth in calculating rivet 
pitch at the four points studied; as stated in the previous discussion it 
is common to use the effective depth at the center in all rivet pitch cal- 
culations, and the student should observe how much the pitch would 
be affected by following usual practice in this respect. The rivet pitch 
diagram shows the computed maximum pitch assuming that the flange 
rivets resist aU the change in flange stress and assuming that the web 
resists a portion of the change. As previously pointed out the latter 
assumption should not be used unless the cover plates are properly 
developed before the theoretical ends. The student should determine 
what rivet pitch between the actual ends and the theoretical ends would 
be necessary to develop the plates properly within the lengths added 
to the theoretical lengths. The rivet pitch noted on the design detail 
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Des/^r? of G/rcfer GIO 

Span 90'’' O'' C, to c. Bg's (Top f/ange Meraf/y sapporM) 


Girc/er 6/0 


Momeni ^2 

li\^e loac/= TSOO'^^ISx^ 

Dead = 2530 
Toi-a/ =tO,lZO'*^ 

^8JS'= /2/Z^ F/g. stress 
€ S 7.3 °"net f/g. area 


sh^cr Y-% r d^ - r - 

Tnre load = 337.5^-^ xzsYr 1 ^tSSLL9LL 

a/)f Also. Specs. 

^^xZ.3Y liyeload^ 7S00^A 
Tbtaf = 450.0 ff Dead '' = 2500 

/St 19 a 77 rna/f/:^^^^ Total - 


r5 ^ 12 ^ 37.5D‘^"Sres5 web area 

rea (? 24 = 18.75°" o.s. tegs bg. stiffs. 

/.?./? * 34.30 rlvs. bg. on web 

je.24 * 27.70 d.s. 

& b “ 750°" bg. area on masonry 


Material for l-6/rder G-IO 


1- Web lOOH" = F0°"gr.,i^5.Z5°",i-^8J3°" @ 770*// X SOS' = 15y250 

2- Bolt. IF 8/^8F^" ‘25.45 '3.50 -2296, -f- 6.25=25.27°" @ 45.0 x S0.3 = 5730 

7- Bolt. PI 78x^" ‘ 14.63- 7.63 = 73.00, -rZ9.27 ^42.27 @ 49.7 x JI.O = 3530 

/- do. do. ‘ 74.63- 7.63 = 73.00, -h42.21 = 55.27 €> 49.7 X 58.0 ^ 2880 

7- do. 78xy ‘73.50- 7.50 = 72.00,-7-35.27 =67.Z7'^"/7et & 45.9 x 47.0 ^ 7880 

2-Topl° 8 8 26.46, 4 853=34.79°" €> 45.0 x 90.3 = 8730 

I -Top PI 78x-%'f ‘74.63, 434.79=49.42 €> 49.7 x 77.O = 3530 

7- do. do =14.63, 449.42=64.05 (? 49.7 x 58.0 ^ 2880 

1- do. 78x^"‘ 73.50, 464.05= 77.55°"gross & 459 X 47.0 = 7880 

4- End Stiffs. 6x4xf"‘ 4x5fxi‘ 7857°" bg. on o.s. legs (? 27.2 x 8.2 = 890 

2- End Fills 8y^i" <? 23 £ X 79 = 330 

Z-EndConn.D 4 x 4 x-^" (S> 77,3 x 8.2 = 790 

2- End Fills 7xf" & 20.8 x 7.0 = 290 

4-Spl.Pls. 78xf" (p 22J95X 7.O = 640 

32- Int. Stiffs. 6x3fxi Crimped P 77.7 X 8.2 = 3070 


Web PI Excess 3r/o 540* 
@ 770*// X 90.3' = 75550 
& 45.0 X 90.3 = 8730 
€> 49.7 X 77.0 = 3530 
e 49.7 X 58.0 = 2880 


4- yy 
4-FI//S 


Pi vet deads and /ar/ation dbl. ^ 


wer Plate lengths 
Top Cover 1= 90^ 


I = 90^1^ =38.1'^ 
/ = = 34-£'‘ 

L = = 67.7'- 


(® 49.7 X 77.0 = 3530 
(? 49.7 X 58.0 “ 2880 
e 45.9 X 47.0 = 1880 
e 27.2 X 8.2 = 890 

<? 23£ X 7D = 330 

^ 77.3 X 8.2 = 790 

&> 20.8 X 7,0 = 290 

(P 2235 X 7.0 = 640 

P 77.7 X 8.2 = 3070 

P 77.7 X 8.2 = 380 

P 5.95 X 70 - 770 

= 7370 

Total for /-Cirder =56/X>0* 
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Design of Girder 
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Design of Girder “6-10” 
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follows Diagram a. To be in strict accord with the varying effective 
depths these diagrams evidently should show a jump in rivet pitch 
wherever a cover plate is cut off. 

Examples of web splice design for all three types are given. The 
four lines of rivets on each side of the cut shown for Type A result in 
an extreme rivet stress of less than is permissible; some rivets may be 
omitted in this case but it will be found that three lines on each side, at 
the pitch used (4 in. center to center), will not have adequate strength.* 


* The calculation of in connection with the Type A splice design may perhaps 
require some explanation. If the figure represents a vertical row of rivets at a uni- 
form pitch, it is clear that with reference to line 1-1 

_i = (J^ + 2p^ + Sp" 4* • . . n^) 

= p2(12 + 22 -h 32 -i- ... 7 ^ 2 ) 

The sum to n terms of the series in parentheses is 


Sn — " + l)(2n -p 1) 

6 

and it follows that 

Xd^i—i — p^ 'z (n l)(27^ -f* 1) 
0 


In the calculations for the splice referred 
to there are four such vertical lines of 
rivets above the reference line (the neutral 
axis) and four below, and n = 10. 

It may be of interest to note that the 
sum of the squares may be referred to some 
other line, such as 2-2, e" inches below the 
original line, as follows: 

As before let 
di = Ip 
da = 2p 
dz “ 3p 


dn = np 



Then 

'SdS-i = {e^ + (p + ef + (2p + ef + (3p + ef + . . . (np + e)=} 
= je® + (di + + (da + e)^ + (ds + e)^ + . . . (dn + e)^} 

= |e2 4" (di2 4" 2die + e^) 4* (^ 2 ^ 4^ 2d‘>e -4 e-) 4 • • • 

4 (dn^ 4 2dne 4 ^ 2 )} 

= Sd2i_i 4 2eSdi_i 4 4 1)^^ 

Sd2i_i may be found as before 

and n 

Sdi_i = “ (a 4 0 = -(ri 4 l)p 

where ^ ^ 

n — number of rivets; 
a — first term of series == p; 

I - last term of series = np. 
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Later it will be pointed out that when the shear is not large at the point 
of splice (as is usually true) the number of rows on each side of the cut, 
at a given pitch, may be determined by direct computation for a splice 
of Type A. Attention is called to the facts that the splice finally 
adopted was of the so-called rational type and that excess flange area 
was utilized in splicing the web strip. The design detail sheet shows 
the reduced pitch necessary on the side of the cut away from maximum 
moment. 

77. Girders with Web Reinforcement. — Girders are sometimes 
required to resist a very high shear for a short distance near a support. 
In order to avoid using a web throughout the length of the girder thick 



enough to resist this shear the web may be reinforced in the region of 
high shear by the addition of plates between the flange angles, or some- 
times by plates over the flange angles. As pointed out in considering 
the reinforcement of beam webs there will be severe stress in the web 
just above the reinforcing plates unless the plates are connected to the 
flange angles. Figure 91 (a) shows a girder web as frequently, but in- 
correctly, reinforced. Figures 91 (b) and (c) show correct methods of 
reinforcement. The plates between the flanges are frequently made of 
the same thickness as the flange angles although generally the thickness 
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required is considerably less. The reinforcing strap plates shown in 
Fig. 91 (6) must have sufficient thickness to resist the part of the change 
in flange stress taken by the main reinforcing plates. If 

tr = thickness of 1 main reinforcing plate, 
tw = thickness of web, 

then the part of the change in flange stress resisted by each reinforcing 
strap plate is approximately 

V tr 
- 

d tuD " I 2^7* 

V and d having the usual significance. This assumes the entire moment 
to be resisted by the flange. Considering the web as resisting its proper 
share of the moment the above becomes 


^ V ,, 

A.T d ty} 2itr 


An and At having the meaning previously given. If = the rivet 
value, and p the pitch of the rivets connecting the strap plate to the 
flange and the reinforcing plate 

— r- ■ 

— 1 

d tip ^tr 


or more accurately * 


P == 


R 


tr 


An V 

- V — X 

At d tw 


m 


The student should note that R is here the value of a rivet in single 
shear. Evidently the pitch of the rivets connecting the reinforcing 
strap to the flange angles must also be determined with reference to the 
part of the change in flange stress resisted by the web. 

Of the two correct methods of web reinforcement that are shown, 
that at (6), Fig. 91, is the easier to fabricate, while that shown at (c) is 
generally somewhat lighter. The principal difficulty encountered in 
fabricating girders with the web reinforced by the latter method is in 
placing the necessary fillers under the reinforcing webs. The reinforc- 
ing webs in this type must also comply with the usual limits on web 
thickness and stiffener spacing. The girder shown at (c) in Fig. 91 
requires a pair of stiffeners between the column resting on top of the 
girder and the left end because the reinforcing webs cannot be riveted 
to the main web as they can in (6). 

* Cover plates usually cannot be cut off in the region of high shear for a girder 
of the type under discussion. 
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78. Illustrative Example DPIO. — The complete design calculations 
for a girder with the web reinforced as shown in Fig. 91 (h) are given on 
Sheets 1 to 5 inclusive of DPIO. On Sheet 6 of the same set the girder 
is redesigned with web reinforcement as shown in Fig. 91 (c). In the 
case shown, the difference between the two girders is small. 

In stud5dng the design the reader should notice that the area of the 
bearing stiffeners and the fiUs between their outstanding legs was deter- 
mined by assuming a permissible intensity of stress of 24,000 lb. per 
sq. in. Some engineers would consider this stress too high since the 
entire areas of the stiffener angles are in contact with the horizontal 
legs of the flange angles and are included in the bearing area available. 
Although recognizing that there is room for a legitimate difference of 
opinion the author considers the design as prepared safe and satisfac- 
tory. The stiffeners are closely riveted to a large mass of steel in the 
web, web reinforcing plates, and fillers, and buckling as a column seems 
to be improbable. It is worth while here to call the student^s attention 
to the fact that no set of design specifications can be so written as to 
cover every possible point in the design of even the simplest structure 
or structural member. The exercise of judgment is always necessary, 
and there are always matters which must be decided by the opinion of 
the engineer. It is w^ell to keep in mind the statement which was printed 
on the cover of design specifications* issued by the late Theodore 
Cooper: “ The most perfect system of rules to insure success must be 
interpreted upon the broad grounds of professional intelhgence and 
common sense.” 

It should not be necessary to call attention to the great importance 
of providing rigid horizontal bracing for the top flange of the girder 
and for the top of the column on which its left-hand end is supported. 

As a further example of web reinforced girders, drawings for D-S9 
and E-S9 are presented as Fig. 92. These were taken by permission 
from the plans prepared by Smith, Hinchman, and Grylls of Detroit 
for a building for Newcomb-Endicott Company. These girders are of 
the type shown in Fig. 91 (c). 

79. Plate Girder Design by Moment of Inertia. — Some engineers 
prefer to design plate girders by what is known as the moment of 
inertia method.” The required moment of inertia is determined from 
the beam formula, 

^ s 

* “General Specifications for Steel Railroad Bridges and Viaducts/’ and “General 
Specifications for Steel Highway and Electric Street Railway Bridges and Viaducts,” 
both by Theodore Cooper, consulting engineer. Engineering News Publishing Com- 
pany. 



ILLUSTRATIVE EXAMPLE DPIO 



Max.Moment — 8790'^ Max. 5hecfr Lefi- Erjc7 - /760^ 

-^802' = / 096^ Fig. Sfr @l2Vm, = f46 7'^" gross web area 

@/8Vatt —60.9 °"nei- Ffa Area @24Von = 73.3°" bearing stiff- area 

@16.24^=^ /08-^''t>rii's. stiffs, to iweb 


Offset Coiurnn Loacf — 2000^ 


@ 24^^01/ =■ 83.3°" bearing stiff area 
@/6,24^ - 123 - /'V /vk?. stiffs, to web 


Max. Shear R/aht Enct ~ 407^ 

@/ 2 ^otf= 33.9°"gross web area 
@/3 13^ — 2/ -^"’^rws conn l§"''a'f//s to web 
@/6.24 = 25-}”^ ” conn. 12 only 
@8. 12 =^50- » gird, to Cot. 


^Connection of left end to Cot. through conn. l§ is impracticable^JyQQ\_ -J^'*trJvs^req. 


DPIO. 
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Carryfng Girder (Coni) 

Reinforcing webs between f/ange angles ^ee a/iernai^ ^s/gn^ 


DPJO 


Carrying Girder 


1932 I 7:<5X~ 
Sheet 2 of 6 


/- Sirder 


mPLEx.4% = 
ReiM£x.ZiX^ 
& /esi^x 30,3' - 


/- Main Web 96x± = 48°''gr\ 

2- fembWebs SOxf - /OO I4$°"gr. i^/6.4S°"i^Z4£7 @ /70M x 9.2 
2- BoftB 8x8xi ^/$.22-5.00 -/4.22‘'f^/S.4S^''^30.S7 @ 32,7 x 30.3 

f-Boff.P/. 20x4 ^/2.50-2.50 ^JO.00,+30.67 ^40.67 @ 4ZS x 26.6 

20x4 = do =/0.00,-f-40.67 = 60,67 (§>42.5x21.8 

20 x f = do z=^/0.00^+S0.67 ^60.67°nef(§> 42.5 X /7.0 


/“ do, 
/- do. 

2 -Top If 
/- Top Pi. 
/- do. 

/ - do. 


8x8x4 ^79.22^+24.67 =? 43,89 °"gr. 

20xi ^/2.50,+43.89 - 66.39 

20x4 ^72.50, +56.39 = 68,89 

20xf -72.50, +68.8$ = 8/.39°''gross 

4- S7rapP7s. 73 x^ 

8- End Sf7ffs.6x4x^ = 55.52°" 

4-£ndF7a7s 6x^ 78.00, +5552 - 73.52°" Bg. area 

2-EndFi77s 25 xf 
8 - Co/. Sf/ffs. 6x4xf = 55.52°" 

4 - Co7 F7afs. 6x7^ = 28.50.+55.5Z = 84.02°’' Bg. trrea 
2-Co7.F/77s. 26 xf 
2- End Conn. 75 4x4xf 
2-EndFi77s 7xf 
8- /n7.S7iffs.5x3ixf 
8-/n7.F777s. 3ixf 
/- So7eP7. 20x7 
/- Co/Bg.PL 20x3 

8 - Beam Conn. 75 5x3^xf an<f 2'7s3ix3ixf 


pjv. Tfeads, etc. abf. 2f% 


32.7 X 30.3 
§> 42.5 X 26.6 
@42.5 X 27.8 
@ 42.5 K 77.0 
@ 27.6 X 9.2 
@ 23.6 X 
@ 76.3 X 
@53.7 X 
@23.6 X 7.9 
@24.2 X 7.9 
(@55.3 X 5.7 
§> 75.7 X 7.9 
@74.9 X 
@70.4 X 
@ 7.4 X 
@ 68.0 X 2.7 
@204.0 X 2.2 
@ 73,6 X 
@ 8.5 X 


7.9 

7.9 

5.7 


6.7 

7.9 

6.7 


7.0 1 ^ 


200 

80 

4950 

3730 

7980 

7730 

930 

720 

7980 

7730 

930 

710 

7020 

7490 

480 

670 

7490 

760 

630 

250 

200 

660 

400 

740 

450 

770 

630 


Tofa7 for 7 -Girder YtjBOO^^ 


/?iyet Pitch 


j'riy. S.S.- = 8,12 ^r/x 

d.s.= = 76.24 

bg.onj"p7. « 73.73 



DPIO. 
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Carrying Girder (Cent) 

Rivet Pitch CCont) 


From I to 2 

Change in Hangesfr. ZSoVu 

P 2.80 ' 

From 2 to 3 

Change in flange sir. = ZSS*/» 

il 

H 

From 3 to 4 

Change in flange sir. =3./lVa 

p^l^^4.ZZ" 

From 4 to 5 

Change in flange sir. 3.05 Ve 

li 

fl 

From 5 to 6 

Change in flange str. = 3.26^" 

p=^^-4:03" 
^ 3.26 


DP 10 


Carrying Girder 


/332 I TCS. 


Sheet 3 of 6 


and covers to 13 


and covers to I§ 


and covers to 13 


and covers to I3 


and covers to 13 


^ Note that from the right end of the reinforcina webs to the right end of the 
girder 2- ho/e s are assumed out of each ang/e and each cover piate^^ and 
that ^ of the web is considered etfective as flange area. Aiso that pitch cohuP 
ations are based on each cover p/ate taking a part of the totai f/ange stress at 
its thearetica/ end proportional to its area. To ensure this participation requires 
for the top cover ptate: 


S6.47 ^ ^ ‘ 3.12 ' 

and its actual end. To provide this riveting add about 3 '-4^' to the right end of 
each cover ptate. The reader should catcuiate the pitch required when the 
cover p fates are not developed and decide whether the greater pitch permissible 
when the p/ates are so de vet oped offsets the addition of such lengths to the 
cover plates. 


Cover Plate and Web Reinforcement Lengths 


Moment resisted by main web, 13 y and 3 ’cover pis. 56 . 47 v 18.0 = 8140 

V 77 77 77 77 77 77 7 . ,7 X 45.22 K (8.0 = 6460'^ 

,7 *7 n n 77 77 77 /- 77 77 33.9/ X /8.0 = 4790 

tZ.O 

» n 7^ and angles 22.72 x /S.O 3140'^ 


For moment diagram and cut off pomts for cover p fates and web 
reinforcement plates see Sheet 4. 

for design sketch of girder see Sheet 5. 


DPIO. 




4800'^ Sf40*^ , 
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Carrying Gt refer A/ternafe Design 

Reinforc/ng webs over fJarge angrJes 


Alt cafcuIaHons vwi shown on this sheet same as for 1 st. ctes/g'/i 



Sheet e of 6 


Girder 

1-Mam web 
Z-Remf.weJjs 
1-Bott. is 
1-Bott n 

/“ do 
/- do 
Z-Top IS 
1-TopPJ. 

/- do 
1- do 
B-EndStiffs. 
4.- End flats 
Z-EndFllls 
8-Col Gt/ffs. 

4- Col. Flats 
Z-Col. Fills 
I- End Conn. ^ 
1- End Fills 
8- tnt, Gt/ffs. 
8-lnt. Fills 
Z-lnt Fills 
r-Sote PI. 
1-Col.Bg.Pl. 

8- Beam Conn.g 

Z- ff ** ** 

PtV deads eto> 


48.00\ 

^J0S.75]-lS3.7S°^gr. 17.08°" 
8X8 = 10.2Z -5.00 =14.221-17.08=3130 
2D4i = 12.50-2.50=10.00,131 30 =41.30 
ZOXf = do =10.00,141.30=51.30 

ZO^i = do =10.00,15150=61.30°^ 

8 ^ 8 x 4 
20 xf 
20x4 
ZOxf 

6X4xj-= 55.521 

5x^ = 18. 00) - 73. 52 Bearing area 
25 xi 

6x4x^ = 55.52\ 

6 x 1 ^ = 25.50l= 84.02°" Bearing area 


47 o Main web excess = 
3% Pelnf. ** " ■- 

(PW3.Z*/fX30.3'-- 
175.3 X gz -- 
@ 32.7 X30.3 = 

@ 42.5 7 266 -• 
@ 42.5 X 21.8 = 


= 10.00,15150 =61.30°"net @ 42.5 x n.O - 

@ 22.7 X30.3-- 

(P 42.5 X 26.6 = 
@42.5 X21.8-- 
(§> 41.5 X 110 = 
P 23.6 X 78 = 


4 x 4 x^ 

5 x 3 ix-§ 
Sixi- 
7 xi . 

20X1 

20X3 

SXjjrXj 

JjXSixf 

abt.2f% 


at end of relnf webs 


P 55.3 X 6.7 = 

P 15.7 X 7S- 

P 14.9 X 6.7 = 

P 10.4 X 78 = 


P 8.5 X r.0 = 


Total for /-Girder 


Rivet Pitch 


4 ^^rlv. 8 ‘S. - 8 . 12 ^ 

d.s. = 16.24^ 

bg.oni^pt. = 13 . 13 ^ 


From O to 7 


rrom u to i 

Change In flange stress = 


= 13.25 h/rr io ^ and cover p/s. 

^~ 2 s = 4 . OSyr from ^ "web 

JO ^ 


r-~ = 4 . 58 h/tr f* relnf. web 


- Plates 


p = ^^^= 3 . 54 " 

for doable tine 
use Si" 

P=~^= 3 . 6 Z'' use ii''for 

guadrup/e line 



DPIO, 
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and a girder having this I built up by trial. The value of c may not be 
known in advance but it can be estimated with sufficient accuracy for a 
trial design and corrected as the girder is proportioned. The distance, c, 
sometimes can be fixed and the proportions of the girder adjusted to fit. 
Tables giving the moment of inertia of four angles of different sizes and 


SCHEDULE OF GIRDER MATERIALS 1 

Girder 

Mark 

Web P/s. 

Fig- z? 

n^.p/s. 

Fills “a” 

F/HsV 

Billet 

Thickness^” 

A-S9 

IP/-80W 

2PI-78''xV 

4lP-8"x8"xf 

d-2Pl.mi" 

e-2P}.l8'’xi" 


6"x2fPL 


B-59 

JP/-80''K/'' 

2P/-7S"4'' 

4[S~8’'x8''xjf 

d-2PII8V 

e-2PI.]8’'x/^ 

G^xi^PI. 

6”x2fPl. 

iV' 

C~S9 

/P/~80"xi" 

ZPl-78''yi" 

4/4-8'x8"xr 

d-2Pl.l8”x/” 

e-2Pl./8‘’xl'' 

6"x]fPi 


iV 

D-S9 

/PJ~80"Kr 

2P/.-78"xi'\ 

4is-8"x8’'xj-d’ 

il2PI20"xfl 

f-2Pf.20''xf 

6"xlfPI. 

syzi'^pi 

r 

1 

£-S9 

JPI-/20''x/"\ 

2PlrII8"xf 

4ls-8"x&'x1” 

f^2PI.20"xf' 

\f-2PI.20’'xV 

6'*x3"PI. 

6'UfP 

1" 


Rivets 




Fig. 92(a). — Detail of Girders B—S9, CS9, and D-S^. Girder D S9 

Shown. 


weights, and the moment of inertia of plates of different thicknesses, 
placed as shown in Fig. 93, are essential in the design of girders by this 
method. Such tables are given in the “ Design of Plate Girders ” * by 


McGraw-Hill Book Company. 
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L. E. Moore, the Structural Engineer's Handbook * by M. S. 
Ketchum, and in the later printings of the first edition of “ Steel Con- 



Section 


Fig. 92(&). — Detail of Girder E-S9. 


y Y r 



Y Y Y 


Tables g/ve I^-x 
Fig. 93. 

struction/^ issued by the American Institute of Steel Construction. Such 
tables give the moment of inertia of the gross area of the angles and 

* McGraw-HiU Book Company. 
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plates, but the moment of inertia of the net area may be taken as pro- 
portional to the net area, i.e., 



where In = the moment of inertia of the net area; 

Ig = the moment of inertia of the gross area; 

An = the net area; 

Ag = the gross area. 

This relation is suflS.ciently accurate for all practical purposes but the 
student will do well to investigate in a few cases the extent of the 
approximation involved. 

The simplest procedure, having selected the web, is to determine 
from the tables the moment of inertia of the selected web and four 
assumed angles, subtract their sum from the required value, and 
determine by means of the tables a cover plate thickness and width 
which will furnish the balance required. S3Tiimetrical girders may be 
proportioned in this manner by experienced designers with considerable 
speed and with the extreme fiber stress strictly limited to the specified 
value. The design of unsymmetrical girders is more tedious but not 
difficult. 

The lengths of cover plates may be found by modifying any one of 
the methods described under the usual method of design. The graphical 
method is easily used by plotting moments of inertia of the web and 
angles, web angles and one cover, and so on, instead of areas or moments 
of resistance. Obviously moments of resistance can be used with equal 
simplicity. For uniform loads the lengths may be determined from the 
properties of the parabola: 



where Ln = the required length of the cover plate in question; 

L = the length of the span; 

I = the moment of inertia of the entire girder; 

Ic = the moment of inertia of the cover plates in question plus 
any covers outside of it. 

I and Ic are computed about the neutral axis, and Ic must include the 
covers on both flanges. This method evidently assumes that c in McJI 
is constant, which is not true when covers are cut off. The error is 
sSmall and on the safe side but may be corrected if desired. 
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In computing rivet pitch in girders designed by this method, the 
usual procedure may be used or the longitudinal shear per linear inch 
on any plane (which is the rate of change of the stress in the material 
outside of the plane) may be found from 

I 

V = the external shear at the section in question; 

Q = the static moment about the neutral axis of all material 
above the plane; 

I = the moment of inertia of the girder at the section in ques- 
tion, about the neutral axis. 

I and Q may be based on gross areas for the compression flange and 
net areas for the tension flange, but usually whichever is available is 
used and both flanges made alike. If vertical loads are applied directly 
to a flange the longitudinal shear per inch times the pitch is the hori- 
zontal component of the rivet stress, and the vertical load per inch times 
the pitch is the vertical component of the rivet stress, from which the 
pitch may be computed in the same manner as described for the usual 
method of design. 

80. Modified Method of Design. — ^As is well known a girder designed 
by the usual method (first discussed in this chapter) will have an extreme 
fiber stress greater than that for which it was designed, unless the 
flange is liberally proportioned. The error is small for deep girders and 
increases to 10 or 15 per cent, or more, for shallow girders with heavy 
flanges. Many specifications for design require that: ''For unusual 
sections, the net section modulus shall be used,'^ in designing plate 
girders, and some recent specifications have a requirement similar to 
that of the American Institute of Steel Construction's " Standard 
Specifications for Structural Steel for Buildings,'^ which is: " Plate 
girders with webs fully spliced for tension and compression shall be so 
proportioned that the unit stress on the net section does not exceed the 
stresses specified in Section five (5) as determined by the moment of 
inertia of the net section.^^ 

To keep the extreme fiber stress within the amount used in design 
requires a somewhat larger flange area than would be obtained in the 
ordinary method of design. The larger area required can be obtained 
very closely by multiplying the area obtained in the usual way by the 
ratio of the overall depth to the effective depth. For deep girders the 
procedure gives results which are very close to those obtained by the 
moment of inertia method, and for shallow girders it gives flanges which 
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are somewhat larger than required by the moment of inertia method, 
the excess for a girder with a 36-in. web and a flange area of about 
100 sq. in. being about 5 per cent, and for a girder with an 112-in. web 
and a flange area of about 90 sq. in., less than 0.5 per cent. The results 
are always on the safe side, and the excess area provided rarely exceeds 
5 per cent, even for very shallow girders with heavy flanges using side 
plates. 

To show the application of this modified method of the author’s it 
will be used in comparison with the usual method of design. Assume 
that a girder to resist a maximum moment of 4000 ft.-kips is to be 
designed, and that conditions point to an 84-in. web. The experienced 
designer, proceeding in the usual manner, notes, almost subconsciously, 
that the flange stress will be between 500 and 600 kips and that at 
18 kips per sq. in. a little over 30 sq. in. will be required. After esti- 
mating the effective depth and finding that the actual area required is 


4000 ft.-kips 
6.95 ft. 


= 575 kips 


at 18 kips per sq. in. = 31.95 sq. in. net 

he proportions the flange section, and, if designing closely, may wish 
to check the effective depth and add to or subtract from the area pro- 
vided. Designing by the modified method the designer takes exactly 
the same steps and obtains the area of 31.95 sq. in. net. He then 
estimates mentally that there vdll be about 1-J in. of cover plates on 
each flange and modifies the area by multiplying by the ratio of the 
estimated overall depth to the estimated effective depth. 

87.00 

oo ~ 33.25 sq. in. net 

83.50 


The flange is then proportioned as usual, and as before the designer may 
wish to check the assumed depths and add to or subtract from the 
area provided. Summarizing: the designer’s calculations for the two 
methods will be as follows: 

Usual Method Author’s Modified Method 


4000 

6.95 


— 575 kips 


4000 

6.95 


— 575 kips 


at 18 kips per sq. in, = 31.95 


at 18 kips per sq. in. =31.95 sq. in. net 


87.0 

X -TT—i = 33.25 sq. in. net 
83.5 
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The author finds this method simpler and quicker in application than 
the moment of inertia method and of comparable accuracy. It may be 
applied to unsymmetrical sections, i.e., unsymmetrical about the 
neutral axis, with a slight modification in the case of girders which have 
a much greater distance from the center of gravity to the outer fiber 
in one flange than in the other. The necessity for such modification is 
rare. 

81. Girders without Lateral Support.— Girders without lateral sup- 
port are sometimes necessary, and in their design the intensity of stress 
on the compression flange should be reduced. The discussion under 
'' Beams without Lateral Support '' applies to girders, and the same 
reduction formulas for allowable fiber stress are used. 

The method of design is the same as in girders with lateral support 
except that the compression flange will generally have to be made of 
greater gross area than the tension flange. The total flange stress 

M 
d 

and Ag = “ 
s' 


and 



Si 


where si = the allow^able intensity of stress on the net section of the 
tension flange; 

s' = the allow’able stress on the gross area of the compression 
flange obtained from a reduction formula. 


It is desirable, though not essential, that the flange angles of the com- 
pression flange be of the same thickness as the angles of the tension 
flange and the difference in area made in the size of the flange angle or in 
the width and thickness of cover plates. When the flanges of the girder 
are not very different in area 1/6 of the gross area of the web may be 
considered as compression flange area. "^^Tien the girder is very unsym- 
metrical, i.e,, when the compression flange is much larger in gross area 
than the tension flange, 1/6 the web area should not be considered as 
available.* 

82. Girders Subject to Lateral Loads. — In the most common case 
of girders without lateral support — crane runway girders — the girders 
are also subjected to lateral loads. The design of rolled sections sub- 
jected to lateral loads is largely a matter of trial, as already pointed out, 
but in built-up girders the following direct method is very satisfactory. 

* Why not? How much may be considered as available? 
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M = the maximum moment due to vertical loads; 
m' = the maximum moment due to horizontal loads; 

At = the total net area of the tension flange; 

A<? = the total gross area of the compression flange; 
d = the effective depth; 

r = the radius of gyration of the compression flange about the 
vertical axis; 

c = the horizontal distance from the vertical axis to the extreme 
fiber of the compression flange; 

Si = the allowable intensity of stress on the net section of the 
tension flange; 

s' = the allowable intensity of stress on the compression flange, 
obtained from a reduction formula; 

Ig = the moment of inertia of the compression flange about the 
vertical axis through the centroid. 

Assuming that the lateral load is applied to, and resisted entirely by, 
the compression flange, 

i\/f w V 

= ^ + ^ (approx.) (60) 

and 

At = — as usual. 
dsi 


The determination of the required net area of the tension flange requires 
no further explanation, but the basis of the determination of the required 
gross area of the compression flange should be stated. 

The assumption that the lateral load is resisted entirely by the com- 
pression flange (when applied to the compression flange) is made 
because of the great flexibility of the web in a lateral direction. If the 
tension flange is to help in resisting a lateral load applied to the com- 
pression flange it must be pushed sideways by the web. The lateral 
stiffness of the web, as compared to that of the compression flange, is so 
small that the help from the tension flange must be considered entirely 
negligible. If s is the maximum intensity of stress in the compression 
flange due to vertical and lateral loading we may write 


s 


dAe * ^ 7s * 


ff 


This expression is fairly evident except for the factors ¥ and ¥'. If 
the compression flange were supported laterally M/{dAa) would be 
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the intensity of stress due to vertical loads (within the limits of accuracy 
of the usual plate girder theory), but since the flange has no lateral 
support the intensity of stress is larger owing to lateral bending of the 
flange; the factor k' is to allow for this increase in stress. Similarly 
wIcIIg would correctly give the intensity of stress due to the lateral 
moment m! if the flange were homogeneous, straight, and held in line; 
since it is not, the factor k'^ is introduced to allow for the increase in 
stress due to defects. 

If we substitute for Ig, as is common, in the above expression 
for s we may write 


M k' m!c k'^ 

Ag = 1 — 2 

d s s 


(approx.) 


Since the factors k' and are larger than one, s/k' and s/k" are intensi- 
ties of stress less than the maximum allowed. If we can evaluate k' 
and fc" we can determine a gross area for the compression flange which 
will keep the maximum intensity of stress within the limit s. In the 
absence of data from which to determine A' and fc" the intensities of 
stress s/k' and s/k" are usually taken as equal to each other and to the 
value obtained from a reduction formula for unsupported compression 
flanges — resulting in the expression for Ag given above in ( 60 ) . 

The width of the flange, 6, and its radius of gyration, r, are unknown 
and must be estimated or assumed in advance of design. A preliminary 
assumption for r which is a fair average is r = 0 . 36 . After the flange 
has been proportioned r should be checked, and the section revised if 
necessary. 

Although the above method has been used considerably in the form 
given and has resulted in satisfactory designs it is inaccurate in the 
assumption that 

Ig = Aar^ 

Designing by the procedure outlined a portion of the gross web area, 
usually 1/6, is considered as flange area. This is entirely correct in 
considering the girder’s resistance to vertical loads, but not in con- 
sidering the resistance of the top flange to horizontal loads. If F is a 
factor such that 

FAg = Ag — l/<3^ Ay,, 

Aw = the gross area of the web, 

1/0 = the fraction of the gross web area available as flange 
area, usually 1/^ = 1/6, 

Ag = the total gross flange area, 

and 
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Ag — = the gross area of the actual compression flange, i.e., 

flange angles and cover plates only 
we may rewrite (60) to read 


M m!c 
ds' Fs't^ 


( 61 ) 


which is correct within the limitations of the approximate method of 
girder design. The value of F will generally range between about 
0.75 and 0.95, and for the ordinary case will not be far from 7/8; it can 
be quickly and accurately determined from the diagram in Fig. 94. 

It should be noted that although the compression flanges of girders 
may generally be designed on the basis of gross area it is often necessary 



Area of Web Available as Flange (usually or jAy^)\ in sg. in. 


Fig. 94. 


to deduct holes for rail-clip bolts from the compression flanges of crane 
runway girders. This does not affect the use of the 1/6 of the web as 
flange area in the compression flange. 

If the tension flange is subject to lateral loads we may find the 


required net area as ^ 


(62) 


where si = the allowable intensity of stress on the net section and the 
other terms have the same significance as before, but are of course 
based on the tension flange. F and r may both be based on the net 
section or both on the gross section; there will be little difference in the 
values. If the net section is preferred the diagram in Fig. 94 may still 
be used to find F by substituting At for Aq and letting l/<^> = 1/8, or 
whatever fraction of the web is considered available as flange area. 
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83. Illustrative Example DPll.— Complete designs of the girders 
for an outdoor crane runway are given, on Sheets 1 to 4 inclusive of 
DPll, to illustrate the application of the principles just discussed. 

Some general comments on the design are in order. It should be 
noticed that in each case the effective span was taken as the distance 
center to center of A frames, whereas the true distance center to center 
of girder bearings is less, as will be clear from a study of the sketch on 
Sheet 4 of the calculations. It is usual to assume the effective span as 
in these calculations, but w’hen the girders rest on top of the supporting 
columns in such a way that rotation of the end of a girder does not com- 
pel an equal rotation of the top of the supporting column (as is true in 
this case) the author considers it correct to use the true distance center 
to center of bearings as the effective span, if the designer wishes to 
make the small saving in weight which will result from so doing. He 
must not forget, however, the eccentric application of the load on the 
top of the column which results from the manner of supporting the 
girders indicated on Sheet 4 of the calculations, and of course assuming 
the effective span as the distance center to center of supporting columns 
does not offset this eccentricity in any way. The student will do well to 
investigate approximately the sa\nng in weight which will result from 
using the true effective span in the design of the girders supported as 
shown on Sheet 4. It will be necessary of course to make at least an 
approximate design of the A frames before the effective span can be 
determined with any accurac}^. It will be found that a total saving of 
approximately 6300 lb. of material may be made in this way, which at 
present prices (1934) means about $100 in cost. This is not a large sum 
in comparison with the total cost of the girders of about $8000, and many 
engineers would prefer the more conservative assumption of effective 
span length. 

Attention is also called to the use of net area in designing the com- 
pression flanges. The holes allowed for in the compression flanges are 
not rivet holes, which are assumed filled by the rivets, but holes for rail- 
clip bolts which will not be tight fitting. 

Another matter which should receive mention is the rivet pitch 
diagram. Two curves are shown for each girder: a assumes that only 
the horizontal component of rivet stress, i.e., that due to change in 
flange stress, is to be resisted by the flange rivets; and h assumes that 
the vertical load of the wheel plus 25 per cent impact (distributed over 
an assumed length of 24 in.) must be resisted in addition to the change 
in flange stress. Girders of this type are sometimes fabricated with 
the upper edge of the web faced to a true surface, and set slightly above 
the backs of the flange angles (usually 1/32 or 1/16 in.) so that the load 
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Des/cfr? of Crane /?unway for Shipping 

Sforcfge Yard 


DP 11 
Crane 
ffamr/ay 

mz I 
Sheet Z of 4- 


^A-Frames 


"Fi/n^ay GireterS'^ 


1 1 1 L 1 1 J 1 1 

^A-Frames-' 

3G25'-0"=200'-0" ^ 

, GO'S" . 

1 

1 .Z@Z5'-tF 

J70'-0" 


> =50^-0" 


II I 



Z/Vg loffd ~ 2-40 Ton Wh/Hm CraneSt Opera tin ff Sfrgly> or Pa/ reF as Shown. 

I a ter a/ load 


S.edf;c.Ho.s 

A.I.S.C. 

Frfch Whee/ leetS 46^ ^ 

tmpGTct ZS% 

Estimated Dead Loacf 

80^/yd. ra/fs and fasfe/rinys = 35^/r = 35^A 

Girder -ZZS = 395 

Total =260^// for ZS' Span j Total - 630F// for 60' Span 

Desipn of 25^-0^' Span (Effective Span Assumed -C.C. A-Frames) 


Vertioai Moment 


iaferaf Moment\ Shear 


Live Load - 74 Z'^= 4 X 46 rAi^x 1158 - 46 X 5.33 ^x 74 Z= 32 . 3 '^ Live Load = 7363 ^^x 46 x 21 ^ 
impact = 185 ^ Z5Yo ^387"^ Impact =34.7 = ZSYo 

Deadloac/ = ZO =.Z6xif. ffe7x4M ^ ‘ 'M^ Dead loai= J3j^ 26x1^ 

roM =;^ ^ fSJ ToM-im'- 


\Deadlca<I^J3S.Z6xIf. 
m7x4.z3 rata/nm^ ^ 


!S"i:Cov./’/. 4-3S!' ’^243" F/g.Si =.l448°''gwss inweb 

@24. = 7. Z4°"as Legs stiffs. 

(S>/^ = 73.83 ^'det area tension fig. @ 8.U^ 27 rivs.bg. oni web 

d IS ^ @11.93=75 " d.s. 

s'= 76.67%" @76.67 =74.94°" 

71.10 , . . ^ 

26.04°" net area comp fig. (Z-§"1> hates for rail c/ip bo its) 


DPll. 
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Crane Fmway for Shipping Storage Yard 
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Crane Runway for Shipping and Storage Yard 

Design of 60'-0^* Spm (£ffecHve Span Assumed^c. -he. A-Frames) 
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Crane 
Punway 
WS2 I rej. 

Sheet J oF4 


Vertical Moment 




Z 8 ^ 


Live load = l-m nj7 


Lateral Momefft 
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Shear 
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23.04 
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7 — las 65.89°"nefcomp.fip. 
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from the rail must pass into the web by direct bearing, without affecting 
the flange rivets. When this is done the flange rivets resist the change 
in flange stress only. The design of the web splice for the 60 ft. 0 in. 
girder, in this example, assumes the faced web construction. 

The reader will notice that the assumed weight of the 25-ft. span 
proved to be too small (225 lb. per ft. assumed, 258 lb. per ft. actual) 
while the assumed weight of the long span proved to be large (595 lb. 
per ft. assumed, 550 lb. per ft. actual). The percentages of error in the 
assumptions are considerable, but the effect on the designs is entirely 
negligible. This is the natural result of the fact that the dead load is 
small in comparison with the live load. 

84. Economical Depth of Plate Girders. — It was stated in Art. 55 
that the least weight depth for plate girders has been fairly w^ell estab- 
lished by the results of experience. As was also stated, formulas for 
the depth giving the least weight may be derived, but as they are 
necessarily based on assumptions regarding average flange area and 
weight of details, and are affected by other factors which are not con- 
stant and which are difficult to express in usable mathematical terms, 
they must be regarded as approximate. Moreover, as mentioned before, 
a considerable departure from the depth giving the least weight results 
in a comparatively small increase in weight, and in addition the use of 
the depth giving the lightest girder may affect other items of cost or 
convenience so adversely as to more than offset the saving in material. 
In spite of their limitations such formulas are helpful guides if the 
designer does not allow their use to obscure the importance of factors 
other than least weight. 

An investigation of about fifty girders, designed under different 
specifications, indicates the following relations between the average 
gross area of girder flanges and the net area at the point of maximum 
moment. 

(а) When the design specifications require that one cover plate on 
both top and bottom flanges extend the full length of the girder the 
average gross area of a flange lies between 96 and 103 per cent of the 
net area at the point of maximum moment. 

(б) When the design specifications require that one cover plate on 
the top flange extend the full length of the girder, but allow the bottom 
cover plates to be cut off in accordance with the curve of maximum 
moments, the average gross area of the two flanges lies between 93 and 
97 per cent of the net area at the point of maximum moment. 

(c) When the design specifications allow all top and bottom cover 
plates to be cut off in accordance with the curve of maximum moments, 
the average gross area of a flange lies between 89 and 93 per cent of the 
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net area at the point of maximum moment. These data are for sym- 
metrical girders (top and bottom flanges ahke), with each flange having 
two or more cover plates. 

The author also has found girder details, i.e., stiffeners, fills, splice 
plates, rivet heads, etc., to average between 40 and 50 per cent of the 
weight of the web when crimped intermediate stiffeners are used, with 
an increase of about 20 per cent if fillers are used under intermediate 
stiffeners. This is a matter which depends to a considerable extent on 
the limitations placed on stiffener spacing, and strict interpretation of 
some stiffener spacing formulas will raise these averages about 10 per 
cent in ordinary cases, and as much as 25 or 30 per cent for shallow 
girders with relatively thin webs. 

Assuming that for ordinary girders the average gross area of a 
flange may be taken as 95 per cent of the net area at the point of maxi- 
mum moment, that the weight of details may be taken as 45 per cent of 
the web weight if crimped intermediate stiffeners are used and 65 per 
cent if intermediate stiffeners are on fills, and remembering that 1 sq. in. 
of steel 1 ft. long weighs 3.4 lb., the following formulas may be written: 


Let w 
d 

M 

Then 

w 


the weight of the girder, in pounds per linear foot; 
the depth of the web, in inches, also to be taken as the effective 
depth generally; 

the maximum bending moment, in inch-pounds; 
the allowable intensity of stress on the net section, in pounds 
per square inch. 

2 X 3.4 X .95 ~ ^ ^ 

M ^ 

6.46 — ; + 4.12^d for crimped intermediate stiffeners. (63) 
sid 


If t is dependent only on the designer's choice we may differentiate 
this expression and find that for any particular value of t the depth 
giving the least weight is 



( 64 ) 


when intermediate stiffeners are crimped. 

If intermediate stiffeners are on fillers, we have 

If; = 2 X 3.4 X .95( — , -ltd) + IMtd 

\5ia 8 / 

M 


= 6.46 — + 4:Mtd 

sid 
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which upon differentiation yields 
d = 1.16-y/^ 


M 

Ult 


(64a) 


as the least weight depth when intermediate stiffeners are placed on 
fdlers. 

Formula (64a) is commonly given in textbooks as the relation deter- 
mining the least weight depth with a coefScient of 1.1 instead of 1.16 
as given above. 

As a matter of fact, formula (64a) is seldom correct, no matter 
which coefficient is used, as t is generally not dependent on the designer's 
choice only, but is a function of the depth. The most common case in 
which formulas (64) and (64a) may be applicable is that in which the 
shear is so large that the area of the web is determined by it and not 
by a limit on minimum thickness. Specifications for design usually 
limit the minimum thickness of the web to 1/160 D, 1/170 D, 1/200 D, 
or 1/20\/D, where D is the clear depth of the web, and in the majority 
of cases the thickness is determined by such a limit. 

Letting = a factor based on the depth of the web, rather than 
the clear depth, such that 
t = d/k has the same value as 

t = jD/ 160 or D/170 or D/200 or '>/d 720, as the case may 
be, we may rewrite (63) 


^ M 4.12d2 
w = 6.46 — ; 4 z — 

sia k 


Differentiating we find 


d - 0.92 


3 Mk 


Si 


(65) 


( 66 ) 


for the least weight depth of girders having crimped intermediate 
stiffeners, and 

d = O.Ssd^ (66a) 

Si 


for the least weight depth of girders having intermediate stiffeners on 
fillers. 

If D = the clear depth of the web, d = the overall web depth in 
inches as above, and A = the total width of flange material against the 
web, evidently 


D =^d-A 
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and 


/c = 160 ■ 


or 170 


d 


or 200 


d 


or 20 


d 


{d — A) {d — A) {d — A) 's/ d — A 

or if some other factor than 160, 170, or 200 is used, and K is that factor. 


h = 


K 


d 

id -A) 


Figure 95 shows values of the cube root of k for the most common limits 
on t. These diagrams are drawn for A = 12 for 6-in. angle legs against 
the web, and ^ = 16 for 8-in. angle legs against the web. The student 
will have noticed of course that h is dependent on d which is not known, 
but examination of the diagrams in Fig. 95 will show that the cube root 
of k has verj^ little change over a considerable range in depth of web and 
it will be found sufficiently accurate in using the above and subsequent 
formulas to take from the diagrams, for a depth of web equal to 
about 1/10 of the span, or whatever other depth experience indicates 
as probably about right. 

Diagrams are also given for K = 50 and K = 60, for three values 
of A. It is often desirable to design plate girders so that intermediate 
stiffeners may be omitted. Most specifications permit this omission 
when the web has a thickness of not less than D/60, while some require 
a thickness of not less than D/50. In such cases the percentage of 
details becomes small and somewhat variable but may generally be 
taken as about 10 per cent of the web weight. Assuming this percent- 
age of detail material we may find by the methods given above that the 


least weight depth is 3 

d = 1.03 -YMk/si 


(67) 


It is sometimes desirable to design girders without cover plates 
or with one full length cover plate, as is frequently done in stringers 
for railroad bridges. In this case the average gross area of the flange 
is about 15 per cent more than the net area at the point of maximum 
moment. Proceeding as before we may find that the least weight depth 

becomes , , 

d = VMk/si (68) 

for girders without cover plates and with crimped intermediate stiffeners. 

And 3 

d = 0.95 VMk/si (68a) 


for girders without cover plates and with intermediate stiffeners on 
fills. When a girder is designed without cover plates the difference 
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between the effective depth and the web depth becomes appreciable, 
and the depth found by (68) and (68a) should be taken as the effective 
depth. 




Web Depth in Inches 



Fig. 95. 
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If a girder is to be designed without cover plates and without inter- 
mediate stiffeners its least weight depth will be 

d = 1.12 V Mk/si (69) 

Formulas (66) to (69) inclusive were developed originally by the 
author and have never before been published. They have been found to 
give satisfactory results when checked against designs of known economy 
in weight. 

Although formulas (66) to (69) inclusive are simple and easy to 
apply^ many designers will prefer relations which may be used without 
the aid of the diagrams shown in Fig. 95, even though they be less 
exact. For such the results may be summarized into two formulas 
which are given below. For girders with intermediate stiffeners the 
economic depth may be taken as ; 

d = 5.5 -Vm/si (70) 

And for girders without intermediate stiffeners the economic depth 
may be taken as: 

d = 4.6 V'1?M (71) 

Formulas (70) and (71), although more approximate than those from 
which they are deduced, will give results within a small percentage of 
the least weight depth, and in the hands of the designer who has studied 
the variations in depth, as determined by formulas (66) to (69), will 
prove adequate for probably a majority of applications. 

Of course it is also true that if greater exactness is desired, in a 
particular case, one may adjust the constants in the fundamental 
relation to any conditions which unusual requirements impose and 
develop formulas of as great exactness as available data will permit. 

It should be pointed out that these formulas assume a continuous 
variation in the web thickness, whereas the thickness actually varies in 
jumps of 1/16 in. Consequently when the formula pertinent to the 
governing conditions indicates a least weight depth which is near the 
lower limitin g depth for a given thickness, it may be foimd that the 
actual least weight depth is nearer the upper limit of depth for that 
thickness, the reason being that the web weight increases directly as the 
depth (instead of as the square of the depth) within the range in which 
a given thickness may be used. For example, strictly applying the 
1/160 limi t, means that any girder having a depth of more than 76 in. 
(8-in. flange angles) must, and one having a depth less than 86 in. may, 
have a web thickness of 7/16 in. If the least weight depth formula 
indicates 82 in. as the proper depth, it may be true that a greater depth 
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(up to 86 in.) may give as light a girder or perhaps a slightly lighter one 
than the depth of 82 inches. 

It seems desirable to repeat the warning, given at the beginning of 
this article, against using formulas for economic depth automatically, 
and allowing them to blind the user to the existence of other factors 
which may be of controlling importance. The designer who wishes to 
employ such formulas should acquaint himself with the assumptions 
made in their development, and study the effect on the validity of the 
formulas of variations in the assumed data. The author would like to 
add that this procedure should not be restricted to formulas for economic 
depth. 
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TENSION AND COMPRESSION MEMBERS 

85. The most common types of tension members and compression 
members are shown in section in Figs. 4 and 5 and were very briefly 
described in Chapter 11. It is the purpose of this chapter to discuss 
briefly the suitability of the various types and the general principles 
involved in their design, and to illustrate with design calculations. 

86. Suitability of the Common T 3 ^es. — To facilitate reference to 
the sections, Figs. 4 and 5 are reproduced here as Figs. 96 and 97: 
the letters at the headings of the following paragraphs refer to the 
individual sketches in these figures. 

Tension Membees, Fig. 96. — (a) Rods in the form of loop rods,^^ 
or plain rods with clevis connections, were formerly used extensively in 

B B B B B B B 

(a.) (I) (c) (d) (h (f) 4) 


B B B B B 



Fig. 96. 


steel structures. They are not so common in current practice, being 
generally restricted to relatively unimportant bracing members, tem- 
porary erection ties, and bracing in more or less temporary structures. 
Upset ends, that is, ends which are enlarged so that the area at the 
root of the thread is at least equal to, and generally greater than, the 
area of the body of the rod, will result in a saving in weight in long rods 
but unless the saving is considerable the cost of upsetting may exceed it. 

(6) The type of tension member shown at (6) has had extensive use 
in eye bars for pin-connected structures. Flats and plates have had 
some use as tension members in riveted trusses of small capacity. 
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(c) Single-angle tension members are commonly used for bracing in 
buildings, plate-girder bridges, and light truss bridges. They are 
sometimes used in building trusses but are undesirable in such cases 
except for hangers which carry no computed stress. As ordinarily 
connected single-angle members are subjected to severe bending stresses 
which are frequently ignored. Some specifications contain a clause 
similar to the following; * When single-angle members subject to 
direct tension are fastened by one leg, only 75 per cent of the net area 
shall be considered effective. Angles with lug angle connections shall 
not be considered as fastened by both legs.’^ This is equivalent to 
assuming that the bending stress is 25 per cent of the intensity of stress 
ordinarily allowed. The actual bending stress is dependent on the 
manner in which the angle is connected and the relative rigidities of the 
angle and the member to which it is connected; under the most favorable 
conditions the bending stress may be practically zero, and under com- 
mon conditions it may be as much as or more than the intensity of direct 
stress. The author does not consider single-angle tension members 
suitable except for secondary members carrying no calculated stress or 
for bracing members which connect to rigid members such as the 
flanges of plate girders or the chords of trusses. 

(d) The form shown at (d) is widely used for single plane trusses of 
all kinds and is satisfactory in such cases for stresses which require only 
two angles. This form is sometimes modified by the addition of one or 
more cover plates, on the outstanding legs, to secure additional area. 
Obtaining additional area in this manner is objectionable in an open 
web girder or truss as each plate added changes the location of the 
center of gravity of the chord section. It is generally impracticable to 
shift the position of the chord bo accommodate the new position of the 
centroid, and the resulting eccentricity produces bending stresses which 
may be large. Such stresses are commonly neglected, but when com- 
bined with the direct stress may give a total intensity from 50 to 100 
per cent greater than the designer assumed in his calculations.* 

(e) The form shown at (e) is suitable for tension diagonals in heavy 
single plane trusses. It has no advantage for such use over angle 
members of the form shown at (d) except that it is possible to obtain 
the required number of rivets in a somewhat shorter distance. It is 
suitable for the lower chords of ore bridge trusses or other trusses which 
must carry moving loads directly on the chord. The size of the 

* Art. 46, General Specifications for Steel Frame Buildings, “Structural Engineers 
Handbook,” p. 77. Third Edition, McGraw-Hill Book Company. See also Art. 
54, “General Specifications for Steel Railway Bridges.” Fourth Edition, 1931, 
American Railway Engineering Association. 
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channels in such cases is generally determined by the space needed for 
the wheels of the hoists which move along the chord. A chord of this 
section lacks lateral rigidity which makes fabrication in the shop and 
erection in the field difl&cult, for long trusses, and requires lateral sup- 
port at frequent intervals in the completed structure. 

(/), (g), and (h) These forms are all suitable for tension diagonals 
in light and moderately heavy double plane trusses. The form shown 
at (/) is frequently used for lateral bracing and secondary members. 
The form shown at (g) is also used for lateral bracing members in 
bridges, and may be used for the tension chords of light trusses. The 
form shown at (h) is suitable for tension chords of moderate capacity. 

(^) The form shown at (i) is much used for the diagonals and chords 
of short-span railroad bridges and moderately long-span highway 
bridges. Definite limits cannot be set because of the wide variation in 
loads. The flanges of the channels may be turned out instead of in 
when they will not interfere with the floor system of the truss. When 
the flanges are turned out the fabrication is much easier but the detail 
material (batten and tie plates or lacing) must be heavier and cannot 
be carried beyond the edge of the gusset plates. When additional area 
is required vertical plates of the same depth as the channels may be 
added on their backs or plates having a smaller depth may be added 
between the flanges, as shown by the dotted hnes. Full-depth plates 
are more eflB.cient but frequently less convenient in detailing. Because 
of their larger radius of gyration, members of this type are more efficient 
than the four-angle types shown at (g) and (h) for tension diagonals 
which must also resist reversal of stress; they are less efficient for 
diagonals carrying tension only because of their greater amount of 
detail material. 

(j) and (h) The forms shown at (j) and Qc) are suitable for heavy 
riveted trusses. They are of course of the same basic form as that 
shown at (i), and the statements made in connection with it are equally 
applicable here. The forms shown at (j) and (Jc) are more expensive in 
the shop than that shown at (i) because of the greater amount of 
riveting required in their fabrication, and they should not be used when 
the latter type has adequate capacity for the member in question. In 
general, it is not desirable to have one or more sections of the form (i) 
combined in the same truss chord with sections of the form (j) or (fc). 

(1) The form shown at (0 has not been extensively used. As 
already pointed out it is more economical of material, for the same 
capacity, than the forms shown in (i), (j), and Qc) because it has only 
one plane of detail material. The transfer of stress in the cover plate is 
indirect, and the shop work is expensive under current methods. Most 
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fabricators would prefer to build an equivalent member of the type 
shown at (^) or (j), and because of the simpler shop work the total cost 
may frequently be less for the latter types, in spite of the greater amount 
of detail material required. 

Compression Members, Figs. 96 and 97. — Much that has been 
said concerning the suitability of the types of tension members applies 
equally well when those same types are used as compression members. 

(c), Fig. 96. The form shown at (c), Fig. 96, is used a great deal for 
the columns of light water towers, transmission towers, and similar 
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structures. It is also widely used for short bracing members in plate- 
girder bridges and buildings. It is sometimes used for very short com- 
pression members in roof trusses of the Fink type, and for secondary 
members carrying no computed stress in building trusses of other types. 
When connected by one leg, as is usual in building trusses, it may be 
subjected to severe bending stresses resulting from the eccentricity. 
The author does not consider the single-angle compression member 
suitable for primary members in a building truss. Some engineers do 
not approve of its use as a secondary member, i.e., as a bracing member 
in plate-girder bridges for example, but it has been very extensively 
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employed in such cases and the author does not know of any instance in 
which it has not proved satisfactory. 

(d), Fig. 96. The form shown at {d) in Fig. 96 is common in single 
plane trusses, and the statements made in connection with tension 
members of this form apply also to compression members. 

(c), Fig. 96, The form shown at (c), Fig. 96, is not an economical 
compression member. It lacks lateral rigidity and must have lateral 
support at frequent intervals. It is seldom used unless the member 
must resist bending in a vertical direction. If a third channel, or a 
plate, placed horizontally is riveted to the top flanges of the vertical 
channels the resulting member is satisfactory but expensive to fabricate. 

(/), Fig. 96. This form is used to a considerable extent for struts 
which do not carry computed stress and for bracing members in bridges 
and buildings. Its small radius of gyration about an axis parallel to 
the plane of the lacing makes it unsuited for members of great length. 
It is less commonly used as a column than as a tension member. 

(g) and (/O, Fig. 96. These forms are very widely used for columns 
in all kinds of structural work. They are easily fabricated, require a 
minimum of detail material, and the connection of other framing 
members to them is simple, direct, and economical. They are unsuited 
for great lengths because of the small radius of gyration about the axis 
parallel to the w^eb. The outstanding legs of the angles tend to buckle 
locally if made too thin, and there is danger that these legs will be 
crippled locally by accidents in handling. They are less economical 
of main material and less rugged than the box forms shown in {i), (j), 
and (k) of Fig. 96 and (cf), (e), and (/) of Fig. 97, but the advantages 
mentioned above make them strong competitors and more popular for 
office buildings, industrial buildings, and light bridges. The rolled 
H column showm at (p), Fig. 97, belongs to this group and is more com- 
mon in office-building work than the four-angle fabricated type. 

(0; (i)? (^); Fig- 96. These forms are suitable for compression 

chords and diagonals in riveted trusses and have been used to some 
extent for such members in pin-connected bridges. The form shown at 
(i) is not suitable for very heavy members, but those shown at (j) and 
^(k) may be used for the largest stresses. They are often reinforced wdth 
added material as shown by the vertical dotted lines. 

(I), Fig. 96. The statements made regarding the use of this type as 
a tension member apply also to its use as a column. Though admitting 
its economy of detail material the author doubts its economy as a whole 
with fabricating shop practice as it is at present. 

(a), (6), and (c). Fig. 97. These forms are widely used as top chord 
and end post sections for bridge trusses. The form shown at (a) has 
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been used to some extent for viaduct columns as has that at (b). The 
form shown at (c) is not popular with fabricating shops because of the 
difficulty in driving all the rivets by machine. The onlj excuse for its 
use is that the inside angles at the top permit a thinner cover plate to be 
used than is possible in a section of the type shown at (6), and that is 
sometimes convenient when the specifications with which the designer is 
working have an abnormal limit on cover plate thickness. All the 
rivets generally can be driven by machine if the distance D, Fig. 97 (c), 
is not more than about 18 in. In (a) and (6), Fig. 97, dotted lines show 
how additional area may be obtained; plates may be added in a similar 
manner to the member at (c). In adding plates outside, care must be 
taken not to add so great a thickness that riveting in the flanges will be 
interfered with. 

(d) , Fig. 97, shows a form which has had considerable use in building 
work. It is efficient and requires little detail material. Connections 
to it are not so easy as to the four-angle I type and after fabrication it 
cannot be painted or inspected inside. It has had less use in recent 
years than formerly. 

(e) and (/), Fig. 97, show forms which are frequently employed in 
viaducts and elevated railway structures. As shown they are of rolled 
channels and I’s, but may be built of plates and angles, as is also true of 
the section shown at {d). The section shown at (e) built up of plates 
and angles has been used in heavy bridge work, and makes an efficient 
and economical column for heavy loads. The open sides should be 
connected with battens or lacing or both, but this detail is often 
neglected. 

DESIGN 

Tension Members 

87 . The design of a tension member is simple in principle. If An is 
the required net area: p 

An = - (72) 

Si 

where P = the total stress to be resisted; 

Si = the allowable intensity of stress on the net section. 

The proportioning of the member to obtain economically the required 
net area is not so simple, and may, in heavy riveted members, become 
rather difficult. 

The material composing a tension member should be so chosen and 
arranged that as large a part of it as is practicable may be directly 
connected to the gusset plates, splice plates, or supports. It is impor- 
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tant also that the net area be as large a proportion of the gross area as is 
possible, but it is a mistake to try to take out too few holes* The net 
area will seldom exceed 92 or 93 per cent of the gross and generally 
should not be less than 80 per cent. The net area is a larger proportion 
of the gross when the member is composed of large thin shapes and plates 
rather than smaller and thicker material, but the use of thin material if 
carried to extremes results in a member of such width that secondary 
stresses will be abnormal. The width in the plane of the truss should 
not exceed one-tenth of its length, to comply with most specifications, 
and it is desirable that it be made less. When the member under con- 
sideration is one section of a truss chord it is necessary that it be con- 
sidered in relation to the other parts. It must be possible to pass from 
one section to another without difficult and expensive connections, and 
the changes in area between sections should be possible by easy addi- 
tions of material without change in form. For example, if one section 
of a chord is a member such as shown at (g) in Fig. 96 the other sections 
should be of the same shape and additions in area, if necessary, made by 
the addition of plates, as shown in (h), Fig. 96. 

88. Net Section. — The size of holes to be deducted in design com- 
putations has already been discussed in connection with plate girders, 
and in the design of tension members the only point needing further 
mention is the number of holes to deduct in any case. 

The number deducted in design should be the smallest which can be 
maintained in detailing without the use of splices and connections of 
excessive length, or the necessity of distances between adjacent rivets 
which violate the limits permitted in the specifications. It is impossible 
to lay down rigid rules; it is necessary that the designer be familiar with 
what can be and is done in detailing and fabricating structural steel. 
The following may be used as a guide in designing the forms shown in 
Fig. 96: 

(a) The area at the root of the thread for threaded ends, unless the 
rod is upset so that the area at the root of the thread exceeds the 
area of body of the bar. 

(b) One rivet for flats 6 in. or less in width and two rivets up to 
12 in., which is about as wide as such members should be made. Of 
course when the member is an eye bar '' the entire cross-section of the 
bar is available, if the head is properly proportioned. The heads of 
eye bars have been well standardized.* 

(c) One hole generally, but two may be necessary if clip angles are 
used at the connections. 

* See General Specifications for Steel Railway Bridges/' Fourth Edition, 1931. 
A.R.E.A., Arts. 138, 250, 251, and Appendix A, Arts. 440 and 529. 
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{d) One hole from each angle is generally sufficient, but splices, 
bracing, or other framing connections may require additional holes to 
be deducted. 

(c) Two holes from each channel web or one from each flange 
whichever deducts the most area. Deduction of holes in web and 
flanges may be necessary because of lateral bracing connections. 

(/) and {g) One hole from each angle. 

Qi) Two holes from each angle and two from each plate if side plates 
are used, and one hole from each angle and two from the web if not, 

{i) Two holes from each channel web or one from each flange, if no 
reinforcing plates are used. If reinforcing plates are used two from 
each web and one from each flange. 

0)3 0^)7 (0 Two from each angle, three from each plate, for 

plates not over 18 in. or 20 in. wide, and four or five from each plate for 
plates up to about 36 in. in width. If reinforcing plates are added 
between the angles at least four holes must be deducted from each web 
and at least two holes from each plate between the angles. 

The student should understand that these are approximate rules, and 
it may be necessary in some cases to deduct more holes where lacing bars 
or splice material require close riveting. Riveted tension members are 
made deeper than 36 in. and about the same relative number of holes 
should be deducted, but the matter of detailing increases in importance 
with the size of the member, and for large sections the design can hardly 
be separated from it without resulting in a considerable amount of wasted 
effort on the part of both designer and detailer. 

89. General Appearance. — The matter of general appearance should 
be given some weight in proportioning members, whether tension or 
compression. The more important members should look more massive 
than the less important, and to that end, chords should generally be a 
little wider than the diagonals and verticals and the width of the diag- 
onals should decrease towards the center of the span, or have the same 
width throughout. It does not look well, to the author at least, to have 
the diagonals at the ends of the truss of more slender proportions than 
those near the center, although this condition is sometimes hard to avoid 
when the diagonals are designed to resist reversal of stress. This is 
particularly true in pin-connected structures, where eye bars may be 
used for the diagonals near the end, but riveted members must be used 
near the center if they are to resist compression as well as tension. 

90. Design of Members Subject to Direct Tension and Bending.— 
Tension members which are to resist bending in addition to direct stress 
must sometimes be designed. 
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the net area required; 

the maximum allowable intensity of stress on the net 
section, in pounds per square inch, or kips per square 
inch; 

the direct stress, in pounds or kips; 
the bending moment, in inch-pounds, or inch-kips; 
the distance from the neutral axis to the extreme tension 
fiber, in inches; 

the radius of gyration of the net section about the neutral 
axis, in inches. 
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_P Me 

An ArX^ 


An = 


P Me 
1 - 

Si Sir- 


(73) 


In this formula the student should notice that the term P/si is the 
area required to resist the direct stress and Me/ (sir^) the area required 
to resist the bending. 

It is necessary to estimate r and c in advance of design. The distance 
c frequently may be definitely fixed, and r may be estimated most easily 
with the aid of a table of approximate radii of gyration such as Table II, 
page 421. It should be noted that r is given above as the radius of 
gyration of the net section, but since the moment of inertia of the net 
section is approximately to the moment of inertia of the gross section 
as the net area is to the gross area, r may be taken for either net or gross 
section with sufficient accuracy. 

The moment If in the above is the bending moment due to trans- 
verse loads (including the weight of the member if desired) and does not 
take account of the eccentricity resulting from deflection due to the 
loads, or that caused by manufacturing and fabricating defects. 
Eccentricity due to the latter cause is uncertain. In a tension member 
it tends to correct itself and is always neglected in design. Eccentricity 
due to deflection caused by the transverse loads may be estimated and 
is sometimes considered. Although it is seldom of much importance, 
it may be desirable to take account of it in some cases and it will be 
discussed approximately in the next article. 

91. Approximate Effect of Eccentricity Due to Deflection. — When 
the designer wishes do include the effect of deflection due to trans- 
verse loads the following approximate analysis may be used. 
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P = the direct stress in the member; 

M = the bending moment at the center due to the transverse 
loads only; 

A = the deflection of the neutral axis at the center, away from 
its unstressed position; 

ikf' = the bending moment at the center taking account of the 
direct stress, P, as well as the transverse loads. 


The quantity A may always be expressed as 


I M'L^ 
<t> El 


(74) 


in which 1/0 = a factor depending on the conditions of end restraint 
and the distribution of the loads; 

L = the length of the member, in inches; 

I = the moment of inertia of the gross section; 

E = the modulus of elasticity; 

M' is as previously defined. 
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The table above gives the value of A and !/(#> for a few of the 
simpler conditions of loading, for ends without restraint and also for 
fixed ends. It should be particularly noted that the center deflection 
is expressed in terms of the center moment in the first eight cases and 
in terms of the end moment in the last four. 

The effect of the direct stress, in a member subjected to tension, is 
evidently to reduce the bending moment due to transverse loads, and 
for ends without restraint (i.e., pin-connected ends) we may write 

ikf' = M - PA (75) 

and for fixed ends it is sufficiently accurate for practical purposes to 
write 

= (76) 

These expressions are for the center moment as stated. If the end 
moments are to be considered, and they may be important, we may 
write with sufficient accuracy 

M'. = (77) 

in which == the end moments due to the transverse loads only; 

M'e = the end moments taking account of the direct stress P. 
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Substituting the value of A given by (74) in the expressions (75), 
(76), and (77) there result 


M' = 

M 

(75a) 

l + I^ 

<t> El 

M' = 

M 

(76a) 

l + n^^ 

^2 El 

M\ = 

Me 

(77a) 

, , 1 1 PL2 


^ qi 2 El 


The value of l/<^> may be taken from the table for the more common 
conditions of loading, or evaluated from the fundamental definition 
for other conditions. Study of the table will show that 1/10 is a fair 
approximation for the first four cases and is generally used for practical 
purposes. 

Then as in Art. 90 

P M'c 

An AnT^ 
or 

g Z. i / — - — \ 

AnAnV^i^ ^ PL^ 

^ lOElJ 
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^ + ^ A 

” s.sxtH^ , PL^ 
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(78) 

(79) 


In this expression I is the moment of inertia of the gross section, as 
stated above, and may be written Ar^. For the sections most commonly 
used for tension members r varies from about 2/10 d to 35/100 d, 
where d is the depth of the member in inches. Using a value of 3/10 d 
(79) may be written 


A„ 


P_^Mc 

Si sir^ 
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9 EAd^. 



208 


TENSION AND COMPRESSION MEMBERS 


[Chap. 4. 


Except for the term in the parentheses this is exactly the* same as 
equation (73). Since the term in the parentheses is less than 1 in all 
cases evidently the influence on the design of including the effect of 
deflection is to reduce the area which must be added to resist bending. 

It will be worth while to devote a little study to the term in the 
parentheses to see how much the design is really affected when deflec- 
tion is included. 

Suppose, for example, that the basic stress allowed in design ig 
18,000 lb. per sq. in. on the net section, and that the area required to 
resist the direct stress is a large proportion of the total area, say 90 per 
cent. Then if the net area is 86 per cent of the gross (a fair average) 
the quantity P/A in the parentheses in (80) will be, 0.90 X 0.86 X 
18,000 = about 14,000 lb. per sq. in. If the moment is relatively 
small, as it must be when the area to resist the direct stress is a large 
proportion of the total, the ratio L/d is hkely to have a fairly high value 
but would seldom exceed 20 to 25. Assuming for the case in question 
that L/d = 25 and E = 30,000,000, the term in the parentheses becomes 

/ 1 ^ 

( 10 X 14,000 X 625 

9 X 30,000,000 

which means that the area to be added to resist bending may be 24 per 
cent less than would be found neglecting the deflection. The area 
to be added to resist bending, however, is only 10 per cent of the total, 
and the effect on the member as a whole is then, 

0.10 X 24 = 2.4 per cent 

i.e., taking account of the deflection would permit a 2.4 per cent reduc- 
tion in the area of the member. If the ratio L/d were 20, which would 
be more likely, the saving would be only 1.7 per cent. 

Going to the other extreme and assuming that the area to resist 
direct stress is only 30 per cent of the total, and that L/d = 10, which 
would be likely for a member carr3dng a large moment, the term in the 
parentheses becomes 

/ 1 = 0.98 

10 X 4600 X 100 

9 X 30,000,000 / 

or the reduction in the area to be added to resist moment is 2 per cent, 
and the saving in the member as a whole is 0.02 X 0.70 = 1.4 per cent. 

It must be kept in mind that the above analysis is approximate, but 
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it should be sufficient to show that it will seldom be necessary to include 
the effect of deflection in the design of tension members subjected to 
bending in addition to direct stress. Moreover, this analysis assumes 
that the member acts as a simple beam, i.e., that there is no moment at 
the ends, whereas as a matter of fact every tension member has some 
restraint at the ends which generally reduces the center deflection and 
therefore generally reduces the saving in area resulting from including 
its effect in design. 

Equation (79) gives the area as determined by the intensity of stress 
at the center of the member. When the ends have considerable restraint 
the intensity of stress at the ends may govern the required area. The 
end moments are affected by the deflection between the supports, 
although not necessarily entirely dependent thereon. If the end 
moments control the required area and the designer wishes to allow for 
the effect of deflection between the supports, the method expressed by 
(80) is applicable, but of course the constants must be adjusted to fit 
the end conditions: the method of attack is the same; the effect of the 
deflection, however, is even less than at the center and seldom if ever 
need be included. When the effect of deflection is neglected the method 
of design expressed by (73) is directly applicable, using for M the maxi- 
mum moment on the member whether it occurs at the end, at the center, 
or elsewhere. 

92. Illustrative Example. DP12. — ^As an illustration of the fore- 
going discussion of the design of tension members the calculations on 
Sheets 1 and 2 of DP 12 are presented. 

The student will notice that the design when there is no bending to 
be considered is perfectly direct. When bending moment must be 
provided for, the design is necessarily cut and try, i.e., the properties of 
the member are involved and these cannot be definitely determined 
until the member has been proportioned. The approximate radii of 
gyration given in Table II, page 421, are very useful in such cases. 
For example in the calculations under 6, Sheet 2 of DP12, the approxi- 
mate radius of gyration is found as 8.1. Recognizing that the values 
given in the table are somewhat large for thick webs we may assume 
r = 8.0, in estimating the area required to resist bending. Actual 
computation shows it to be 7.76. 

The student will do well to assume that the members designed on 
Sheet 1 are fixed ended and see what effect this has on the design for 
cases (6), (c), and (d). In doing so he should keep in mind that the top 
fibers of the member will be in tension at the fixed ends instead of the 
bottom fibers as at the center. In dealing with unsymmetrical members 
this is a matter of importance. 



ILLUSTRATIVE EXAMPLE DP12 


Tef76h/7 Members Doub/e Plane Tvpe 


Stress In Member -SOO^i lemth =S0'-0"; Snits Free 


(a) /Veff/ecffn^ own weight 

^7 ^ — ^ SaOFFnef 4-^ 6x4x-f ^£3.44-5.00^18.44 
£ -Pis. £2xi^ = 38. 50 -7.00^ 31. 50 


DP fZ 


Tension 

Members 


W3Z T.as. 


Sheet 2 ofZ 
A.I.S.C. Specs. 


6J.94°'^gross 4$.94°''nef 


III 


Wt ^61.94x3.4 ^ ZlCAt/f 

3a f fen Pis., lacing etc. - 30 


*/r 


(h) Taking accouni of own weight, bai negiecting effect ofctefiection —ends free 

Assi/me JWt. - 2 SO*/r 

rj(..}( - .38x22.5 - 8. 1 approx, say 8.0 

^OQ Moment^ZmKMix7Z-^338"^ 

4^ - SOO . S38X1US ^ 3.30 

^8 r&ox 8.0^ 

* Gross Ix-x 

4-8: 8x4 x^ =£7. 78-6.00^21. 76 2432 

j 2-Pis. £2 38.50-7.00^ 31 50 1553 

i ^ 6€.Z6°"gro$s 52.26°"nef 2986 

X X ^ — 

J j I = 

I Wt.=66.26x3.4 =225 

. , . Battens, iacing, etc. = 35 

Assan?ed Wt. = £SO*/r\ Corrected area pao^/ 

/>.^= 8.0 ] to resist bending _ , 

ZSO [ 7.76J 

Corrected An -53.65°"net 


6€.Z6°"gro$s 52.26°"net 3986 


(c) Taking account of own weight and effect of deflection - ends free 


A 


y. 332x11.25 / 7 \ 

isx 778^ I /V- 800X360X380 ) 

\ 10X30,000X3986 / 


Assume moment - -^^xOSS-SSZ 

Zqv 


SO.OO 

= 50.0-7-3.65x.9ll = 3.33 

S3.32°'^net 


Use same section as for (5) 


DP12. 
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Compression Members 

93. The design of compression members is less definite than is the 
design of tension members. The properties of the section are always 
involved and must be assumed in advance of design. In tension mem- 
bers the effects of eccentricities due to defects in manufacture tend to 
decrease with increase in load, but, as has been indicated in discussing 
unsupported compression flanges for beams and girders, the reverse is 
true in columns. 

The discussion of columns in this text will be confined to design but 
it is important for the student to have studied carefully the develop- 
ment of the rational theories and the experimental work on which 
practical design procedure must be based. Most texts on strength of 
materials discuss these matters: a particularly valuable chapter is that 
on “ Columns in “ Strength of Materials,” by the late George F. 
Swain.* A book which gives an extended discussion of columns and in 
addition contains a valuable bibliography on the subject is that entitled 
“ Columns,” by E. H. Salmon, f 

94. Design. — The design of compression members has been the 
subject of an enormous amount of study and much experimentation. 
In spite of these efforts, which have extended over a period of about 
two hundred years, the design of columns is still, and, in the opinion of 
many engineers, will always remain, an empirical process. Scores of 
column formulas have been developed, some frankly empirical, others 
claiming a rational basis but depending on empirical constants. 

Current practice in structural design in the United States depends 
mainly on two types of column formulas : 

(а) The straight-line formula. 

(б) The Rankine-Gordon formula. 

Other types are frequently suggested and have some advocates, f 

* McGraw-Hill Book Company, New York. 

t Henry Frowde and Hodder and Stoughton, London. 

t As a result of the studies and reports of the special Committee on Steel Columns 
and Struts, and the Special Committee on Steel Column Research, of the American 
Society of Civil Engineers, it seems not unlikely that the near future may see the 
well-known secant formula written into design specifications as a standard measure 
of column strength, with simplified parabolic formulas (adjusted to limited ranges 
of L/r) used for practical design purposes. 

The student of column theory and design should acquaint himself with the reports 
and recommendations of the American Society of Civil Engineers’ column committees: 
they may be found in the Transactions of that Society as follows: Vol. 66, 1910; 
vol. 83, 1919-20; vol. 89, 1926; vol. 95, 1931; vol. 98, 1933. 



RANKINE-GORDON FORMULA 


213 


95. Straight-Line Formulas. — All straight-line formulas are of the 


general form: 


Si — s — k — 
r 


(81) 


where si = the allowable average stress = P/A, P = load, A = area; 

L = the length of the column, in inches ; 

T = the radius of gyration, in inches, of the column section, 
about such an axis that L/r is a maximum; 

A; = an empirical constant; 

5 is generally equal to the m^aximum permitted fiber stress in 
tension or compression, but may be an arbitrary factor 
so chosen that it gives the desired values of si when 
reduced by k L/r. 

This type of column formula, which was suggested by Professor 
William H. Burr in a discussion * of some experiments on Phoenix 
columns made at the Watertown Arsenal for Clark, Reeves, and Com- 
pany (now the Phoenix Bridge Company), has been very widely used in 
American practice, although its popularity was not fully attained until 
after the presentation to the American Society of Civil Engineers in 
1885 of a paper, “ On the Strength of Columns: Discussing the Experi- 
ments Which Have Been Accumulated and Proposing New Formulas,’’ 
by Thomas H. Johnson, j Some of the best known forms now in use 


are: 


Si = 16,000 -- 70 L/r, max. = 14,000, A.R.E.A., 1910, and others (82) 


Si = 15,000 - 50 L/r, max. = 12,500, A.R.E.A., 1920, 1923, ] 

1925, 1931 J 

Si = 19,000 — 100 L/r J, max. = 13,000, American Bridge Co. ] 

1912 J 

Si = 16,000 — 60 L/r, fiixed ends 1 f 

J. A. L. Waddell, 1916 
Si = 16,000 — 80 L/r, hinged ends J [ (88) 

96. Rankine-Gordon Formula. — The Rankine-Gordon formula is of 
the general form 

(87) 


(83) 

(84) 

(85) 


Si = 


1 -f- <2 ■ 


L2 


* Trans. Am. Soc. C.E., 1882, VoL 11, p. 113. 
t Trans. Am. Soc. C.E., 1886, Vol. 15, p. 517. 

1 13,000 — 50 L/r for values of L/r between 120 and 200. 
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where a = an empirical constant and si, s, L, and r are as defined in the 
previous article. 

The Rankine-Gordon formula was apparently the main reliance of 
structural engineers until the introduction of the straight-line formula, 
when its use in American practice decreased considerably. It is now 
regaining its popularity, and well-known recent forms are: 


Si 


16,000 


1 + 


— (-Y 

,500 \r / 


Si = 


13 ; 
18,000 


, with a maximum value not to 
exceed that for L/r = 40 


1 + 


18 


/ \“ '^tli a maximum value not to 

1 — I — ) exceed that for L/r = 60 
,000 \r J 


( 88 ) 


(89) 


There are many others differing more or less in the constants and the 
basic intensity of stress permitted but of the same form. 

Although generally known by the name Rankine-Gordon this 
formula was, according to Salmon, J introduced in 1822 by Thomas 
Tredgold, a famous English engineer. Lewis Gordon adapted it to fit 
the experiments of Hodgkinson in the form 


•Si = 


s 


1 -f" u 



and Rankine later modified it to the form now used. 

97. Proportioning. — ^The proper proportioning of a column requires 
first of all that it have an area sujficient to withstand the stress or load 
to which it will or may be subjected without the material at any point 
being stressed beyond a safe intensity. The required area must be 
obtained with the use of a shape or shapes such that there will not be 
undue danger of local failure, i.e., the material must not be so thin that 
the column is weaker in certain parts than it is as a whole, but on the 
other hand the area must not be so concentrated that the column will be 
too slender as a whole. The column should be proportioned in such a 
way that the required area is the least consistent with the physical 
conditions, and last, but not by any means least, the column must be so 

* Trans. Am. Soc. C.E. “Report on Design and Construction of Steel Railway 
Bridge Superstructure,’' VoL 86, 1923. 

t American Institute of Steel Construction, “Standard Specifications for Struc- 
tural Steel for Buddings." 

X “Columns," by E. H. Salmon, p. 132. 
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proportioned that it fits into the structure as a whole without requiring 
that any other part be of abnormal proportions. To satisfy all these 
conditions is frequently difficult and often impossible. It is sometimes 
necessary that an area greater than is needed to resist the actual load 
be used in order to keep the slenderness of the column within the limits 
which good practice has set, and sometimes an abnormal area must 
be furnished to resist the load because of unavoidable restrictions on 
the dimensions of the member, 

98. Required Area. — If 

P = the total stress or load, 

A = the required gross area, 

Si = the allowable intensity of stress, 

then 

A = - (90) 

The problem here of course is the determination of si. The speci- 
fications with which the designer is working will generally fix the allow- 
able intensity of stress in terms of the length of the column, L, and the 
radius of gyration of the section, r. Whereas L may ordinarily be 
determined within reasonable limits, r is not known and cannot be 
definitely determined until the section has been proportioned. The 
design then is necessarily a trial-and-error procedure, although with the 
use of approximate data concerning r,* the design generally may be 
made satisfactorily with one or two trials. 

In order to make use of tables of approximate radii of gyration it is 
necessary to select the general shape of the cross-section and its general 
dimensions. This may be done from the character of the structure and 
the magnitude of the stress to be resisted. Most specifications have an 
upper limit on the slenderness ratio,^’ i.e., L/r, and since the length is 
known this limit fixes the minimum value of r which will be satisfactory. 
Also most specifications fix a maximum value of the unit stress corre- 
sponding to some lower value of L/r, and this lower ratio fixes a value 
of r which there is no advantage in exceeding. The type of column to 
be used having been decided upon and the limiting values of r being 
known, a table of approximate radii enables the designer to fix the 
dimensions within which the column should lie. Since the intensity of 
stress for the maximum value of L/r and the maximum intensity per- 
mitted are known, evidently there are also known limits between which 
the area must lie. The experienced designer wHL not need actually to 

* See page 421. 
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calculate these limits but will make mental estimates of them and pro- 
portion the trial section accordingly. 

For example, suppose that a column having an unsupported length 
of 20 ft. 0 in. and subjected to a load of 360 kips is to be designed for a 
structure that restricts the section to a four-angle and plate I shape with 
a web not exceeding 14 in. in width. Assume that the specifications 
limit Ljr to 120, and allow a permissible stress of 

18,000 

= - ^ 

^ 18,000 

but not more than the value for L/V = 60 or 15,000 lb. per sq. in. 

The designer notes mentally that the least r which the column can 
have and comply with the specifications is 2, and that to obtain such 
an r the flange of the column must be at least 10 in. wide,* i.e., angles 
with 5-in. legs outstanding will be the smallest which can be used. He 
will naturally use larger angles, if possible, in order to reduce the required 
area, and will consider a column with 6-in. legs outstanding and one with 
8-in. legs outstanding, noting mentally that the least r’s will be about 
2.5 and 3.3 respectively, with values of L/r between 90 and 100, and 
betw’^een 70 and 80. The unit stresses permissible will then be about 
12,000 and 13,500, and the required area about 30 sq. in. and 27 sq. in. 
Two columns are than proportioned as follows, and the actual r's com- 
puted. 

6-In. Legs O.S 8-In. Legs O.S 

4-^6X4xf = 23.44 4 - ^8X6Xi = 27.00 

1 - PL 14 X i = 7.00 1 - PI. 14 X i = 7.00 



30.44 

T = V206.3y 30.44 = 2.6 


34.00 


There is no need of going further with the column with 8-in. legs out- 
standing as its area is greater than that of the column with 6-in. legs 
outstanding. Computing the value of L/r and the permissible stress a 
new area is found. 


r "" 2.6 


= 92 


Si = 12,200 lb. per sq. in. 

. 360 

A = = 29.0 sq. in. gr. 


* Table II, page 421. 
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The column as first proportioned is satisfactory but if the designer is 
anxious to get the closest possible design he may revise the section using 
a 14 in. by 7/16-in. web giving an area of 29.57 sq. in. 

99. Actual Column Stresses. — It is important for the student to 
understand that when he obtains a permissible intensity of stress from a 
column formula, that intensity of stress is not the maximum stress per- 
mitted in the column but the average intensity permitted; similarly 
when the total load is divided by the area of the column the result is 
the average intensity of stress, and to obtain the maximiun intensity 
there must be added to this average intensity an additional stress 
resulting from bending caused by the small kinks and bends, lack of 
homogeneity, and other imperfections in the actual column. The 
amount of this additional stress is uncertain and variable, but it is 
presumed that it may amount to the quantity k L{r when using a 
straight-line reduction formula, and sia 1? I r^ when using a Rankine- 
Gordon reduction formula. In design work the engineer is interested 
primarily in knowing the maximum intensity of stress, rather than the 
amount of additional stress resulting from bending as a result of the 
column’s imperfections, and this may be found directly. 

For example, suppose that a column having an unsupported length 
of 300 in. carries a load of 400 kips, has a least radius of gyration 4.3 
and an area of 40 sq. in. The average intensity of stress is 

400/40 = 10 kips per sq. in. 

The actual intensity of stress is not known and cannot be determined. 
The value which it may reach according to the column formula 

Si = 16,000 - 70 L/r 

may be found as follows. According to this formula the maximum 
permissible average stress for this column is 

16,000 — 70 X 300/4.3 = 11,100 lb. per sq. in. 

and the formula states that if the average stress is 11,100 lb. per sq. in. 
the maximum may be 16,000 lb. per sq. in., but presumably will not 
be more. With an actual average stress of 10,000 lb. per sq. in. the 
maximum stress may be 10,000/11,100 X 16,000 = 14,400 lb. per sq. in., 
and presumably is not more. 

There is no way of knowing what fiber is subjected to the maximum 
stress; it may be any fiber (presumably an outside fiber), and its actual 
intensity of stress may be anywhere between 10,000 and 14,400 lb. per 
sq. in. Obviously it is necessary in design to assume that the actual 
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intensity of fiber stress has the largest possible value, and that it occurs 
in that fiber which would make its effect on the column most serious. 

If some other column formula is used by the designer the maximum 
intensity of stress may be found by the same general procedure. In 
the above example if the American Society of Civil Engineers’ Speci- 
fications for Design and Construction of Steel Railway Bridge Super- 
structure,” 1923, compression formula is used 


16,000 

1 /sooV 

^ 13,500 ^ V4.3/ 


11,740 lb. per sq. in. 


and the ma 3 dmum intensity of stress, corresponding to an average of 
10,000 lb. per sq. in., may be 

10,000/11,740 X 16,000 = 13,600 lb. per sq. in. 


Or we may find directly that the maximum intensity may be 




= 13 , 

\4.3/ J 


600 lb. per sq. in. 


100. Limiting Thickness. — The student wiU notice that, in Art. 98, 
8 in. by 6 in. by 1/2 in. angles were used in making up the column with 
S-in. legs outstanding, although thinner 8 in. by 6 in. angles are available, 
the use of which would reduce the area to an amount less than that in 
the column with 64n. legs outstanding. Thin angles are apt to buckle 
locally giving a column which is weaker in detail than as a whole. The 
least thickness considered satisfactory for an outstanding leg is 1/16 of 
its width, and some specifications place a limit of 1/12 of the width.* 

There are limits also on the thickness of web plates and cover plates 
in columns; the requirements f of the specifications of the American 
Railway Engineering Association are typical of such limits. Speci- 
fications for highway bridges allow somewhat th in ner cover plates in 
some cases. I 

101. Economical Proportions. — It is impossible to lay down hard and 
fast rules for the most economical proportions of compression members, 
but there are a few general principles which should be observed. The 
material in a member should be so arranged that the least radius of 
gyration is as large as can be obtained with the shapes used and is 

* Art. 66, A.R.E.A., 1931, ‘‘General Specifications for Steel Railway Bridges.^* 
See also Art. 405 of Specifications in Appendix A. 

T Art. 65, A-R.E.A., “General Specifications for Steel Railway Bridges,'’ 1931. 

t “Specifications for Design and Construe fcion of Steel Highway Bridge Super- 
structure,” Tram. Am. Soc, C.E., VoL 87, page 1283. 
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determined by their properties and not by the spacing of the ribs, i.e., 
in a member such as that shown at {i), (j), or (k), Fig. 96, the channels 
(rolled or built) should be separated far enough so that the least radius 
of gyration is determined by the properties of the shapes about the axis 
A- A, and not by the spacing about the axis B-B. The same is true of 
members such as shown at (a), (6), (c), and (d). Fig. 97. For the 
members shown at (d), (/), {g)j and (A), Fig. 96, unequal leg angles 
should generally be used and the long legs placed perpendicular to the 
axis A~A, Occasionally a pair of equal leg angles will give the most 
economical column of the t3rpes shown at (d), Fig. 96, and when the 
unsupported lengths about the two axes are different it may be most 
advantageous to use unequal leg angles and place the short legs per- 
pendicular to axis A- A. The aim in all cases should be of course to 
make L/r as small as is possible with the material used. Similarly in 
members such as those at (e) and (/), Fig. 97, the channels and beam 
(whether rolled or built) should be so chosen that the radii about the 
two axes are as nearly equal as possible, when the unsupported lengths 
about the two axes are the same. It should be noted that in a member 
of this type increasing the area of the central web or diaphragm, either 
by adding to its thickness or its width, will decrease somewhat the radius 
of gyration about the axis A- A, and when area must be added it should 
be added in the flanges as well as in the web, unless the conditions pre- 
vent. On the other hand, in a member of the type shown at (i), (j), 
and (A), Fig. 96, when the ribs have been placed far enough apart so 
that the radius of gyration about the axis B-B is equal to that about 
A-A a further increase in the distance between them has no effect on 
the permissible intensity of stress; if the unsupported lengths about the 
two axes are the same, and when it is convenient, for local reasons, to 
make the distance between the ribs greater than that necessary to make 
= rji-A 3ao disadvantage results except in a small increase in the 
weight of the detail material. 

102. Convenient Relations. — The following approximate relations 
are convenient in proportioning columns. 

In a member such as that shown at (i), Fig. 96, if the distance back 
to back of the channels is made not less than 8/10 of their depth plus 
1 in. the radius of gyration about the axis B-B will not be less than that 
about the axis A- A. If the flanges of the channels are turned out, the 
distance between their backs should not be less than 3/4 of their depth, 
in which case the radius of gyration about the axis B-B will not be less 
than that about axis A- A. 

In a member composed of built-up channels, as shown at (j). Fig. 96, 
if the distance back to back of angles measured along axis A- A is not 
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less than 8/10 of the distance back to back of angles measured along 
B~B, plus 1 in., the radius of gyration about axis B-B will not be less 
than that about axis A- A. If the flanges are turned out, as at (/c), 
Fig. 96, and the distance back to back of angles measured along A~A 
is made not less than 3/4 of the distance back to back of angles measured 
along B-Bj the radius of g 5 a’ation about axis B-B will not be less than 
that about A- A. 

In members such as shown at (a), (b), and (c), Fig. 97, if the clear 
distance between the webs (channel or plate) measured along A- A is 
made not less than 3/4 of the distance back to back of flanges measured 
along B-B, the radius of gyration about the axis B-B will not be less 
than that about axis A- A. 

In the above relations if the limits on rib spacing along axis A-A 
are met exactly, the radii of gyration about the two axes will be approxi- 
mately equal, with that about B-B generally a trifle larger than that 
about A-A. If the limiting spacing of the ribs is exceeded the radius 
of gyration about the axis B-B wdK of course be increased, while the 
radius of gyration about axis A-A will not be affected in members with- 
out cover plates and very slightly increased for members with cover 
plates. 

Adding vertical reinforcing plates as shown by dotted lines at 

(j)} (/:}, Fig. 96, and (a) and (5), Fig. 97, decreases the radius 

of gyration about the axis A-A, but has little effect on the radius of 
g 3 rration about axis B-B. Full-depth plates have less effect on the 
radius of gyration about axis A-A than plates added between the 
flanges. 

103. Design of Compression Members Subjected to Bending. — 

Columns which are subjected to bending in addition to direct compres- 
sion are quite common. The maximum intensity of stress in such a 
column is made up of two parts: the stress due to the direct load, and 
the stress due to bending. 

Let 5 ' = the maximum intensity of stress on the extreme fiber; 

P = the total direct compression, or load; 

M = the bending moment due to loads applied transversely, or 
eccentrically; 

A = the area of the column; 

/ = the moment of inertia of the column about the principal axis 
perpendicular to the plane of bending; 

c = the distance from the neutral axis to the extreme fiber in 
compression due to bending; 

Sc = the intensity of stress in the column due to direct load; 

Sb = the intensity of stress due to bending. 
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Then 

In this expression 


and 


= 5c “h Sb 
Sc = ^k 

A 



(91) 


Where A: is a factor, greater than 1, which takes account of the fact that 
the maximum intensity of stress in a column subjected to direct load 
only is always greater than the average stress, because of unavoidable 
defects in the column resulting from the process of manufacture; and 
is a factor which is not less, and may be greater, than 1 and which takes 
account of the fact that a beam with an unsupported compression flange 
tends to buckle sideways producing an intensity of bending stress 
greater than is given by the beam formula. Substituting these values 
in (91) it becomes 

P Me 

s' = -jk + —k' (92) 

A I 


and since 


I = Ar^ 

A + 

5 


Me 


(93) 


Since ^ is a factor greater than 1, s' /k is an intensity of stress less than 
the maximum allowable, and is the allowable intensity of average stress 
given by the column formula, i.e., if a straight-line column formula 
is used 



or if a Rankine-Gordon formula is used 



\ CL ' 


L2 


This assumes that the factor k is not affected by the bending moment 
due to the transverse loads. This assumption is commonly made but 
may not be true. Similarly since k' is a factor which may (depending 
on the conditions of lateral support) be greater than 1, s' /¥ is an 
intensity of stress which may be less than the maximum allowable. 
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Evaluation of the quantity s'/k' is uncertain. Since in (93) the term 
Me k' 

— — ; is the area which must be added to resist bending it seems not 

unreasonable to say that /W is the intensity of stress which may be 
allowed in the unsupported compression flange of a beam and may be 
found from (4) or (6) in Chapter III, i.e., 


or 




s 


1 + ^ 


52 


* 


This assumes, however, that the flange in the column, which is in com- 
pression from bending, acts in the same manner as the compression flange 
in a beam. So far as the author knows there are no experimental data 
either to support or disprove this assumption. Some engineers claim 
that it is obviously wrong, because in a beam the compression flange is 
restrained from lateral deflection by the web and opposite flange, which 
is in tension, whereas in the column both flanges are in compression. 
There is some question in the author^s mind as to whether the support 
of the compression flange in a beam by the web and tension flange is 
appreciable. Furthermore, the reduction formulas which are com- 
monly applied to beam flanges in compression were developed under 
the assumption that the compression flange is a column and take no 
account of such support. The author believes that in the absence of 
data to the contrary the designer is justifled in determining s' /k' in (93) 
from a beam flange reduction formula. Substituting si for s'/k and s'l 
for s'/k\ (93) becomes 


where 


P Me 

Si s'lr^ 



or 


s 


L2 

1 + a — 


(94) 


and 



or 


s 


1 + k 


1 ? 

62 


* Si given in (4) and (6), Chapter III, is here changed to s'l to avoid confusion 
with Si as used in the ordinary column formula: A: is a constant, not the h in (92) 
and (93). 
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as indicated above. In these latter formulas k is used merely to indi- 
cate an empirical constant and does not have the same numerical value 
in the various cases, and is not the same as in (92) and (93). 

Engineers who do not approve of the use of a beam reduction formula 
for evaluating s' /k' generally use the permissible stress obtained from a 
regular column formula for both s' /k and s' /k', and then (94) becomes: 


Si SiH 


(94a) 


The above 
principal axis, 
area becomes: 


discussion assumes bending in the plane of only one 
If there is bending in the planes of both axes the required 


P ^ M"c' 

Si s'lr^ s"iri^ 


(95) 


where M, Cj and r are the bending moment, distance from neutral axis 
to extreme fiber, and radius of gyration referred to one of the principal 
axes, and M", c', ri are the corresponding quantities referred to the 
other principal axis. sT and s"i are the permissible intensities of 
stress for beam flanges without lateral support referred to the appro- 
priate axes. 

If we wish to assume that si, s'l, and s"i should all have the same 
value, that obtained from the column formula, (95) will become: 


P Me M"c' 

— I ^ H 2 

Si sir^ siTi^ 


(95a) 


104. Effect of Deflection Due to Transverse Loads. — The method of 
design just presented neglects the lateral deflection of the column due to 
the bending. In a compression member the deflection causes an increase, 
rather than a decrease, in the bending moment. The increase in the 
moment is approximately the same as the decrease in moment in a 
tension member, which was discussed briefly in Art. 91 of this chapter. 
The effect of the deflection is generally neglected, being small; but 
some engineers prefer, and some specifications require, that it be 
included in designing. It may be done in the manner outlined in Art. 91. 
Following the reasoning of that article and using the notation given there 
and in Art. 103, we may write 
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Using the approximate value for M' given in Art. 91 this becomes 


A = 


Fk Mck' / 1 \ 

s' r^s' ( PL2 I 

\ loW 


(97) 


Substituting the values of /k and s' /k' given in Art. 103, and the 
approximation for PL^/IOEI given in Art. 91, (97) may be written 


or 


P Me / 1 \ 

7i ^ 7^^ i ~ 10PL2 

9EAdy 

Si sir^ I lOPL^ I 
~ QEAdV 


(98) 


(98a) 


These equations are identical with (94) and (94a) in Art. 103 except for 
the term in the parentheses, the effect of which is to increase somewhat 
the area which must be added to resist bending. Some idea of the 
amount of the increase may be obtained from the study of the term in 
the parentheses in Art. 91. In compression members the quantities 
P/A and L/d will generally be somewhat smaller than in tension 
members, making the inciease in area for compression members usually 
somewhat less than the decrease in area for tension members. 

The statements made in Art. 91 regarding end restraint apply also 
to the design of compression members subject to bending. 

105. Alternate Method of Design. — Some designers prefer to use a 
trial and error method in the design of members subjected to bending. 
The procedure is simply to assume a member hatdng an area greater 
than is required for the direct stress and to compute the stress on the 
extreme fiber. If the stress is very different from the allowable, the 
area is revised and the stress recomputed. The method is entirely 
satisfactory but less direct if the effect of deflection is neglected, than 
the method given above. The maximum fiber stress may be found 
from p 

s' = jk + ^k', (99) 


when the effect of deflection is neglected, and from 


5' 



PL2 

loW 


(100) 


when it is included. 
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Emphasis should be placed on the fact that —A; is the maximum fiber 
stress due to the direct load and that similarly 


I 


Me 


1 


or 


1 - 


PL2 

lOUl/ 


is the maximum fiber stress due to bending. {P/A)h may be found 
by the procedure given in Art. 99, and the bending stress may be found 
in a similar manner. It should be noted that 

m 

I 


k' in Y 


or 


¥ 


1 


A - 


plA 

loW 


will be unity if the flange in compression from bending is adequately 
supported laterally at the point where the stress is being computed. 
Some engineers compute the stress in a column subjected to bending 


from 

P , Me 

s = 2 + T 


(101) 

or from 

P Me / 

" = I + Tr 

1 \ 

PL^ 

(102) 


lOP// 


The author does not consider this method to be correct as it is the sum 
of an average direct stress and a bending stress which may be a maximum. 
When this procedure is fol- 
lowed, if the total stress is not 
allowed to exceed the permis- 
sible average stress obtained 
from the column formula, the 
error will generally be small 
and on the safe side, if the 
usual limits on L/r and L/b 
are observed. The method is 
equivalent to designing the area to resist bending using the unit stress 
obtained from the column formula, and if the column flange is held 
against lateral deflection at the point of maximum moment the added 
area may be unnecessarily large. 

To show the application, assume that a column having an unsup- 
ported length of 22 ft. 0 in., carrying a load of 400 kips is subjected to a 
bending moment of 80 ft. -kips. A trial section shown in Fig. 98 has 


K 


Area ^49.63'='" 

-A_ /:ra: = 2081 rjc:c^6.47 

lyy = 499 ry^=^3J7 


J4"-A 

\y 

Fig. 98 . 


T 



^ C 
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been selected. The design is to be governed by the column formula 

16,000 — 70 L/r and the beam flange reduction formula 16,000 — 
150 LJh. 

16,000 — 70 X 264/3.17 = 10,200 lb. per sq. in. 

16,000 — 150 X 264/14 = 13,200 lb. per sq. in. 


The bending moment acts in the plane of the axis Y — Y. The maxi- 
mum stress, neglecting deflection, is: 


P _ 400 
A “ 49.63 


= 8.06 kips per sq. in. 


P 8 06 

— k = - — X 16.0 = 12.7 kips per sq. in. 
A 10.2 ^ ^ ^ 


Me 960 X 7.88 


Me 


2081 
3.62 


= 3.62 kips per sq. in. 


k^ = X 16.0 = 4.4 kips per sq. in. 
I 13.2 


Total = 12.7 + 4.4 == 17.1 kips per sq. in. 
Including deflection the term {Me/I)k' must be multiplied by 


1 


1 

400,000 X 264 
10 X 30,000,000 X 2081 


1.04 


and the total becomes 


12.7 + 1.04 X 4.4 = 17.3 kips per sq. in. 

Following the method expressed by equations (101) and (102) the totals 
will be: 


and 


8.06 + 3.62 = 11.68 kips per sq. in. 


8.06 + 1.04 X 3.62 = 11.82 kips per sq. in. 


The first method gives overstresses of 1.1 kips per sq. in. and 1.3 kips per 
sq. in.; the second gives 1.5 kips per sq. in. and 1.6 kips per sq. in. 
The error in the second method is on the safe side and immaterial in 
this case. 

106. Safe Load Tables. — Some engineers prefer to select columns 
from tables of safe loads rather than from required area. Most 
engineers’ handbooks and all steel manufacturers’ catalogs give such 
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tables. Like safe-load tables for beams they must be based on a specific 
intensity of stress, but unlike beam tables it is usually not convenient 
to select columns to comply with a given formula from a table of safe 
loads based on another formula. The slenderness ratio is involved, 
and the relation between different column formulas is not direct. 

Selection of columns from tables to resist direct load only requires 
no explanation. When columns must resist bending in addition to 
direct stress they may also be taken from safe load tables, simply by 
converting the bending moment into an equivalent direct load which 
is added to the ordinary direct load, the column selected from the table 
being based on the resultant load. Brief study of the expressions for 
required area (94) and (94a) should make the proper procedure obvious. 
If the designer is using the method expressed by (94), the bending moment 
may be converted to an equivalent direct load by multiplying it by 
(c/r^) (^i/s'i); if proceeding in accordance with the method expressed 
by (94a), the moment should be multiplied by c/r^. 

The factor cjr^ is given in most steel handbooks for rolled column 
sections. If not given it may be quickly computed — most easily from 
the relation 

in which A = the area of the column; 

8c = the section modulus of the column — 

these quantities being given in every table of properties of rolled columns. 

107. Illustrative Example. DP13. — Illustrations of the principles 
of column design just discussed are given by the calculations on Sheets 
1, 2, 3, and 4 of DP13. 

The student should note the relative efficiency of the members 
designed under (d) and (c) on Sheets 1 and 2: these members offer an 
illustration of the result of using an unsymmetrical section when it 
cannot be turned in the most favorable position. Attention is also 
called to the fact that two 8 in. by 6 in. by 1/2 in. angles with long legs 
together will satisfy the arithmetical requirements of (c), Sheet 2, at 
slightly less weight than the 6 by 6 angles used. There are at least 
two valid objections to the use of the 8 by 6 angles for this member: 
(1) the long upstanding legs which are relatively thin present an invita- 
tion to local buckling, and (2) angles larger than 6 in. on either leg are 
outside the range of structural sizes ” and command an extra price — 
usually 0.1 cent per pound. The possibility of local buckling of thin 
outstanding parts of compression members is a matter on which engi- 
neers are not in complete agreement. The limits noted in Art. 100 
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represent current practice. It should be observed that if 1/16 of the 
outstanding portion is considered satisfactory as a limiting thickness 
8 by 6 by 1/2 angles will be acceptable; but if the A.R.E.A. require- 
ment of 1/12 for main members, or 1/14 for secondary members, is 
considered to represent better design they will not. 

The calculations for (d). Sheet 4, illustrate the penalty in added 
weight which hmitations on size will impose. The reader should redesign 
the member using 6 by 6 angles and webs 28 or 30 in. deep. In an 
actual structure an increase in depth may be impossible, and even when 
possible the increase must not be carried so far as to violate the limita- 
tions placed on web thickness. See Art. 14 (a), A.I.S.C. Specifications. 

It will have been noticed in studjdng these calculations, and also 
those of DP12, that taking into account the bending produced by the 
weight of the members adds an appreciable percentage to the required 
area for the longer and heavier members. This at once suggests the 
question as to how far the designer should go in neglecting the bend- 
ing due to the weight of a member. Opinions differ, and definite 
rules are not easily laid down. The margin of safety between the 
so-called working stress and the yield point of the material should 
evidently be a factor in reaching a decision: the smaller this margin the 
more carefully should stress from various sources be considered. As 
previously stated, stress from this source is generally neglected except 
for long, heavy members, but the dividing line between members which 
are “ long and heavy,” and those which are not, is not well defined. 
One design specification contains the foUowing clause: * “ Stress Due 
to Weight of Member. — ^Where the stress due to the weight of the 
member or due to an eccentric load exceeds the allowable stress for 
direct loads by more than 10 per cent, the section shall be increased 
\mtil the total stress does not exceed the above allowable stress for 
direct loads by more than 10 per cent.” The basic intensity of stress 
in this specification is 16,000 lb. per sq. in. Large and important 
structures have been designed using basic stresses of 18,000 lb. per sq. in., 
20,000 lb. per sq. in., and even more, in which bending stress due to the 
weight of members has been ignored. The author hkes the idea of a 
definite limit, and favors a clause like that quoted above, particularly 
when the basic stress is made as high as 20,000 lb. per sq. in. for carbon 
steel of structural grade. A definite limit automatically takes care of 
length and weight, and also slenderness which is equally important. 

In studying the effect of deflection on the area required to resist 

* “General Specification for Steel Frame Buildings” by M. S. Ketcbum. See 
“Structural Engineer’s Handbook” by the same author, McGraw-Hill Book Com- 
pany. 
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bending, in examples DP12 and DP13, it should be kept in mind that 
the ends were assumed unrestrained, i.e., pin-connected, in all cases. 
End restraint, which is always present to some extent, will modify the 
results. The reader will find it instructive to investigate this matter 
sufficiently to get some idea of what may be expected in the practical 
structure. 

108. Columns Loaded at Two Levels. — design problem which 
occasionally arises is that of a column loaded not only at its upper end 
but in addition at some intermediate point, support in the direction of 
only one axis being provided at the intermediate load point. Figure 99 
shows the conditions. The 
column AB is loaded at the 
top A and there supported 
in all directions; it is also 
loaded at D but there sup- 
ported only in the direc- 
tion of the axis x-x as 
shown in Section 1-1. It 
is always safe of course to 
assume that the sum of the 
loads applied at A and D 
acts at the top. It seems 
clear, however, that such an 
assumption is unnecessarily 
severe; the true condition 
of the column must lie 
somewhere between one 
having a length AB and 
one having a length DB, 
each supporting the fuU 
load. The author considers the following approximate solution satis- 
factory for the design of such a column. 

This solution is based on three assumptions. It is assumed: (a) that 
the defiection curve of the column is a parabola; (6) that the maximum 
lateral deflection of the column occurs at midheight; (c) that the 
experimental coefficient in the Rankine-Gordon column formula is 
applicable to this case. These assumptions should be clearly under- 
stood and kept in mind in studying the solution. 

There are two cases to be considered: (a) that in which the inter- 
mediate load is apphed above the center, and (6) that in which the 
intermediate load is apphed below the center. Either will reduce to 
the more common case of the intermediate load apphed at the center. 
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Figure 100 shows the two cases diagrammatically. The foliowing 
notation and that shown in the figure will be used: 

Pi = the load applied at the top; 

P 2 = the intermediate load; 

P - Pi + P2; 

k = Bj factor such that Pi — kP; 
fc' = a factor such that P 2 = k'P; 
k" = a factor such that P 2 = k'^Pi ; 

€ = the maximum lateral deflection of the column in the direction 
of no intermediate support — assumed to he at the center] 
m = the distance above or below the center at which the inter- 
mediate load is applied, in inches; 



L = the total length of the column, in inches; 

Me = the bending moment at the center, caused by the fact that 
lateral deflection of the column axis produces eccentricity 
of the loads; 

Md == the bending moment in the column at the intermediate load 
point; 

c = the distance from the neutral axis to the extreme fiber in the 
column in the direction of bending; 

s = the maximum fiber stress in the column; 

Si = the average fiber stress in the column = P/A; 

A = the area of the column; 

I == the moment of inertia of the column about the axis perpen- 
dicular to the plane of bending, I = Ar'^; 

T = the radius of gwration about the axis of I. 
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Referring to Fig. 100 (a) it is clear that 

p L 

Me = Pie + Ps ^ (L^ - 4m2) - + P 2 e 

= jPie + ^ (L^ + 4m2) 

2L-^ 

Substituting hP for Pi, and k'P for P 2 this becomes 
Ife - ^ [L2(i + k) + im^k'] 


Then we may write at the center of the column 
_P , 

® A'^ Ar^ 


and 






1 + 


ec 




(103) 


This expression must be correct so far as the assumptions made above 
and the flexure formula are correct. It cannot be used in this form, 
however, as e is not known. The amount of e depends largely on 
accidental defects (arising during the process of manufacture) which 
cause initial eccentricity and result in bending stress as the load is 
applied to the column. The amount of this bending stress is not known, 
of course, but we may say in general that 

s^L^ 


in which Si == the unknown bending stress resulting from initial eccen- 
tricity; 

L = the length of the column, in inches; 

E = the modulus of elasticity; 
c = as defined at the beginning of the article. 

If we replace Si/E by an experimental factor a we may say that 

ec = aL^ 


Replacing ec in (103) by clL^ we have 


Si 




1 + a — 


_£ 

f (1 + ^ 1 

+ _ 



(104) 
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which is the familiar Rankine-Gordon formula with the term aL^/r^ 
multiplied by a factor depending on the location and magnitude of 
the intermediate load. If m = 0, probably the most common case, 
this reduces to 


Si 



(104a) 


Where the intermediate load is below midheight it is necessary to 
consider the stress at two places, the point of maximum deflection 
(assumed at midheight) and just under the intermediate load. Pro- 
ceeding in the same way as before we may find that at midheight the 
'permissible average stress is: 


Pi 

A 


= 5 , 



(105) 


Just below the intermediate load the permissible average stress is: 


P s 


U' 


Ij2 _ 4^2 

1 + «T2 

k + — (L + 2m) 

U J 


(106) 


When m = 0, (106) reduces to (104a), which of course should be true. 

The student should also notice that if the intermediate load is above 
the center the permissible stress becomes smaller as m increases, as 
should be the case, and when m = L/2, (104) reduces to the usual 
Rankine-Gordon formula for a single load at the top. Similarly when 
the intermediate load is below the center the permissible stress at the 
center increases as m increases, and (105) reduces to the usual Rankine- 
Gordon formula when m == L/2; i.e., we again have a column with a 
single load at the top. 

109. Illustrative Example. DP14. — The design method just pre- 
sented is illustrated by the calculations on Sheet 1 of DP14. 

The student should notice that if the column had been designed 
considering all the load applied at the top (as is sometimes done) the 
permissible stress in (a) would have been about 12.5 kips per sq. in. 
corresponding to an L/r of 576/6.48 = 89, which would require an area 
of 600/12.5 = 48.0 sq. in., while in (6) the permissible stress would have 
been about 12,36 kips per sq. in. corresponding to an L/r of 576/6.36 = 
90.6, requiring an area of 600/12.36 = 48.5 sq. in. These figures are 
not exact, of course, as changing the area would also change the radii of 
g 3 rration slightly; they are sufficiently accurate, however, to indicate 
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that designing by the method under discussion results in a column 
approximately 15 lb. per ft. lighter than would be obtained by con- 
sidering all the load at the top. 

The easiest way to use any Rankine-Gordon formula is to prepare 
a table or diagram giving values of permissible intensity of stress cor- 
responding to various ratios of L/r. Attention is called to the fact that 
formulas (104), (104a), (105), and (106) may be used in this manner if 
the L/r, in the direction of no intermediate support, is multiplied by 
the square root of the factor in the denominator enclosed in parentheses 
or brackets. This is illustrated in the calculations for DP14. 

The reader should also observe that when a column is used which 
has quite different radii of gyration about the two axes, the permissible 
intensity of stress may be determined by L/r about the axis of less 
unsupported length as in (5) of DP14. 

110. Batten Plates and Lacing. Common Requirements. — When 
tension and compression members are of the form shown at (/), (g), 
(t:), (j)j (k), and (Z) in Fig. 96, and at (a), (6), (c), and (h) in Fig. 97, the 
two segments or ribs of the member must be connected by means of 
batten plates or batten plates and lattice bars. It is desirable that 
members of the forms shown at (e) and (/) of Fig. 97 have their flanges 
tied together by batten plates or batten plates and latticing, but this 
detail is sometimes omitted, particularly on short columns. Batten 
plates are also referred to as tie plates or stay plates, and lattice bars or 
latticing as lacing bars or lacing. 

Figure 101 shows some of the forms of latticing used for compression 
members. Except in one case the figure shows single latticing for 
members with flanges turned in and double latticing for members with 
flanges turned out, but both forms of latticing are used on both types of 
members. Many other forms of latticing are used, but those shown in 
the figure are the most common. Figures 37, 38, and 46 (e) to (k) 
inclusive show batten plates and latticing on members in actual struc- 
tures. Figure 102 shows three additional forms of latticing. Those 
shown at (a) and (6) are often used, and that shown at (c) has been 
used for heavy members in large bridges. Some writers and investi- 
gators have criticized all these forms of non-intersecting lattice.* It 
seems probable that non-intersecting lattice may cause severe bending 
moments at the lattice points under high stresses, resulting in a tendency 
to local failure of the flange. The intersecting lattice forms are pref- 
erable for primary members. 

Tension Merribers . — The function of batten plates on a tension 
member is to hold the segments together to enable handUng as one 
♦See ^‘Columns/’ by E. H. Salmon, pages 194, 195, 196. 




various parts of a tension member tends to be self-correcting under 
increase in load, and the batten plates for such members are usually 
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proportioned without particular reference to equalizing the stress but in 
compliance with nominal rules which are given in some specifications. 

The end batten plates should be as near the ends as practicable and 
usually have a length about equal to the distance between the rivet 
lines connecting them to the member. Intermediate batten plates are 
generally spaced about 3 to 5 ft. center to center, and are made about 
half as long as the end batten plates, but in any case long enough to 
accommodate at least three rivets in each end. The thickness of 
batten plates for tension members should not be less than 1/50 to 1/60 



Single Flat Lattice, Double Flat Lattice, 

Non -Intersecting Non- Intersecting 



Double Flat Lattice with Transverse Bars, Non- Intersecting 

{Note fi/ls under ends of fop barsf) 


This type may also be constructed by ploc/ng a/ternafe diagonal bars 
under the f/ange wHh a filler plate at the intersection. 


Fig. 102. 


of the distance between the rivet fines connecting them to the member 
and never less than 3/8 in. for railway bridges, 5/16 in. for highway 
bridges, or 1/4 in. for buildings. Batten plates which comply with the 
requirements just stated will have sufficient capacity to transfer from 
one segment to the other more stress than should be necessary to 
equalize the load between ribs in the tension members of a well-built 
structure. It is sometimes desirable to substitute lacing for the inter- 
mediate batten plates in long and heavy tension members to minimize 
the possibility of distortion during fabrication, shipping, and erection. 
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Compression Members , — The function of batten plates and latticing 
on a compression member is not only to hold the segments together to 
enable handling as one piece, but also to equalize the stress between the 
segments and so to support them that the strength of an individual 
segment, acting as an independent column between lattice points, will 
be at least relatively equal to that of the column as a whole. 

The fastening together of the segments of compression members 
has been the subject of much study and some experimentation, par- 
ticularly since the collapse, during erection, of the first Quebec bridge, 
which has generally been attributed to inadequate latticing of the 
principal compression members. 

The minimum proportions, spacing, and riveting of lattice bars 
have become pretty well standardized in recent design specifications, 
but there are still quite marked differences in ultimate requirements. 
The following clauses * are typical of the minimum requirements for 
latticing: 

Single lattice-bars shall generally be inclined at an angle of 60° with the axis of 
the member, and double lattice-bars at an angle of 45°, riveted at the intersection. 
Single lattice-bars shall have a thickness of not less than one-fortieth, and double 
lattice bars not less than one-sixtieth, of the distance between rivets connecting 
them to the compression member. 

And for width: 

The diameter of the rivets shall not exceed one-third the width of the bar. 

The specifications f of the A.R.E.A. are more severe for double lacing 
requiring that: 

The ratio of length to least radius of gyration shall not exceed: 

140 for single lacing, and for double lacing not riveted at intersections. 

170 for double lacing riveted at intersections. 

The 140 limit on L/r is almost exactly equivalent to a limiting thickness 
of 1/40, while the 170 limit on L/r is equivalent to a limiting thickness of 
1/49. A limitation on L/r seems preferable to the author since it 
automatically provides for any shape used as a lattice bar. The 
A.R.E.A. specifications have substantially the same limit on bar width 
as the Am. Soc. C.E. specifications, requiring that bars are not to have 
a width less than 3 in. for 1-in. rivets, 2| in. for 7/8-in. rivets, 2| in. for 
3/4:-in. rivets, and 2 in. for 5/8-in. rivets. 

* ^^Fiaal Report on Specifications for Design and Construction of Steel Rahway 
Bridge Superstructure,” Transactions Am. Soc. C.E., Vol. 86, page 471 (1923), par. 
514 and 316. 

t “General Specifications for Steel Railway Bridges,” Fourth Edition, May, 
193L Art. 49. 



242 


TENSION AND COMPEESSION MEMBERS 


[Chap. 4. 


The conventional limits, just illustrated by quotations from common 
specifications, sufiSice for the proportioning of latticing for the ordinary 
columns in building work and light bridges. In the design of heavy 
members such rules may not provide adequate strength in the latticing, 
and it becomes necessary to investigate the matter further. In prac- 
tical design this is done in accordance with further rules in the speci- 
fications in use. Typical requirements will be given and later discussed. 

The specification*s of the Am. Soc. C.E. previously quoted require 
that: * 

The latticing of compression members shall be proportioned to resist shearing 
stress normal to the member not less than that calculated by the formula: 


4000?/ 

in which U == normal shearing stress in pounds; 

P = strength of column as a compression member, expressed in pounds; 

L = length of column, in inches; 

y = the distance from the neutral axis to extreme fiber in inches. 

In a compression member with a cover plate, the cover plate shall be assumed to 
take one-half the shear. 

The A.R.E.A. specifications require that t 

The lacing of compression members shall be proportioned to resist a shearing 
stress of 2 1 per cent of the direct stress. 

The maximum and minimum requirements just quoted from repre- 
sentative design specifications all have to do with the proportioning of 
the lattice bars themselves, and only indirectly bear on the principal 
function of the latticing, viz., the support of the separate column 
segments or ribs in such a way as to make the individual segment, 
acting as an independent column between lattice points, at least as 
strong relatively as the column as a whole. This requirement is gen- 
erally met indirectly by the limit on the angle which the lacing bars 
may make with the axis of the column. In some cases this may not be 
sufficient, and the matter is usually covered by direct statement. 
Quoting from the same specifications as before we find the following 
requirements: t 

The distance between the connections of latticing shall be such that the individual 
members between them shall be relatively stronger than the columns as a whole. 

* Loc. dty Art. 315. 

f Loc, cit, Art. 68. 

i Am. Soc. C.E., 1923, “Specifications,’^ Art. 312. 
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This is no more than a statement of principle, but in the A.R.E.A. 

Specifications the matter is made very definite; * 

Lacing bars of compression members shall be so spaced that the L/r of the por- 
tion of the flange included between their connections will be not greater than 40, 
and not greater than two-thirds of the Ljr of the members. 

The requirements just quoted should be compared with Art. 16 
of the A.I.S.C. “ Specifications given in Appendix C. 

Particular attention should be given to the proper distance between 
lattice points in members which are wide, for example the member 
shown in Fig. 101 (g). In ordinary members the rules just quoted will 
provide adequate strength in this respect. 

Application of the rules given in this article for the latticing of com- 
pression members will be illustrated by sample calculations, after which 
the basis for the common requirements will be discussed. 

111. Illustrative Calculations. DP15. — The proportioning of the 
latticing for the column designed under (aa), Sheet 3, DP13, is given on 
Sheets 1 and 2, DP 15. The unit stresses used are in accordance with 
the A.I.S.C. specifications, but the minimum requirements as to thick- 
ness and shear w^ere taken from the three design specifications noted. 
The latticing determined under (a), Sheet 1, also satisfies the A.I.S.C. 
specifications as to width and thickness. 

The student should study the calculations carefully and notice the 
wide difference in shear obtained by applying the requirements of the 
three specifications. 

The calculations given are for double latticing, but the procedure in 
designing single latticing is the same. Attention may be called to the 
fact that if single latticing is placed at an angle of 60° with the column 
axis the stress transfer from the lattice to the flange, at a lattice point, 
is exactly equal to the stress in one lattice bar. Consequently the 
riveting required to transfer the stress to the lattice bars is also sufficient 
to effect the transfer of stress increment from the lattice to the column 
flange. In double latticing this is not the case as indicated in the illus- 
trative calculations. 

112. Shear in Columns. — Shear in columns is seldom a matter of 
importance in itself, but as a measure of possible stress in the latticing 
it is worthy of some study, particularly in view of the marked differences 
in design specifications regarding the shear to be assumed in proportion- 
ing the latticing. 

Figure 103 shows three common conditions, other than actual trans- 
verse loads, which produce shear in columns. 


* Loc. dt.f Art- 70. 



DP15. 
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Figure 103 (a) represents the deflected shape of a centrally loaded 
column. Of course a perfectly homogeneous, originally straight, 
centrally loaded column would not deflect laterally, but practical columns 
are never homogeneous, and seldom, if ever, perfectly straight. Con- 
sequently, even if the practical column is loaded exactly through its 
centroid, lateral deflection must be expected. If the deflection curve 
is known the shear and moment at any section can be determined. 
Since the column is not homogeneous or originally straight it is impos- 
sible to determine exactly the deflection curve, and it is commonly 
assumed to be either a parabola or a sine curve. 



Fig. 103. 


Using the notation shown in Fig. 103 (a) it is clear that the bending 
moment at any point which is at a distance y below the upper end is: 

My = Px 


Also it is clear that the shape of the bending moment curve must be 
the same as the shape of the deflection curve, and that the rate of change 
of the bending moment (i.e., the shear) must be greatest at the ends. 
If the deflection curve is a parabola 



Then 


{Ly - y2) 
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Shear = 7 = — = — (p _ 2y) 
ay L“ 

And since we are interested in maximum shear which occurs when 
?/ = 0 or 1/ we have : . p 


in which P = the load on the column; 

L = the length of the column; 
e = the maximum center deflection; 

V = the shear. 

If the deflection curve is assumed to be a sinusoid there follows: 


X — esm 


My == Px = Pe sin y 


Tr ( '^ \ 

Shear = F = — — = — Pe cos I — 2 / J, 
ay L \L / 


dy L 

and V = max. when 2 / = 0 (or 2 / = P), 


V max. — 


Figure 103 (6) shows the same column with end moments acting as 
shown. Neglecting the effect of these moments in producing additional 
lateral deflection of the column * the shear in the column is the same 
as in Fig. 103 (a) plus that produced directly by the end moments. 
When these end moments are equal they produce no shear directly. 
When the end moments have the greatest difference (in general when 
the moment at one end is zero) they produce their greatest shear, 
which is additive to that caused by lateral deflection at the end of the 
column which has the smaller moment. Assuming that the moment at 
the upper end is zero and that at the lower end is AT, the shear at the 


top is 


y _ I ^ 

V max. — L ' L 


* The lateral dejaection caused by the end moments can be taken into considera- 
tion if desired, but its effect on the shear, in the important case of moment at one 
end only, is small — ^less than 6 per cent when the shear itself is small, decreasing 
to less than 2 per cent as the shear approaches its maximum values in practical 
columns. 
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assuming that the deflection curve is a parabola. The coeflicient 4 
in the first term on the right, of (109), will be replaced by tt, if the 
deflection curve is assumed to be a sine curve. 

If end moments act to produce reverse curvature, as in Fig. 103 (c), 
the shear due to lateral deflection is decreased but the shear due to the 
end moments is increased. If there are equal end moments, M, and 
if the maximum lateral deflection of the column is e/4,* as shown in 


* It should be clear that the actual deflection is indeterminate: it is partly the 
result of accidental defects which may occur in an infinite number of positions. 
Nevertheless, acceptance of Rankine^s column formula requires for consistency the 
assumption that the deflection in Fig. 103(c) may be one-fourth that in Fig. 103(a), 
for the same column under the same direct load, neglecting the effect of the end moments 
in producing additional deflection. As in the case of single curvature with end moments, 
the effect of the end moments in increasing deflection may be included, but their 
effect is not large, and the uncertainties involved in any estimate of column shears 
make the added complication unjustifiable. 

The general statement of the Rankine-Gordon column formula may be written 


P 

A 


1 + 


n^ir^E 


IJ 

y.2 


in which P = the total direct load; 

s = the maximum fiber stress under load P, 

Sc == the ultimate strength of the material in compression (the elastic limit 
in steel columns); 

n = the number of complete waves in the deflection curve of the column 
axis; 

Sc 

and TT, P, A, L, and r have the usual significance. The quantity — ^ is a constant 
for a given material, and letting 


we may write 


P 


s 


a I/- 

1 + — ; 

n^ 7-2 


The second term in the denominator represents the variation in bending stress due 
to lateral deflection. In Fig. 103(a) n = 1 and in Fig. 103(c) n = 2; therefore the 
bending stress in the latter case should be one-fourth that in the former, and the 
lateral deflections in the same ratio. 

The student must not get the impression that the general statement of Rankine’s 
column formula given in this footnote is fully rational and exact. A very plausible 
derivation can be given but such a derivation depends on the assumption of an ideal 
column, i.e., one which has perfect initial straightness, perfect homogeneity, perfect 
and uniform elasticity, definite end conditions, and so on. Such columns do not 
exist practically, and the constant, a, which theoretically is given by the relation 
noted above, must actually be determined from experimental investigations. 
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Fig. 103 (c), the shear at the center of the column is 




2Pe m 
L L 


( 110 ) 


In order to make use of (107), (109), and (110) in calculating the 
shear, the deflection, e, and the end moments, iif, must be known or 
estimated. 

The straight-line column formula and the Rankine-Gordon column 
formula each contain a factor which represents the bending stress 
due to lateral deflection. In the straight-line formula the factor is * * * § 
^(L/r), and in the Rankine-Gordon formula the factor is f sia{L^/r^). 
No matter which column formula is considered preferable the maximum 
bending moment due to lateral deflection occurs at the section of 
greatest deflection and is Pe. Applying the beam formula in each 
case there result: 


Pec L kALr 

“-pT 


( 111 ) 


and since 


P 


^ aL^ 

Ar^ A^ ^ c 


( 112 ) 


The moments which the author has in mind in connection with (109) 
and (110) are not moments due to known lateral forces J or loads 
applied with definite eccentricities, but so-called “ secondary ” moments 
which arise from deformation of the structure of which the columns in 
question are a part.§ Secondary moments vary in magnitude but in 
well-proportioned structures should not produce a bending stress of 
more than 25 to 30 per cent of the direct stress. Assuming that the 

* See (81), Art. 95. 

t See (87), Art. 96. 

i Shears due to known lateral forces should be added to those estimated by the 
methods under discussion. 

§ In general it is desirable that a column be so designed that a solid web is avail- 
able to resist the shear incident to definite transverse loads or intentional eccentricity 
of loading, i.e., columns such as shown at (i) and (j), Fig. 96, should be turned so 
that the channels are parallel to the plane of bending, or a column of the type shown 
at (e) and (/), Fig. 97, may be used with the diaphragm web placed parallel to the 
plane of bending. 
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end moments may be such as to produce a bending stress as high as 
30 per cent of the primary we may write : 


Me 

Ar'^ 



M = 


0.3Pr^ 

c 


Using the value of e from (112) 
and (110) may be written 

V = 

V = 


the expressions for shear, (107), (109), 

. PaL 

4 

c 

PaL , M 

4 __ + 


2PaL 2M 


These expressions are in general form and may be used for estimat- 
ing shear whenever the secondary moments, M, are known. Assuming 
end moments equivalent to 30 per cent secondary stress and a = 
1/16,000, the expressions become 


4000c 

(113) 

PL O.SPr^ 

4000c Lc 

(114) 

PL 0.6Pr2 

“ 8000c ' Lc 

(115) 


It should be clear that r and c represent properties of the section about 
an axis perpendicular to the plane of the latticing, and also that the shears 
given by these expressions will be developed only if the column tends 
to buckle in a plane parallel to the latticing. If the column tends to 
buckle in a plane perpendicular to the latticing the stress in the lattice 
bars will be very small. The designer should not assume, however, 
that a colunan will necessarily deflect in the direction of its larger slender- 
ness ratio, and skimp the design of the latticing when this direction is 
perpendicular thereto. 

For sections which require latticing the ratio, r/c, varies within a 
relatively small range, averaging about 0.8. The above expressions for 
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shear, (113), (114), and (115), may be considerably simplified, and still 
be sufficiently accurate for practical purposes, by replacing either r or c 
in terms of the other by means of the approximate relation r/c = 0.8. 
The dimension c may be the more convenient term to deal with, and 
replacing r with 0.8c these expressions become: 


V = 


r = 


V - 


PL 

4000c 

PL Pc 

h 0.192 — 

4000c L 

PL Pc 


(1130 

(1140 

(1150 


0 


Values of Ratfo~, Based on 

16 32 48 64 80 96 112 128 144 160 



Curves representing F as a percentage of P are given in Fig. 104 
for various values of L/c or Ljr (the formulas convert to L/r as the 
variable by replacing c with r/O.S). 

Shear computed from these expression represents quite severe con- 
ditions, and it seems reasonable to suppose that columns latticed in 
accordance with them should be entirely satisfactory. In addition to 
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the curves defined by these expressions, Fig. 104 shows the requirement 
of the A.R.E.A. 1931 specifications for bridge design, that of the A.S.C.E. 
1923 specifications, and that suggested for the proposed revision of the 
A.R.E.A. specifications. 

Accepting shears computed from these relations as satisfactory for 
proportioning column latticing, we may rewrite them as follows: 



1 L , _ r 

h 24 - 

.50 r L. 


(114") 


lOOVlOO r 


(115") 


Values of Ratio ■—, Based on c-^r 



Fig. 105. 


It is clear that the term in parentheses may be taken as the percentage 
of column load to be used as shear in proportioning the latticing. The 
specifications in Appendix A require that latticing be proportioned for 
a shear not less than that given by these expressions, and Fig. 105 gives 
a graphical representation of the requirement. 

The discussion of shear in compression members so far has been 
confined to that arising from service conditions. Another source of 
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transverse forces, which may be of considerable importance in long and 
heavy members, is the weight of the members themselves. During 
the handling incident to fabrication, shipping, and erection a member 
may occupy almost any position and be supported in various ways, 
and the latticing obviously should be capable of resisting whatever 
shears may arise in this way. Compression members latticed in accord- 
ance with the hmits given above will rarely, if ever, be inadequate in 
strength to resist such forces, but heavy tension members, which are 
frequently latticed rather nominally, may require special consideration. 

113. Maximum Spacing of Lattice Points. — In Art. 110 the require- 
ments of well-known design specifications regarding the maximum 
spacing of lattice points were quoted or referred to. The matter seems 
of sufiicient importance to justify further discussion. 



Figure 106 (a) shows a portion of a latticed column. It seems clear 
that regardless of the end conditions of the column as a whole one rib 
may bend between lattice points as a strictly pin-ended column. There 
can be little or no restraint against alternate in and out deflection, as 
shown by the heavy dotted line, particularly when the latticing con- 
sists of single riveted bars, and even heavier plates or shapes with 
multiple riveting cannot offer much restraint to such buckling. Main 
compression members which are truly pin-ended are nearly impossible 
in ordinary structural work, and since the individual segments must be 
considered truly pin-ended between lattice points it follows that the 
slenderness ratio of the segment between lattice points should generally 
be less than that of the column as a whole. For uniform strength the 
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individual segment should have a maximum intensity of stress, acting 
as a column between lattice points, equal to that in the column as a 
whole. Applying the Eankine-Gordon formula in its most general 
form (see footnote, page 250) we may write 


s 


A \ in? A \ nr 


in which s = maximum allowable intensity of stress; 

P/A == average stress on column as a whole; 

P' /A' = average stress on one rib; 

L = length of column as a whole; 

Li = distance between lattice points on one rib; 
r = radius of gyration of column as a whole; 

Ti = radius of gyration of one rib about its centroidal 
perpendicular to the plane of latticing; 
n = number of waves in column axis as a whole; 
m = number of waves in rib between lattice points; 
a = a constant dependent on properties of the material. 


axis 


In an initially straight, centrally loaded column 

P _ F 

A A' 

and we have 

Li L 

Ti nr 


(116) 


as the relation between the slenderness ratio of the column as a whole 
and that of one rib between lattice points. 

Main compression members will generally have end conditions which 
approximate one of, or a combination of, those shown in Fig. 107. 
The values of n for the cases shown are as follows: 


(a) One end fixed, other entirely free; 

n = 

1/2 

(5) Pin-ended 

n = 

1 

(c) Fixed-ended 

n = 

2 

(d) One end fixed, other pinned but free to turn 

n = 

3/2 

(e) Pin-ended reverse flexure 

n = 

2 


Assuming that practical columns in actual structures will have end 
conditions somewhere between (6) and (c), or perhaps about equal to 
(d), we may say, since ni = 1, that: 

Li 2L ^ 3L 
— = - - to 7 - 
ri 3 r 4 r 
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These limits on the slenderness ratios are very commonly specified, 
but it has been pointed out by several writers * that they should not be 
considered sufficient in all cases. 

Figure 106 (h) shows to a greatly exaggerated scale a portion of a 
deflected, latticed column, and Fig. 106 (c) shows the distribution of 
stress across the section resulting from the column-action of the column 
as a whole. Inspection of the stress distribution diagram shows that the 
maximum stress from column-action as a whole is substantially uniform 
across the rib on the concave side, i.e., it is very nearly true that: 



Fig. 107. 


This stress may be considerably increased by column-action of the 
rib itself between lattice points, and the maximum intensity of stress in 
the rib (and necessarily that in the column) will then be: 



♦Prof. G. F. Swain in ^‘Strength of Materials,” McGraw-Hill Book Company; 
E. H. Salmon in Columns,” Henry Frowde and Hodder & Stoughton, London; 
Wm. Alexander in ‘^Columns and Struts,” E. & F. N. Spon, London; and others. 
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If the column is to be of uniform strength, i.e., if an individual rib is to 
be relatively as strong as the column as a whole, it is necessary that the 
lattice points be spaced so that column-action of the column as a whole 
will produce a maximum intensity of stress equal to that produced by 
column-action of the individual rib acting between lattice points. A 
httle study will show at once that this is impossible: if the condition is 
fulfilled we will have, 

A\ n‘ W A'V 


r P' P ( a 

which remembering that — is nearly equal to-~(l + ~— ) 

A .<4. \ 72-'^ T / _ 


leads to 



n 


This result, if correct^ means that it is impossible to design a latticed 
column which does not have its strength limited by that of the individual 
rib, and also that it is incorrect to apply the Rankine-Gordon formula 
as usually stated in the design of latticed columns. 

The defect in the reasoning leading to this conclusion is the tacit 
assumption that the RanMne-Gordon column formula is applicable for 
all values of L/r, whereas experimental investigations of columns seem 
to indicate that when the slenderness ratio falls below a certain limiting 
value the strength of the column ceases to be a function of the L/r ratio. 
In view of this it seems reasonable to conclude that if the L/r values of 
the individual segments are kept below the limit at which strength 
becomes a function of this ratio there will be no buckling or column- 
action of the segments, aside from that of the column as a whole, and 
that compliance with this reqxmement will make the segments of the 
latticed column relatively as strong as the column as a whole. 

There does not seem to be complete agreement among engineers as 
to the exact limit of the slenderness ratio below which strength is no 
longer a fimction of the L/r ratio. Limits of 40, 50, 60, and even 80 
have been suggested. Current design practice implies that the Emit 
lies between 40 and 60. This is reflected in such requirements as that 
the L/r of the flange of a latticed column, between lattice points, shall 
not exceed two-thirds that of the member as a whole, or be more than 40 
in any case. 

The application of such limits in the design of main compression 
members is in line with good practice. In the design of long secondary 
members, such as bracing struts, the author sees no objection to allow- 
ing the slenderness ratio of the ribs, between lattice points, to exceed 40, 
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or even that of the column, pi'ovided the required capacity is so small 
that extravagant use of material does not result and provided the per- 
missible intensity of stress is determined from a column formula such 
as (117). In this connection it is of interest to note that if the condi- 
tion expressed by (116) is complied with, (117) becomes: 



1x4:. Illustrative Calculations DP16. — ^To illustrate the application 
of the principles just discussed calculations for the design of a long strut 
subject to small direct stress are given on Sheet 1 of DP16. 

Attention is called to the non-intersecting single lattice. As previ- 
ously stated the author considers such latticing undesirable for main 
members; for secondary members subjected to small stress, and designed 
primarily to satisfy L/r requirements, it does not seem objectionable 
and is much less expensive when angles or other shapes are used for 
lattice bars. Either 10- or 12-in. channels will satisfy the L/r require- 
ments, but if account is taken of the stress due to bending under its own 
weight the strut will be heavier than when using the 15-in. channels. 
The student should notice that the capacity of the strut (i.e., permissible 
intensity of stress) is fixed by the strength of one rib as a column between 
lattice points, but this is of small consequence here since the stress to be 
resisted is so small. It is important to notice also that the lattice stress 
is entirely nominal but that the larger stress wiU result from the member 
acting as a beam, resisting its own weight, if it should be turned with 
the latticing vertical and supported at the ends, during fabrication, 
shipping, storage, or erection. It is improbable (but not impossible) 
that the latticing, as such, will be stressed in service by deflection parallel 
to its plane in a member of such proportions. 

115. References for Further Study. — In addition to texts and papers 
referred to during the discussion in this chapter the following sources 
are valuable for further study: 

Proceedings, American Society for Testing Materials. Vol. IX, page 413, 
paper by J. E. Howard. 

“ Reports of Tests of Metals,^^ Watertown Arsenal, 1908, 1909, 1910, 
and 1911. 

Journal of the Western Society of Engineers, Vol. XVIII, June, 1913. 

page 457, Columns by 0. H. Basquin. 

“ Modern Framed Structures,^’ Part III, by Johnson, Bryan, and Tur- 
neaure, John Wiley & Sons. 
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CONNECTIONS 

116. The preceding chapters have discussed the design of the three 
fundamental structural forms of which every structure, no matter how 
complicated, must be composed. A structure, however, is an assemblage 
of various members which must be fastened together to make the fin- 
ished product, and no matter how scientifically and efficiently the 
members may have been designed, if the necessary connections are 
inadequate the result will be a poor structure. The importance of good 
connections cannot be over-emphasized, but they are often not given 
the attention they deserve. 

It is the purpose of this chapter to discuss the fundamental prin- 
ciples of the design of connections. The methods presented are, for the 
most part, in common use, and, although not entirely satisfactory in 
many respects, they represent the best that designing engineers have 
been able to develop up to the present. 

117. T 5 rpes of Connections. — ^There are at present three general 
types of connections used in structures: 

1. Pin connections. 

2. Riveted connections (including bolted connections). 

3. Welded connections. 

Pin Connections , — A pin connection, as the name implies, is essen- 
tially a fastening together of the members meeting at a joint by means of 
a round steel pin passing through bored holes in the ends of the members. 
Figure 108 shows a typical pin connection for a single-track railway 
bridge of moderate span, and Fig. 109 shows partial pin connections at 
the center of a modern, heavy, double-deck, swing bridge. Pin con- 
nections formerly were used almost exclusively in American bridge 
practice but during the past twenty years they have been largely 
replaced by riveted connections. Some engineers maintain that they 
will regain their popularity for spans of moderate length; the author 
does not think so. One of the principal advantages of pin connections 
was the speed with which structures so connected could be erected. 
Another advantage claimed for them is the saving in weight of tension 
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members; since eye bars may be used there are no holes to be deducted 
for rivets. This saving is not so large as sometimes supposed: extra 
material must be added to form the eyes, which, with the expensive 
shop work required for forging the heads and boring the pin holes, 
largely offsets the saving in actual area of the cross-section. It has also 
been claimed that pin connections are desirable because the members 
connected are free to turn upon the pins as the truss deflects, without 
causing secondary stresses. The members are not free to turn on 
the pin, friction is high, and paint films and corrosion tend to increase 
greatly the resistance to turning. Furthermore, it is very much to be 



hoped that turning does not occur at all, since, at the bearing pressures 
used in design, wear would inevitably result, causing enlargement of 
the pin holes and grooving of the pins, and eventually necessitating 
expensive repairs or replacements. It does not seem likely that mem- 
bers turn on the pins in structures in which there is any justification for 
pin connections: the secondary stresses, however, may be considerably 
smaller than in the corresponding riveted truss because eye bars are 
seldom much more than half the width of riveted tension members of 
equal capacity. 
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Riveted Connections. — Without having actual figures to prove or 
disprove the statement the author thinks that rivets (and bolts) are 
used in more than 95 per cent of all connections in present structural 
practice. Riveted joints have become practically standard in bridge 
construction and have been used in some of the heaviest of railway 
bridges — ^notably the Sciotoville bridge, having a two-span continuous 



Courtesy of Atchison, Topeka and Santa Fe Railway. 


Fig. 109. — Pin Connections at Center of Swing Span, Mississippi Eiver Bridges 

Fort Madison, Iowa. 

truss 1550 ft. in length, and the New York CentraPs Hudson River 
bridge at Castleton, New York, which has double-track spans of 400 ft. 
and 600 ft. in length. In building wort riveted connections had been 
practically universal until the recent development of arc and gas welding 
into commercially practicable structural tools. 
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Riveted joints have gained in popularity because structures so con- 
nected are credited with being more rigid, less subject to wear and 
resulting vibrations, more durable, and generally safer. Modem shop 
and erection facilities and methods have greatly reduced the difference 
in cost which formerly existed between pin-connected and riveted 
structures. 

Most of the figures appearing in Chapter II show riveted connections, 
and Fig. 110 is presented to illustrate the character of riveted joints 
occurring in modern, heavy railway bridges. Figure 110 is of special 


Courtesy of Atchison^ Topeka and Santa Fe Railway. 

.Fig. 110. — ^End Bearings on Pier 10, Mississippi River Bridge, 

Fort Madison, Iowa. 

interest because it shows at the left an Lo joint fully riveted, and at the 
right an identical joint in the bolted stage which precedes riveting. 
Figure 109 also shows heavy riveted connections. 

Bolts are often used in place of rivets for connections in such close 
quarters that rivets cannot be driven. In the past, many engineers 
have preferred bolts to rivets for connections in which the rivets would be 
subjected to definite tension; it is now the fairly general belief that well- 
made rivets of good material are reliable in resisting tension, and the 
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use of bolts, because of tension, has decreased. Bolts are frequently 
used in place of rivets for temporary structures; in industrial buildings 
for connections which do not resist computed stress, such as in purlin 
clips; and sometimes in steel-frame office buildings for interior beam 
connections not subjected to wind moments. When used in place of 
rivets for connections carrying computed stress it is usual to require 
turned holts, i.e., bolts which have their shanks machined to fit tight in 
the holes ; the diameter of the threaded portion of turned bolts is usually 
made 1/16 in. less than the diameter of the shank. Bolts in connections 
carrying calculated stress should have lock nuts, or the threads should 
be deformed, after turning up the nuts, to prevent vibration loosening 
the nuts. 

Welded Connections. — Welded joints first appeared in steel con- 
struction in about 1915,* and since then the development has been so 
rapid that now (1934) fusion welding by the arc and gas processes 
has become an important and recognized tool in the construction 
industry. 

Up to the present time the greatest application of welding has been 
in the field of building construction, but there has been some experi- 
mental work in new bridge construction and a fairly large amount of 
repair work and strengthening of old bridges by this method. 

Several advantages are claimed for welded connections: in trusses 
there is a considerable saving in tension members since holes for 
rivets are not required; there may be complete continuity of joints 
in wind-bracing connections leading to greater rigidity; connec- 
tions in the field may be made with almost complete absence of noise, 
a very important matter in construction work in office or residential 
districts. 

Methods of design and construction of welded connections are not 
as well standardized as are those of pin and riveted connections, and it 
has seemed worth while to bring all the discussion of welding together. 
The matter will therefore not receive further consideration here but will 
be treated in a separate chapter devoted to the design of welded struc- 
tures in general. 

118. Fundamental Considerations. — In what has gone before it has 
been assumed that the student has been acquainted, through his study 
of the mechanics of materials, with the fundamental principles involved 
in estimating the strength of riveted connections. Before going into 
the design of connections, however, it seems desirable to review briefly 
the principles on which the discussion must be based. 

* According to paper presented before Philadelphia Section of the Am. Soc. C.E., 
March 14, 1928, by Frank P. McKibben. 
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Riveted Connections. — In Fig. Ill (a) is shown the simplest of 
riveted connections — the ordinary lap joint. Some joints in structures 
are of this general type, but it is not common in building and 


bridge construction. In Fig. 112 (a) 
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is shown a type of riveted connec- 
tion which is probably the most 
common in bridge and building 
construction. In Fig. 113 (a) 
and (6) are shown the butt joint 
with single strap, and with 
double strap: these occur fre- 
quently in steel construction — 



the butt joint with double strap is essentially the same as shown in 
Fig. 112. 

The rivet in the connection in Fig. Ill (a) may fail in shear, as shown 
at (&), or it may fail by crushing against the plate. The plate may fail 

by a strip shearing out 
back of the rivet, as in (r) ; 
by cracking back of the 
rivet, as in (d) ; by a trans- 
verse tension failure, as in 
(e); or by crushing under 
the rivet, as in (/). The 
rivet in the connection in 
Fig. 112 (a) may fail by 
shearing, as in (6), or by crushing against one or more of the plates. 
Any or all the plates may fail in any one of the ways shown in con- 
nection with Fig. 111. 

Shearing of a rivet as in Fig. Ill (6) is called failure by single shear. 



(a) (b) 

Pig. 113. 
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and that in Fig. 112 (b) failure by double shear. The strength of a rivet 
in single shear is: 



in which Rs = the strength of the rivet in single shear; 
d = the diameter of the rivet, in inches; 

Ss = the permissible average intensity of shearing stress in the 
rivet, in pounds per square inch. 

The strength of a rivet in double shear is of course twice that in single 
shear. 

The strength of a rivet in bearing against a plate is: 

jSs = dtsi 

in which Rh = the strength of the rivet in bearing against the plate; 
d — the diameter of the rivet, in inches; 

Sb == the permissible intensity of stress in bearing, in pounds 
per square inch; 

t = the thickness of the plate, in inches. 

This assumes that the pressure acts on the cylindrical surface in such a 
way that the maximum intensity of bearing pressure is the same as 
though the rivet load were distributed 
uniformly over a diametrical section 
or over the projection of the rivet on 
the plate. There is no reason to sup- Fig. 114. 

pose that this is true; in fact, it seems 

clear enough that it cannot be true; nevertheless this assumption is 
always made and evidently is satisfactory for design purposes so long 
as the permissible intensity is based on test data reduced in accordance 
with the same assumption. 

Bending also occurs in rivets, but it is practically impossible to make 
a reasonable estimate of the intensity of stress produced by it and it is 
neglected, or allowed for by rule-of-thumb additions to the number of 
rivets required in a given case. Figure 114 shows to a greatly exag- 
gerated scale the bending action to which rivets in lap joints are sub- 
jected. Joints of this type which occur in steel construction, other than 
tanks, are usually of considerable length which tends to reduce the 
bending. Rivets in joints such as that shown in Fig. 112 are subjected 
to some bending: if many thicknesses of plate are riveted together the 
bending may be considerable, particularly if some of the plates act only 
as fillers. Figure 115 (a) shows to an exaggerated scale the bending 
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action produced, and Fig. 115 (h) shows the construction usually adopted 
to reduce the bending when some of the plates act only as fillers. When 
all the thicknesses through which the rivets pass are parts of the main 
member it is usual to require extra rivets in connections if the total 
thickness exceeds a certain amount; a common requirement is as fol- 
lows:* 

Rivets which carry calculated stress and whose grip exceeds four and one-half 
diameters shall be increased in number at least 1 percent for each additional 1/16 in. 
of grip. If the grip exceeds six times the diameter of the rivet, specially designed 
rivets shad, be used. 


The last sentence in the quotation just given occurs in many speci- 
fications but without statement as to what specially designed rivets 
are like: presumably rivets with tapered shanks are intended. The 
reader will be interested in the rivets used for large grips in the con- 
struction of the Hell 






I- 


Gate arch, and will 
find them described 
in 0. H. Ammann’s 
paper in Vol. 82 of the 
Transactions of the 
Am. Soc. C.E. 


M W Failure of plates in 

Fig. 115. the manner shown in 

Fig. Ill (c) and (d) 

will be prevented if proper edge distance — marked e in Figs. Ill (a) and 
112 (a) — is provided. The amount of edge distance necessary has been 
standardized through long experience, and the requirements of the most 
widely used specifications are quite uniform in this respect. The 
student will do well, however, to study the possibihty of plate failure, 
in these ways, in plates having standard edge distance, to satisfy him- 
self that the requirements commonly imposed are satisfactory. Failure 
of a plate by crushing, as in (/), Fig. Ill, will not occur if proper con- 
sideration is given to the bearing strength of the rivet. 

Pest Connections. — ^A pin joint does not differ much from a riveted 
joint: it is essentially a joint in which a single large rivet is used in 
place of many small ones. The large rivet, or pin, is subjected to forces 
tending to cause failure in the same way a small rivet may fail: it is in 
shear, usually on at least two planes, and frequently on a great many 
planes — of course the plane on which the greatest shear occurs is the 
one to be investigated; it is in bearing against plates and eye bars, and 


* ^'General Specifications for Steel Railway Bridges,” A.R.E.A,, Fourth Edition, 
May, 1931, Art. 62. 
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the thickness of these plates and bars must be such as to prevent crushing 
either the pin or the plates and bars; it is in bending^ and the pin must 
be investigated as to its bending strength and often increased in size 
because of bending stress — this is the principal difference between 
pins and rivets; the latter are not directly proportioned for bending 
strength. 

The matter of crushing of the pin against an eye bar is taken care of 
by requiring that the smallest pin used in a joint have such a size that 
its strength in bearing against the bar is at least equal to the strength in 
tension of the widest bar attached at the joint. 


Let w = the width of the eye bar, in inches; 
t = the thickness of the eye bar, in inches; 
d = the diameter of the pin hole, in inches; 
s = the permissible tension in the eye bar, in pounds per square 
inch; 

= the permissible bearing stress against the pin, in pounds 
per square inch. 

Then 


and 


wts = dtsb 


d = w — 

Sb 


(119) 


Common values of s and Sb are as follows: 


s 

Sb 

Minimum 

Diameter 

16,000 

24,000 

c? = |w) 

18,000 

24,000 

d - jiv 

18,000 

27,000 

d = Itw 

20,000 

30,000 

d — iw 


The A.R.E.A. “ Specifications,” 1931, have basic stresses of 16,000 
and 24,000 lb. per sq. in., for s and Sb, and require that: The diameter 
of the pin shall not be less than seven-eighths of the width of the widest 
bar attached.” The specifications in Appendix A require that the 
diameter of the pin shall not be less than three-fourths of the width of 
the bar. 

In calculating the stress in pins the forces are assumed applied at the 
centers of the bearing areas as shown in Fig. 116 (6). Of course the 
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loads are not concentrated in this way but are distributed in some manner 
across the bearing areas. Partly because of this assumption of con- 
centrated loads the permissible intensity of bending stress in pins is set 
at a considerably higher amount than is allowed for other members in 
flexure. 

Built-up members which have pin connections usually require rein- 
forcement around the pin holes to secure sufficient bearing area against 
the pin. This is accomplished by means of short plates called pin plates 
which are arranged to distribute pressure from the pin across the section 
of the member as a whole. Figure 116 (a) shows a typical case. 



119. Design of Riveted Connections. — In addition to the matters 
discussed in the previous article the following assumptions and prin- 
ciples should be kept in mind in designing riveted connections: 

(a) It is assumed that the total direct stress is distributed uniformly 
among a group of rivets. 

(i>) It is assumed that the shear on a given rivet is uniformly dis- 
tributed over its cross-section, 

(c) It is assumed that the rivets completely fill the holes. 

(d) The center of gravity of a rivet group should coincide with the 
center of gravity of the connected member. 
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(e) The rivets should be arranged to give the largest practicable net 
area in tension members. 

(/) The length of the connection should be kept as short as is prac- 
ticable. 

Brief comments on these points follow. 

(1) Assumption (a) is necessary but is generally not (probably never) 
true, and sometimes is grossly in error. It is the only practicable basis 
of design so far advanced, in the opinion of most American engineers. 

(2) Assumption (6) is obviously untrue, but is satisfactory as a 
working basis if the permissible intensity of average shear is estab- 
lished from tests reduced in accordance with the same assumption. It 
will be well for the designer to study the distribution of transverse shear 
across a circular section in order to have in mind some idea of the rela- 
tion between the average intensity of shear and the maximum, 

(3) Assumption (c) is claimed by some authors to be necessarily un- 
true. The author thinks that in high-grade shop work power-driven 
rivets fill the holes; rivets driven with a pneumatically or electrically 
operated hammer probably do not because the light blows of such 
hammers cannot produce enough or suflB.ciently sustained pressure to 
expand the hot rivet into the metal of the member as can the enormous 
pressure exerted by power riveting machines. The hammer-driven 
rivets probably fill the holes when driven but later may not because of 
shrinkage in cooling. Mr. R. F. McKay in his book, “ The Principles 
of Machine Design,’’* on page 148 makes the following statement: 

According to Mr. F. A. Hayward a 3/4-in. rivet just fills a 13/l6-in. hole in two 
1/2-in. plates when subjected to a load of 25 tons. Under a load of 100 tons, how- 
ever, the rivet takes the form shown in Fig. 32 and dimensions for the final form of 
rivet under various loads are given in Table 32. A pressure of 100 tons per square 
inch of area of rivet holes is found to be ample for riveting pressure, while anything 
above 150 tons per sq. in. may prove dangerous. 

Mr. McKay’s Table 32 and Fig. 32 are reproduced as Fig. 117 with his 
permission. The data given in the above quotation were taken from Mr. 
Hayward’s discussion of a paper by Dr. James Montgomerie on '' Ex- 
periments on Riveted Joints,” Vol. 63 of the Transactions of the In- 
stitution of Engineers and Shipbuilders in Scotland. These data are 
based on a relatively small grip; for larger grips conditions may be quite 
different. 

(4) In symmetrical members it is a simple matter to make the rivet 
group symmetrical about the center of gravity of the connected member. 
In unsymmetrical sections some difficulty may be experienced, but in a 

* Edward Arnold & Co., London. 
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large group of rivets the dissymmetry will seldom be sufficient to re- 
quire special attention. Attempts to locate the center of gravity of the 
resisting force exerted by a group of rivets must be based on the assump- 
tion of equal distribution of the load among all the rivets, and on the 
assumption that the rivets are exerting their resistance through bear- 
ing and shear. As previously stated the load is probably never parti- 
tioned equally among the rivets, and it is probable that at working 
loads a good part of the resistance developed by a group of rivets is the 
result of friction between the surfaces. Consequently an attempt to 
insure the exact coincidence of the centers of gravity of the stress in 
the member and the resistance of the rivet group by painstaking balanc- 
ing of the rivets about the centroidal axis of the member may be wasted 
energy. Nevertheless the principle should be followed as closely as is 
practicable without special computations, and when the eccentricity of 
the rivet group is obviously large it may be desirable to estimate 

its effect on the outer 

DISTORTS OF mVETS BY PRESSURE 
(Accord mg to T.A.Hagwcfrd) 
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Fig. 117. 


rivets. These com- 
ments do not apply 
to eccentric brackets 
or other cases of 
intentional eccentric- 
ity; in such cases 
estimating the effect 
of the resulting mo- 
ment on the rivet 
group is of primary 
importance. 

(5) The matter of net section was considered to some extent in 
Chapters III and IV and will be more fully discussed later. 

(6) It is desirable to keep connections short (in truss members) in 
order to reduce the secondary moments which result from deformation 
of the structure. Also short connections reduce the necessary size of 
connection or gusset plates and consequently the weight of detail 
material. Here again the comments are not applicable to connections 
intended to resist moments: it is usually desirable to spread out such 
connections as much as the conditions wiU permit. 

The discussion of riveted connections will be presented in the same 
order as the discussion on design of the fundamental structural forms. 

120. Ordinary Beam Connections. — ^Figure 118 (a) shows a typical 
connection of a beam to a column, and Fig. 118 (6) the connection of 
two beams, opposite each other, to the web of a third beam. Con- 
nections of this type are sometimes called framed connections, as dis- 
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tinguished from those in which the supported beam rests on a shelf 
angle or similar support. 

It seems clear that the number of rivets required on line w-w to 
fasten the connection angles to the web of the beam, in Fig. 118 (a), 
is the end reaction of the beam divided by the rivet value: the rivet 
value is determined by its strength in double shear ^ in bearing on the 
web of the beam, or in bearing on the connection angles, whichever is 
the smallest. Similarly the number of rivets required to make the 
connection to the column is the end reaction divided by the rivet value: 
and here the rivet value is determined by the strength of the rivet in 
single shear, or in bearing against the connection angle or against the 
column flange, whichever is the smallest. A connection angle should 
always be made thick enough so that the strength of a rivet in bearing 
against it is greater than the strength of the rivet in single shear: if 



Eig. 118 . 


this thickness is provided, bearing on the connection angle is never a 
factor in design. This condition will be met if : 

tdsjj — Sg 

4 


ird Ss 

4 Sb 


( 120 ) 


in which < = nainimum thickness of connection angle, in inches; 
d = diameter of rivet, in inches; 

Ss = permissible intensity of shear, in pounds per square inch; 
St, = permissible intensity of bearing pressure, in pounds per 
square inch. 
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Based on the stresses permitted in the A.I.S.C. Specifications ’’ 
connection angles should have minimum thicknesses as follows : 


Rivet Diameter 

5 

8 

3 

4 


1 

li 

li 

Sin gift shftar 

5 

3 

7 

16 

16 

7 

16 

3 

8 

1 

3 

9 

16 

Double shear 

1 

5 

16 

7 

16 

16 




The connection of Fig. 118 (6) needs no comment except the design 
of the riveting to the web of beam B. It should be clear that in de- 
termining the number of rivets required to transmit the end reactions 
from beams A and C to the web of beam B the shear per rivet used 
must be such that the sum of the loads from the two sides on a given 
rivet will not be so great as to overstress that rivet in bearing on the 
web of beam B, If the web of beam B is thick enough so that the 
strength of a rivet bearing against it is, greater than the strength of the 
rivet in double shear the problem is merely to determine the number 
of rivets required to transmit each reaction to the web of beam B by 
rivets in single shear. However, if the web of beam B is so thin that 
the strength of a rivet bearing against it is less than double shear, the 
shear per rivet used to determine the number of rivets required to 
transmit the end reactions must be less than the single-shear strength 
of a rivet, at least on one side. For example, if the rivet strength in 
single shear is 6 kips and the strength in bearing on the web of beam B 
is 8 kips per rivet, we may use 4 kips per rivet on each side, 5 kips per 
rivet on one side and 3 on the other, or 6 kips per rivet on one side and 
2 on the other. 

The student should see clearly that the design procedure just de- 
scribed assumes that the connections are subjected to shear only. 
Actually the connections are subjected to considerable moment caused 
by deflection of the beam. The effect of this moment is to produce un- 
computed stresses and distortion in the connection angles and rivets. 

Figure 119 (a) shows a section through the column and beam web 
just above the connection angles of the beam in Fig. 118 (a) ; it is as- 
sumed that the rivets connecting the beam to the column have been 
driven. If the column and connection angles were unyielding the 
moment acting on the connection angles would necessarily be the 
fixed end moment in the beam. Actually the column 3 flelds somewhat, 
and the connection angles, which are relatively flexible, yield a good 
deal. The resulting moment is quite indeterminate. Figure 119 (6) 
shows to an exaggerated scale the general character of the distortion 
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which takes place at the top of the connection angles. There is con- 
siderable initial tension in all rivets which are driven hot, owing to con- 
traction accompanying subsequent cooling. In well-driven rivets of good 
material the initial tension will approach the elastic limit of the rivet 
steel, and unless the connection angles are stiff will be sufficient to pre- 
vent them from pulling away from the face of the column at the rivets, 
as indicated in the figure. If the heads of the rivets connecting the 
angles to the column flange fitted snugly against the angles and column 
flange, but had no initial tension due to cooling, tension in the upper 
rivets would be produced by the deflection of the beam. When initial 
tension exists it is not appreciably added to by the deflection, however, 
until the connection angles actually separate from the face of the column 
around the rivets. 

If the friction between the connection angles and the web of the 
beam is broken down by the moment there will be both horizontal and 



vertical components of shear acting on the rivets, as indicated in Fig. 119 
(c), and the resultant shear on the outer rivets will be increased. 

Connections for simple beams are always designed under the as- 
sumption that there is no end moment. The connection angles are 
made as thin as is practicable (sufiScient to make bearing on the angle 
larger than single shear) in order to reduce the stress due to the inevita- 
ble distortion accompanying beam deflection. Beam connections have 
been designed in this manner for many years and the results have 
proved satisfactory. Nevertheless the importance of the studenfs visual- 
izing the distortion which takes place in the actual structure and the im- 
portance of his recognizing the existence of stresses which may not be 
computed in the usual design procedure cannot be overemphasized. 

Plate-girder connections have the same characteristics as the beam 
connections discussed in this article. Girder connections were taken 
up in connection with the discussion of girder design in Chapter III and 
do not need further consideration here. 
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121. Standard Connections. — In order to reduce the great amount 
of work which would be necessary in the design office and in the shop 
to provide each beam in a structure with connections just strong enough 
for its reactions, standard connections have been adopted for all sizes 
of beams. Standard connections are so proportioned that they are 


^^'Riveis — Holes 

36" 33" 30" Z7" 




capable of supporting the maximum distributed load which the beam 
can carry on all normal spans. If the beams have very thin webs, or 
are very short, or support concentrated loads near the ends, the stand- 
ard connections may prove inadequate. All steel manufacturers^ 
handbooks of structural shapes and nearly all engineers^ handbooks 
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show standard connections, give their capacity, and state the minimum 
length of span on which the end connections can support the full ca- 
pacity of the beam in bending as a distributed load. 

Figure 120 shows the standard connections adopted by the American 
Bridge Company, and Fig. 121 shows connections used when thin webs, 
short spans, or concentrated loads require connections of greater capacity 
than the standard. These illustrations were taken with permission 
from the Abridged Edition of the Pocket Companion.'^* 


36 " 33 " 30 " 27 " 



Fig. 121. 


The standard connections adopted by the American Institute of 
Steel Construction are exactly the same as the American Bridge Com- 
pany Series A Connections, for standard beams up to 24 in. in depth, 
except that Z/4:-in. rivets are used instead of 7 /S~in. 

122. Seat Connections. — In connecting beams to columns, seat 
connections are sometimes used. Figure 122 shows typical seat con- 
nections for light and heavy beams. The conditions encountered are so 
varied that standards are not used for connections of this type. 

* ‘‘Pocket Companion,” Abridged Edition, 1931, pages 298 and 299. 
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Seat connections which consist merely of a shelf angle on which the 
beam is rested can be used for only small loads, preferably not over 
10,000 or 12,000 lbs. The limit depends on the width and thickness of 
the horizontal leg of the shelf angle, which must have sufficient strength 
to support the load in bending (the load acting at about the center of the 
horizontal leg), and on the number of rivets which can be placed in the 
downstanding leg against the column. The rivets in the leg against 
the column must be capable of transmitting the end reaction of the 
beam to the column, acting in single shear, or in bearing on the web 
when beam seats are placed on opposite sides of a thin web. 



Seat connections which have stiffener-supported shelf angles can 
carry much larger loads. The stiffeners under the seat must fit tight 
against the seat and have sufficient area in the outstanding legs to sup- 
port the entire beam reaction at a safe bearing stress. There must be 
a sufficient number of rivets in the stiffener legs against the column to 
transmit the entire beam reaction to the column. These rivets are in 
single shear, and attention should be given to the fact that they pass 
through a filler; their number should be increased from one-third to 
one-half and the extra rivets preferably placed in the filler extended 
beyond the stiffeners (as in Fig. 122) when this is possible. 

The designer must keep in mind the possibility of over-stressing the 
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web in direct compression (see Art. 43, Chapter III) and be sure that 
the seat has sufficient length to prevent this. If the seat cannot be made 
long enough the web of the beam should be fitted with stiffeners or a 
beam with a thicker web should be selected. 

The function of the clip angle connecting the top flange of the beam 
to the column is to steady the beam on the seat and prevent lateral 
movement of the top flange at the end. The clip angle is not expected 
to resist any of the vertical load. The connection of the beam to the 
seat and to the top clip angle is sometimes made with bolts instead of 
rivets. 

A special case of a seat connection is that in which a girder rests on 
top of a column as in Fig. 92. Seat connections in such cases are neces- 
sary because of the overhanging ends of the girders, and may be neces- 
sary even without overhanging ends when the reaction to be transferred 
from the girder to the column is of such size that framed connections 
are impracticable. The girder designed in the illustrative example 
DPIO, pages 169-174, furnishes another illustration of the use of a seat 
connection on top of a column because of the impracticability of a 
framed connection. 

123. Illustrative Example, DP17. — To illustrate the discussion of 
beam connections the calculations, DP17, Sheets 1 to 5 inclusive, are 
presented. Comment on the calculations relating to the design of the 
beams is not necessary. Calculations relating to the proportioning of 
the connections are given on Sheet 4, DP17, for a few of the typical 
cases, and sketches of the connections designed are given on Sheet 5, 
DP17. The calculations on Sheet 4 are much fuller than necessary for 
actual design and are intended to be self-explanatory. 

Attention is called to the fact that the standard framed connections 
are in aU cases more than adequate for the beams in the portion of the 
floor under consideration; this is the usual situation in ordinary floor 
framing. 

In calculating the proportions for seated connections the student 
should notice that the minimum length of bearing was determined on 
the basis of 24,000 lb. per sq. in. direct bearing on the web above the 
seat. As stated in Art. 43 there are few data on this point and no 
mention of it in design specifications. It should also be noted that the 
computed number of rivets for connecting seats to the column flange or 
web has been increased by one-half when these rivets pass through a 
filler: in one case the extra rivets were included in the main group and 
in the other placed in the filler extended beyond the main group. 

The 5/16-in. intermediate stiffeners used on the substitute for BO, 
B7j and B8 do not satisfy the principle that no connection angle should 
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have a thickness such that the strength of the rivets bearing against it 
is less than their strength in single shear. It will be noticed, however, 
that making the stiffeners 3/8 in. thick (which would satisfy the limit) 
would not reduce the necessary number of rivets in the connections to 
their outstanding legs and would add about 80 lb. to the weight of the 
girder. When stiffeners are used as connection angles the designer must 
make sure that the rivets connecting them to the web are sufficient in 
number to transfer the beam reaction to the web; such stiffeners are 
usually on fillers, and this fact should be considered in proportioning 
their riveting. 



124- Connections to Resist Moment: Rivets in Shear. — Connec- 
tions which must resist computed bending moments are fairly common. 
Figure 123 shows two types of bracket connections which are sub- 
jected to known bending moments. The ends of beams and girders 
which form part of the wind-bracing system in a high building must 
also have connections capable of resisting definite bending moments; 
Figs. 15A and 15B show examples of such connections. 

A general method of design for connections which must resist definite 
moment is to assume what seems to be a reasonable group of rivets and 
compute the load on the most-stressed rivet to see whether it is greater 
or less than its capacity. If the load on the most-stressed rivet is too 
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large the number of rivets in the group must be increased, or the ar- 
rangement must be modified; if the load is less than is permissible the 
number may be decreased. It is sometimes difficult to make a satis- 
factory assumption of the niimber of rivets in a group and several trials 
may be necessary; on the other hand, in many cases the necessary 
number may be computed directly, and the methods applicable will 
prove helpful in making preliminary estimates in other cases. 

The general method of calculating the stress in any one of the rivets 
of a group will be discussed first, and then the method of directly calcu- 
lating the number of rivets required in certain cases will be presented. 

Referring to Fig, 123 (a) it will be clear that the rivets in the group 
connecting the bracket to the column are subjected to stress from two 
sources; the bending moment, and the direct load. It is generally most 
convenient to compute the effects due to bending moment and direct 
load separately and combine them afterwards. 

Dealing with the effect of moment first, it is assumed that the stress 
on a given rivet due to moment alone is proportional to its distance 
from the point about which the moment alone tends to rotate the rivet 
group. A little reflection will make it clear that if the stress is propor- 
tional to the distance from the center of rotation (due to moment alone) 
the laws of statics will not be satisfied unless the center of rotation is 
the center of gravity of the group. In dealing with the direct load it is 
assumed, as usual, that the direct load is distributed uniformly among 
the rivets of the group. 

Using the following notation (see also Fig. 123 [a]): 

Rjn = the stress due to the moment on the most-stressed rivet; 

= the stress on rivet 1 due to the moment; 

Rm 2 = the stress on rivet 2 due to the moment; 

d — the distance from the center of gravity of the rivet group 
to the most-stressed rivet; 

di = the distance from the center of gravity of the rivet group 
to rivet 1; 

d 2 = the distance from the center of gravity of the rivet group 
to rivet 2; 

Rtj = the stress on any rivet due to the direct load; 

P = the direct load; 

e = the distance from the center of gravity of the rivet group 
to the line of action of P; 

n — the number of rivets in the group; 

R = the resultant stress on the most-stressed rivet; 

M = the moment acting on the group. 
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Keeping in mind the assumptions just stated we may write; 
d di d2 

Re = JM = Rmd d" Rmidi + Rm2d2 Hh • - • 


~ Rmd + Rm — + Rm ~ + . . . 
a a 

d 


And 

Rm 

Md 




(121) 

Also 

Rv 

P 



n 

(122) 


The resultant stress, R, may be obtained graphically as in Fig. 123(a), 
or, if the angle between R^ and Rm is 6, we may say that 

R^ = Rm^ + Rv^ + 2RmRv cos e (123) 

These relations are perfectly general and are applicable to any rivet 
group in bending whether symmetrically arranged, as in Fig. 123 (a), 
or not. 

When the rivets are uniformly 
spaced in a single straight line 
(or in parallel lines close to- 
gether) as in the bracket in (&), 

Fig. 123, the stress in the outer 
rivet due to moment may be 
found by the general method ex- 
pressed by (121), but the follow- 
ing analysis gives a more con- 
venient procedure. In Fig. 124 
is shown a line of rivets uniformly 
spaced at p inches. Since we are 
assuming that rivet stress is pro- 
portional to the distance from 
the point of no bending, i.e., the neutral axis, and since the rivets 
are uniformly spaced, it seems clear that we may consider the 
stress diagram for a row of n rivets spaced p inches apart as being 
the same as that for a rectangular beam np inches in depth, each rivet 
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resisting the stress on a strip p inches in height.* Figure 124 shows the 
stress strips acting on the various rivets, f If the stress on the outer 
rivet is JS, the average stress per inch of height on this rivet is R/p, and 
the maximum stress per inch of height on the equivalent rectangular 
R Ti 

beam is — X , as shown in the figure. It follows at once that: 

p n 1 


and 


M = - X - X 

2 p 

_ ^ Rpn^ 

M = X 


n np 2 


6 (n — 1) 



(124) 


This may be used to determine the necessary number of rivets to 
resist a given moment at a given pitch and rivet value; i.e.: 


/6M /n - 1\ 
^ pR^\ n ) 


(125) 


71 — 1 

The factor is nearly 1, and the error introduced by neglecting 

n 

it is small, and always on the safe side. However, it is easy to include 
the factor if desired. J 

This expression, (125), for the number of rivets gives of course only 
the number of rivets needed to resist the bending moment; the shear 
produces a vertical force on each rivet which must be combined with 
the horizontal force produced by the moment to determine the true 

* The student should refer to Art. 75 for a discussion of the necessity for uniform 
pitch if the stress in the rivets, and in the plate to which they connect, is to vary as 
the distance from the neutral axis. 

I It should be noted that the center of gravity of the stress strip acting on the 
rivet is assumed to be at its midheight. Of course this is not quite true, but the error 
involved is less than 1 per cent for groups containing more than 11 rivets in a line 
and only about 2 per cent for groups containing as few as 7 rivets in a line. 

m 

I If the quantity — is set on the A scale of the slide rule the value of n 


neglecting the factor 


pR 
n ~ 1 


this value of n multiply — r by the ratio 

pR n 


appears immediately below on the D scale; using 
1 


on the A scale, and find below on 


the D scale the always sufficiently accurate value of ^ 
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stress on the rivet. The shear is usually a minor item in brackets and 
if the number of rivets is determined from (125), neglecting the factor 

fj Y ii seldom be found necessary to increase the number be- 


cause of shear. This may be illustrated in connection with the bracket 
shown in Fig. 123 (6). Assume the following data: 

P = 57 kips 

c' = 13f in. 

p = 2| in. 

3^in. web; f-in. rivets; d.s. = 11.92 kips 

bg. on ^ plates == 3^ X f X 30 = 12.67 kips 
Then M = Pe' == 57 X 13.75 = 784 in.-kips 


R — 11.92 kips 


6 X 784 
11.92 X 2.5 


= 12.6 13 rivets 


Rv = == 4.61 kips 

6 X 784 12 

"" 13 X 13 X 2.5 13 


10.28 kips 


R = V 10.28^ + 4.61^ = 11.26 kips 

When the shear is high as compared with the moment it will be 
necessary to add some rivets to the number calculated by fl25). Trial 

solution is generally simplest, but, neglecting the factor ^ we 
may write: 

R^ = Rh^ + Rv^ 

/6M\2 . /F\2 


= 36 


from which n may be determined by direct calculation. Because of neg- 
lecting the factor (- ^ the value of n computed in this way will be 


lecting the factor ^ j the value of n computed m tins way will be 

mathematically a trifle larger than is necessary, but the error in any 
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practical case will be only a fraction of a rivet, which of course is mean- 
ingless. 

A little reflection should make it clear that the relation expressed by 
(125) may be applied to a bracket such as that shown in Fig. 123 (a) to 
determine by direct calculation a number of rivets which will be, in 
many cases, a fairly close estimate of that necessary. For example, as- 
sume the following data in connection with Fig. 123 (a) : 


e = 21 in. 

P = 82 kips, 41 kips per side 
p = 3 in. vertically 
h = 11^ in. 

f-in. rivets, s.s. =8.1 kips 

Then 

M = 41 X 21 = 861 in.-kips 
2(i2*^4X|-x9X5X32 = 1080 


18 X 5.752 = _595 
1675 

861 X 13.31 

- ml - 

i?, = fl- = 2.28 

+ 2 X 6.84 X 2.28 X 

P = 8.09 kips 


5.75 

13.31 


That is, the 18 rivets shown on each side of the bracket are just sufficient 
for the conditions assumed. Estimating the number of rivets required 

by means of (125), taking into consideration the factor 



n = 


4 


6 X 861 
2 X 8.1 X 3 



9.8, say 10 rivets in each vertical line. 


The student will notice that in the solution, P, in (125), was multiplied 
by 2, since there are two lines of vertical rivets, and the formula was de- 
rived for a single line. It may be found necessary to add some rivets 
when the shear is high as compared with the moment; in this case, for 
example, if the load is doubled and the arm, e, made one-half that as- 
sumed here, it will be found that with 10 rivets in each vertical line, as 
determined by (125), the outer rivet has a stress slightly greater than 
the permissible 8.1 kips. 


* See footnote, page 165. 
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It is clear of course that an adequate number of rivets for a bracket 
connection of this type may always be calculated directly from (126), 
but the student must not forget to replace R by 2R since there are two 
vertical lines of rivets. The results obtained must necessarily be on the 
safe side since the application of the relation to a connection such as that 
in Fig. 123 (a) assumes that the sum of the squares of the distances, 
from the center of rotation due to moment, to the various rivets of the 
group is substantially equal to the sum of the squares of the vertical 
projections of these distances. If the horizontal distance between the 
rivet hnes is not great the result will be quite accurate. Some notion 
of the accuracy to be expected may be obtained by applying (126) to 
the problem of the previous paragraph, from which the following re- 
sults will be obtained: 

When P = 82 kips, 41 kips per side 
and e = 21 in. 

n = 10.4 rivets per line, say 10. 

When P = 164 kips, 82 kips per side 
and e = 10| in. 

n == 10.9 rivets per line, say 11. 

The reader will recall that the 9 rivets per line on each half of the 
bracket shown in Fig. 123 (a) proved to be just adequate for the first 
case, and that 10 rivets per line for the second case resulted in the outer 
rivet being stressed shghtly beyond the permissible 8.1 kips — 8.19 kips, 
to be precise. 

125. Connections to Resist Moment: Rivets in Tension. — In aU 
the cases discussed in the previous article the ability of the rivet group 
to resist moment depended on the strength of the rivets in shear and in 
bearing. Many connections resisting moment necessarily depend on 
rivets in tension: the bracket in Fig. 123 (6) is connected to the column 
flange by rivets in tension, and the ends of beams and girders which are 
parts of the wind-bracing system of a building are generally connected 
to the building columns by rivets which are in tension. 

The principal difficulty in the problem of connections by means of 
rivets or bolts in tension is the location of the neutral axis, i.e., the center 
of rotation of the plane between the connection and the member con- 
nected to: in Fig. 123 (6) the plane between the back of the bracket 
connection angles and the flange of the column. If the coimecting 
rivets or bolts are entirely without initial tension (a condition which 
rarely, if ever, occurs) the neutral axis has one location; if initial ten- 
sion exists the neutral axis has some other location. It is never correct 
to assume that the center of rotation due to moment is at the bottom of 
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the bracket; it is probably correct in most cases, and it is always con- 
servative, to assume that the center of rotation due to moment is at the 
center of gravity of the rivet group. 

Accepting the center of gravity of the rivet group as the axis of 
rotation due to moment it seems clear that the number of rivets required 
to resist the moment can be calculated directly from (125) provided R 
is the value of a rivet in tension, the other symbols having the signifi- 
cance previously given. If the spacing of the rivets is not uniform in a 
vertical line the general method expressed by (121) must be applied. 

The direct calculation of the number of rivets required may be il- 
lustrated by considering the connection of the bracket in Fig. 123 (b) to 
the column flange. 

P = 57 kips 

e = 16 in. 

p = 2f in. 

Rivets f in. cf) 

B = 13.5 X 0.44 — 5.96 kips (in accordance with A.I.S.C. 

Specifications ^0 

Jlf = 57 X 16 = 912 in.-kips 

I 6 X 912 71 — 1 

n = \ — — X = 13.05, say 13 rivets in each 

^2X5.96X2.5 » vLtW line. 

The rivet value is used as 2R in this solution since there are two vertical 
lines of rivets in the connection. Attention should be called to the fact 
that there is shear on the plane between the column flange and the 
bracket connection angles. The A.I.S.C. Specifications ” permit 
rivets in beam and bracket connections to be designed to resist tension 
at 13,500 lb. per sq. in. in addition to their shearing and bearing stresses. 
In connections which resist moment the number of rivets which would 
be required for shear alone is generally much less than the number re- 
quired to resist the moment (in this case 10 for shear and 26 for moment), 
and the shear per rivet is therefore small. Furthermore, it is probable 
that in many connections of this kind the shear is resisted entirely by 
the friction between the connection angles and the column so that the 
rivets are subjected to tension only. Nevertheless it seems desirable 
to the author to limit the average intensity of shear in rivets which are 
in tension through computed moment, or through moment known to be 
considerable whether computed or not, to not more than 5/6 of that 
permitted for rivets which transfer stress through shear and bearing 
only. 
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If conditions are such that initial tension cannot exist, as when a 
connection is made by bolts on which the nuts are turned up until they 
just touch, but do not press against, the surface of the column flange or 
connection angles, the center of rotation due to moment will be below 
the center of gravity of the rivet or bolt groups. The neutral a.xis may 
be located by trial calculations after which the stress in any bolt may 
be found by applying the beam formula. The case is not of common 
occurrence, but has some interest from the standpoint of investigation 
of existing bolted connections. 

It is clear that as load is applied the bracket will tend to rotate about 
the neutral axis. As a result of this tendency to rotate, the bolts above 
the neutral axis will be in tension while below the neutral axis the connec- 
tion angles will be in compression against the column flange. The stu- 
dent will recall from his study of the mechanics of materials that the 
neutral axis lies at the center of gravity of 
the section, if stress is proportional to the 
distance from this axis. Assume that stress 
is proportional to the distance from the 
neutral axis and that the compression across 
the connection angles is uniform at a given 
distance below the neutral axis. It follows 
that the static moment about the neutral axis 
of the area of the connection angles in com- 
pression must be equal to the static moment 
about the neutral axis of the area of all bolts 
above this axis, and apphcation of this prin- 125. 

ciple will locate the axis. Referring to Fig. 

125, trial calculations will show that the static moment of the 
area of all bolts above line a, about line a, is greater than the static 
moment of the shaded area below a, about a; and that the static mo- 
ment about line b of the area of all bolts above hne 5, is less than the 
static moment of the area of connection angles in compression below b, 
about b. Therefore the neutral axis lies between the lines a and 6, and 
we may write the following relation, in which x is the distance from the 
bottom of the bracket to the neutral axis. 

7 ^ - 2 X 0.52(x - 3.75) - 2 X 0.52(2: - 1.25) 

= 2 X 0.44[2.5^ X 11 + 11(6.25 - x)] * 

* This relation is based on 13/16-in. holes in the angles (the area of one 13/16-in. 
hole is 0.52 so. in.) and on 3/4-in. bolts (the area of a 3/4-in. bolt is 0.44 sq. in.). The 
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Solving the above relation we find: 

X = 6.09 in. 

The neutral axis is 6.09 in. above the bottom of the bracket. The 
moment of inertia about the neutral axis may be calculated as follows: 

2X0.44[Y-X11X21X^^+2X0.16X-V^X11X2.5+11X06^] = 2160 

I- X 7 X = 527 

2687 

Deduct 2 X 0.52 X 2.34^ = 6 
Deduct 2 X 0.52 X = 24 


I = 2657 


For an explanation of the quantity in brackets see the footnote on 
page 165. 

Assuming a moment of 

Pe = 57 kips X 16 in. = 912 in.-kips 
and applying the beam formula the stress in the upper bolts is 


R = 


0.44 X 912 X 25.16 
2657 


3.80 kips each 


It will be well for the student to reflect on the conditions which must 
exist if the analysis just made is to be correct, and on whether the 
probability of their occurring is sufficient to justify the use of a smaller 


quantity on the right of the expression is obtained as follows: The static moment 
of a vertical line of equal individual areas, equally spaced, about the line 1-1 is: 


-4-- 





11 

I' 



S.M. == ap + a2p + a3p + . . . anp 
= ap(l + 2+ 34-4 + . ..n) 
n 

= ap-(n + 1) 

The static moment of the same group of areas about a parallel 
line e inches below 1-1, i.e., about line 2-2 is: 

S.M. = ae + a(p + e) + a(2p + e) + . . . a(np + e) 

= CL[p{l + 2+ 3+ ...?^) + (w + l)e] 

= aTp ^ (7i + 1) + (n + 1) el 
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number of bolts than would be required under the assumption that the 
neutral axis is at the center of gravity of the bolt group. The conditions 
are: there must be no initial tension in any bolt, but each bolt must have 
its head and nut just touching the surface of the column flange or con- 
nection angle. If some bolts are drawn up tighter than others not only 
will the foregoing analysis be in error (perhaps grossly so), but an 
accurate estimate of bolt stress will be impossible. 

126. Initial Tension. — Initial tension in rivets and its effect on the 
action of connections resisting moment is a matter worthy of con- 
siderable thought on the part of the student and the designing engineer. 

That initial tension occurs in all hot-driven rivets, and that it must 
be considerable, seems evident a priori, but owing to lack of adequate 
data quantitative results can be determined only by experiment. The 
most comprehensive investigation of the matter known to the author is 
that reported by Professor W. M. Wilson and Mr. W. A. Oliver in 
Bulletin 210 of the University of Illinois Engineering Experiment Sta- 
tion, entitled “Tension Tests of Rivets.’’ Professor Wilson and Mr. 
Oliver found that “hot-driven rivets in general are subjected to an 
initial tensile stress nearly equal to the yield-point strength of the 
material.” The average yield-point strength of the rivet rods which 
they used was 37,000 lb. per sq. in., and the initial tension of rivets 
with button heads on each end ranged between about 80 and 100 per cent 
of the yield-point strength, indicating that an initial tension in the 
neighborhood of 34,000 lb. per sq. in. may be expected to occur in hot- 
driven rivets with button heads. 

Some engineers hold the opinion that if rivets under initial tension 
are subjected to external load there wiU be no increase in the rivet 
tension caused by the external load until the latter exceeds the initial 
tension, i.e,, that external load applied to rivets under initial tension 
will not add to the stress in the rivet until the external load exceeds the 
initial tension. The author does not consider the statement to be exact, 
but it is sufficiently accurate for practical purposes. It can be shown 
that, under conditions which may be nearly met in some structural 
connections, the relation between actual rivet tension, initial rivet 
tension, and external load may be expressed by: 


T = To + W 



(127) 


in which T = actual tension per rivet due to initial tension and external 
load; 

To = initial tension per rivet; 
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W = external load per rivet; 

Ar = area of rivet; 

Ag = area of material gripped per rivet; 

Er = modulus of elasticity of rivet material; 

Eg = modulus of elasticity of gripped material. 

Of course in structural work 
Er = Eg 

and the relation reduces to 

T~To+w(^-A (128) 

Under the most unfavorable circumstances the ratio Ag/Ar might be 
as little as 9 (usually it will be from 16 to 20), and under present design 
specifications W might be as much as 50 per cent of To: we would then 
have: 

T = To + OMTo = 1 . 05^0 

That is, under the most unfavorable conditions the initial stress in a 
rivet will not be increased more than 5 per cent by the application of an 
external load per rivet equal to 50 per cent of the initial tension, and 
under what may be considered normal conditions the increase will be 
less than 1 or 2 per cent. From these considerations it seems clear that 
a satisfactory working basis is the statement that the application of 
external load does not increase the tension in rivets under initial tension 
unless the external load per rivet exceeds the initial tension. 

The analysis given in the preceding paragraph has long been familiar 
to students of machine design, and is similar to that first presented in 
The Locomotive for November, 1897, in a paper entitled, The Strains 
on Cover Plate Bolts.’^ 

127. Effect of Initial Tension on Connections. — The effect which 
initial tension has on a beam, girder, or bracket connection may be 
illustrated diagrammatically as in Fig. 126. At (a) in the figure is 
represented a portion of a connection with the initial tension in the 
rivets and the resulting compression against the back of the connection 
by the member connected to shown by the arrows. The compression 
against the back of the connection, induced by the initial tension in the 
rivets, is represented as being uniformly distributed, which is the 
simplest and most convenient assumption; the actual distribution of 
the pressure between the connected surfaces evidently depends on their 
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rigidity and on the location of the loads acting on them. Figure 126 (h) 
represents a moment applied to the connection and shows the distribu- 
tion of resisting stress across the back of the connection which will result 
if this surface does not lose its contact with the adjacent surface. The 
student should see clearly that the tension represented as occurring at 
the top of the connection in (5) may not be an actual tension but merely 
a relief of a greater compression. Figure 126 (c) shows the combination 
of (a) and (6) based on the acceptance, as a working hypothesis, of the 
principle that the application of external load does not increase the 
tension existing in a rivet under initial tension until the external load 
exceeds the initial tension. 


n n 



(a) (b) (c) 


Fig. 126 . 

It seems clear that the object of the designer should be to make 
certain that there is no actual separation at the rivets between the back 
of the connection and the surface of the member to which the connec- 
tion is made. This will be accomplished if the correctly computed 
tension in the outer rivet is less than its initial tension. Correct com- 
putation of the tension in the outer rivet, resulting from application of 
external loads, involves not only the bending moment at the connection, 
the number and arrangement of the rivets, but also consideration of 
the distortion of the connection material as well as that of the main 
members, and is a matter of such complexity and diflS-Culty that it is 
impossible in the routine design of connections; in fact, it is perhaps 
better to say that with our present inadequate data it is impossible in 
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any case. It becomes necessary, therefore, to determine, from study of 
test data and mathematical investigations, what rivet stress computed 
by methods of sufficient simplicity for use in routine design procedure will 
provide a proper margin of safety in the connection. Present design 
specifications permit a tension in rivets, computed by currently accepted 






methods, ranging from one-third to one-half the amount which may be 
expected as initial tension. Higher values have been suggested, and 
used in some cases. The specifications for design which are most widely 
used at present permit a computed tension of 13,500 lb. per sq. in. on the 
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nominal area of the rivet, with an increase of one-third when the effect 
of wind forces is included with that of the other external loads. 

128. Beam and Girder Connections to Resist Moment: Rivets in 
Tension. — ^All beam and girder connections resist some moment, al- 
though the moment, as previously stated, is generally ignored. 

The object of this article is to discuss the design of beam and girder 
connections which are to resist computed moments through rivets in 
tension. The principles already presented are for the most part sufficient 
for the design of such connections, but there are some matters which 
merit further discussion. 

Figure 127 illustrates two of the most common types of moment- 
resisting beam connections: the connections in (a) and (5) are funda- 
mentally different; those shown in (c) and (d) are merely modifications 
of the type shown in (a). A heavy connection of the type in Fig. 127 (5) 
is shown in Fig. 133, and a modification of the type in Fig. 132. 

Consider first the connection shown in Fig. 127 (a). It is clear that 
there must be a sufficient number of rivets on line TFi - TFi to resist 
the moment and shear without overstressing the outer rivet in double 
shear or in bearing on the bracket plate (for ease in construction the 
thickness of the bracket plate should be the same as that of the beam 
web). The number of rivets may be determined by trial and the stress 
in the outer rivet computed by the general method presented in Art. 124, 
or if uniform pitch is used the number necessary to resist moment may 
be calculated directly by the special method presented in the same 
article. Because of the necessity of providing proper edge distances in 
the web of the beam and in the bracket plate at the junction of the 
bracket and beam it may be found impracticable to maintain exactly 
uniform rivet pitch in the vertical line TFi - TFi, but a little thought 
should make it clear that if the number of rivets determined from (125) 
is provided, no harm will result from some increase in one or two spaces 
in order to clear the edges of the beams; the result will be substantially 
correct and on the safe side.* There must be a sufficient number of 
rivets in the fines T-T to resist the moment without the outer rivets 
having a computed tension exceeding a safe fraction of the probable 
initial tension. Here again the number may be selected by trial, but 
it is preferable that it be determined by direct calculation using the 

* It is desirable in all connections of the types under discussion that there be a 
sufficient number of rivets between the web of the beam proper and the connection 
angles to fuUy transfer the end shear from one to the other. If this condition is 
met the author considers that the possibility of a vertical component (due to shear) 
on the top or bottom rivet in line Wi-Wi may be ignored and the number of rivets 
necessary to resist moment, as calculated from (125), used without further investi- 
gation. 
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method expressed by (125). There must be a sufficient number of rivets 
on the lines W 2 , ITo, to resist in bearing or double shear the greatest 
stresses resulting from the total horizontal force acting between the 
beam flange and the bracket, and there must be a suflacient number of 
rivets on lines F -F to resist in single shear and direct tension the 
effect of the same force. In addition to these requirements it is necessary 
that the web of the beam together with the bracket plates have sufficient 
strength as a rectangular beam to resist the bending moment acting at 
line Wi-Wi. It is perhaps pertinent to point out here that the con- 
nection requires rivet holes in the flanges of the beam on line B-B and 
that the weakening effect of these holes should be considered in selecting 
the beam. 

The calculation of the number of rivets required on lines W 2 , W 2 , 
and F, F, requires merely the application of principles already pre- 
sented. Examination of Fig. 128 (a) will make it clear that the total 
horizontal force acting between the flange of the beam and the upper 
bracket must be the sum of the horizontal components acting on rivets 
5 to 9 inclusive. The resultant of these horizontal components lies at 
some distance above the lines W 2 and F, F, and as a result the rivets 
along these lines must resist bending moment as well as shear. The 
forces acting on the bracket plate above the beam are shown in Fig. 128 
(6), and it seems clear that the design of the riveting on lines W 2 and 
F, Fj may be handled exactly as the riveting for the bracket shown in 
Fig. 123 (fe) and discussed in Arts. 124 and 125. 

The computation of the total horizontal force acting on the bracket, 
i.e., the sum of the horizontal forces on rivets 5 to 9 inclusive in Fig. 128 
(a), seems fairly obvious but it may be stated as follows: 

Let H = total horizontal force acting along lines W 2 or F-F; 

= computed horizontal component on extreme rivet in line 
W i—W 1 ; 

dr = distance from neutral axis to extreme rivet in line Wi-Wi; 
d s= distance from neutral axis to any other rivet in line Wi-Wi. 

H = (129) 

dr 

"Ld being the sum of all d distances above the plane on which H is to be 
calculated. This relation is of course true whether the rivets are 
spaced uniformly or not, but when the spacing of the rivets is uniform 
the number of spaces of any rivet from the neutral axis may be used 
for the distance and the calculations made mentally. For example, 
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in Fig. 128 (a) the rivets are spaced uniformly in the line Wi-Wi, and 
the horizontal force acting along the lines W 2 or F~F will be 

R 35 

H — (5 + 6 + 7 + 8 + 9) Rwi (130) 


As stated above, the strength of the web of the beam and the bracket 
plates as a rectangular beam must be sufficient to resist the moment 
acting at line Wi~Wi. It is important to take into consideration 
the holes in the plates and web. Evidently the stress at the outer 
fiber of the rectangular beam formed by the web and bracket plates is 


Me 


where In = the net moment of inertia and the other symbols have the 
usual significance. As previously stated, * the net moment of inertia 
is very nearly proportional to the net area, and we may rewrite this 
expression using the following notation as well as that shown in 
Fig. 128 (a) : 

dc = overall depth of bracket connection = 2c; 
t = thickness of beam- web and bracket plates; 

An = net area of web and plates along line Wi-Wi; 

Ag = gross area of web and plates along line Wi-Wi; 
s = intensity of stress on extreme fiber; 

M = moment at line Wi-Wi, 


Then 


Me 2 QM ^ 

3 X — 

^ A, 


(131) 


If the holes in the line Wi-Wi are spaced at a uniform vertical 
pitch and 

p = pitch of rivets in the vertical line, 
h = diameter of the holes. 


(131) may be written 

5 = X— 
td/ p — h 

* See discussion of plate-girder design, Chapter III, page 177. 

^ Ag = tdc 

An = tdc dcht/py since dc/p = number of holes in the vertical line 
Aj, tdc 'P 



V 


( 132 ) 
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Obviously this relation may be used to determine the necessary thick- 
ness of web for a given intensity of stress, or to determine any one of 
the quantities involved when the others are fixed by known conditions. 

It is also of interest here to note that this relation furnishes another 
convenient method of computing the horizontal force between the beam 
flange and the part of the bracket above. The product st is the stress 
per unit of height at the extreme fiber of the rectangular beam, formed 
by the beam web and bracket plates, on line In Fig. 128 (n) 

fche triangles oef and oe'f may be taken as representing the distribution 
of stress (not intensity of stress in this case) across the section of this 
rectangular beam. It follows at once that since the line ef represents 
the stress per inch of height at the outer fiber we may say 


ef 



X 



h 


and the shaded area efgh represents the horizontal force in question. 
It is easy to write an expression for this area in terms of the moment, 
the depth of the beam, and the overall depth of the bracket, but it is 
preferable to compute it directly from known dimensions and the 
extreme stress rather than from a general formula. 

A matter of some importance in the design of bracket connections 
is the strength of the bracket plates along the inclined edges. The top 
or the bottom bracket plate will be in compression along the inclined 
edge, depending on whether the moment is positive or negative, and 
will obviously have a tendency to buckle laterally as indicated by the 
dotted lines in View A- A, Fig. 128. It is necessary that the bracket 
plate have sufficient thickness to prevent this buckling or the edge 
must be stiffened by angles as in Fig. 127 (c). The required thickness 
perhaps may be estimated with sufficient accuracy for design purposes 
by considering the edge of the bracket plate to act somewhat as a column, 
and applying the limits used for column design. Accepting a slender- 
ness ratio of 60 as that below which buckling is not a factor, in a round 
end column, we may estimate that, if the ends of the bracket plate are 
free to rotate, buckling will not occur if: 

L L _ 60 

<60 or - < 17 < - 7 = 

t t Vl2 

VI2 

and if the ends are restrained against rotation as indicated in Fig. 128, 
View A-A ; buckling will not occur if 


120 
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In these relations, 

L = the unsupported length of the plate edge, in inches; 
t — the thickness of the plate, in inches. 




Of course, such an analysis should not be regarded as much more than 
suggestive. The plate edge receives some restraint from adjacent metal, 
the extent of the restraint of the ends by the connection or clip angles is 
uncertain, and the distance from the unsupported edge of the bracket 
plate to the beam or column is unquestionably a factor. 

The similarity of the above limit to that commonly accepted for 
the maximum spacing of points of lateral support for compression 
flanges of beams {L/h = 15) which are to be 
subjected to the basic intensity of stress will 
suggest to the student the treatment 

of bracket-plate edges as beam flanges which 

j supported laterally only at their ends.* 

In addition to the matters already dis- 
(^) « cussed it is necessary to investigate the ability 

I of the connection angles to resist the bend- 

ing stresses induced. Figure 129 shows a sec- 

- - — tion through an end connection and the column 

to which it is fastened: (a) shows the un- 
J Lr stressed connection, and (5) shows, to a greatly 

exaggerated scale, the shape which the angles 
Fig. 129. tend to take on the tension side of the con- 

nection under severe loading. If it is assumed 
that the initial tension in the rivets is sufficient to hold the center 





"t 

—4 

r 


T 


Fig. 129. 


* In computing the stress on the inclined edges of bracket plates it is important 
to recognize that the conventional methods of calculation may be considerably in 
error. Referring to the footnote figure, if f' is the intensity of stress at A along th3 
edge of the plate, and/' and/ are intensities of stress in the directions indicated, that 


/" == /' sec- a, or /" - / sec^ 
is a matter of statics, but that 


„ M'c' , ^ Me 
/' = — and / = Y 


(where JW', c', M, c, and I have the usual sig- 
nificance with respect to sections Z'-X' and X~X) 
is not so clear. The author has not been able to 



find or to develop a thoroughly satisfactory solution of this problem. When the angle a 
used in calculating /" is small (say 20° or less) the conventional procedure probably 
results in a reasonable estimate; if the angle is as large as 45° the author thinks the 
conventional procedure is 20 per cent or more in error, but on the side of safety. 
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lines of the angle legs, at points A and C, parallel to their original 
positions as shown in (a), Fig. 129 (in spite of the deformation indi- 
cated in [6], Fig. 129), it may be shown * that: 


Ma = Th 


(2h + ^i) 

(4h hi) 


(133) 


in which Ma = the bending moment in the angle leg at A ; 

T = the pull applied to one angle; 

A and hi = the distances indicated in Fig. 129 (a). 


The bending moments at A and B are often estimated for design 
purposes by assuming that the tangents to the elastic line of the angle 
leg at A and B remain parallel to their original positions after deforma- 
tion. This assumption results in 


Ma = Mb 


Th 

2 


(134) 


It may be noted also that the distances h and hi are often taken as 
the clear distances, i.e., h, as the distance from the center of the rivet at 


* Assume that the right>angle frame shown at (a) is pulled sideways, by a force 
T, applied horizontally at B, in such a way that the original directions at A and C 
are not changed. Then since the rotations of BA and BC, at B, must be equal 


^{Ma - MB)h X -^ = KMb - lMB)h, X ^ 

Ml Mih 

If El — E\Ii, which is true in the case of the angle, Ma = Mb 




Similarly 


Ma == Th- 


(2/i -f- hi) 

{4Jh -f- hi) 


Mb = Th- 


2h 

(4Ji hi) 
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A to the face of the angle at B; similarly for hi. Since the moment at 
A is usually the critical one it is more nearly correct to use the definition 
of h and hi given in Fig. 129 (a). 

Referring now to Fig. 130, which represents the upper portion of a 
connection such as that in Fig. 128 (a), it is clear that if we assume a 
section of the angle p inches long to resist this moment we may write, 
using the moment given by (133) : 

n (2h + hi) 
s ’ (Ah + hi) 6 ^ 

in which s = the intensity of bending stress in the angle; 

p = the length of angle leg assumed to resist the moment = 
the pitch; 

t = the thickness of the angle leg; 

Tj h, and hi = the same as before. 

The pull, T, is evidently the calculated pull on the upper rivet 
of the connections and should not exceed the rivet value. Letting 
T = R = the rivet value in tension 
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connection angles may be found in terms of rivet diameter, for a given 
ratio of permissible stresses. A little study of this relation will indicate 
that thick angles are desirable for such connections. A common rule is 
to make the thickness of the angles equal to the nominal diameter of the 
rivet, and to keep the angle gages as small as possible. 

It should be noted that the analysis above ignores the effect of the 
rivet holes, in the angle-leg, i.e., the analysis presumes a solid section 
of angle-leg p inches long as resisting the moment, whereas actually 
there is a hole in the center of this length. Of course the designer may 
substitute the net length (p-diameter of hole) for p in (135), but since 
the analysis as given also neglects the effect of the rivet head pressing 
down on the angle around the hole, as well as the fact that the block of 
angle-leg assumed is continuous with the 
rest of the angle (which is not so highly 
stressed), it is not at all certain that the 
accuracy of the estimate of necessary 
thickness will be increased by so doing. 

In fact, it may be well here to caution the 
student again against blindly accepting 
as the final and correct answer formulas, 
such as (135), in the development of which 
many factors may be necessarily neglected 
or approximated. Formulas for design 
purposes must be simple, and easily and 
quickly applied, and effects w^hich are 
uncertain or complicated often must be 
dealt with by simplifying assumptions. If 
the approximations and assumptions are 
reasonable the inexactness of the resulting 
formulas does not detract from their usefulness as a means of comparing 
different designs, or as a means of comparing designs with laboratory 
data. On the other hand, the advanced student or designer should 
not always reject complex analyses on the ground that they are too 
cumbersome for use in design; in spite of their complexity and cum- 
bersomeness such analyses may be useful in guiding the designer’s 
thought about, and investigation of, matters which must, in routine 
design work, be simplified, approximated, and perhaps standardized. 

Split-Beam Connections. — ^The design of “ split-beam connec- 
tions such as shown in Fig. 127 (h) needs little discussion. That the 
following principles should be complied with seems obvious: 

(a) The direct tension (or compression) in the flange clip is equal to 
the moment acting on the connection divided by the depth of the beam 
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plus the thickness of the web of one clip (or one-half the sum of the web 
thickness of both clips if they are different). 

(5) There should be a sufficient number of rivets connecting the 
flange chp to the flange of the column to resist in tension the total pull 
in the clip: these are the rivets on lines C 3 -C 3 in the figure. 

(c) There should be a sufficient number of rivets connecting the 
flange chp to the flange of the beam to resist in single shear the total 
pull in the chp: these are the rivets on lines C 2 -C 2 in the figure. 

(d) There should be sufficient net area in the web of the flange chp 
on line Ci-Ci to resist the total pull in the chp without exceeding the 
permissible intensity of stress in tension. If the web of the chp has 
tapered edges, as in the figure, there should be sufficient net area on 
any section parallel to Ci^Ci to resist the total pull developed at that 
section by the number of rivets between the section and the interior end 
of the chp. 

(e) The flange of the chp should have sufficient thickness to resist 
the bending moment acting along the lines C 3 and at the junction of the 
flange and web of the chp. It seems clear that the flange clip tends to 
bend as shown, greatly exaggerated, in Pig. 131 (i>). If the rivets at 
C 3 -C 3 have sufficient initial tension to prevent changing the direction 
of the elastic line at C3-C3, during the deformation, the bending mo- 
ments in the flange will be as indicated in Fig. 131 (c), since the elastic 
line at B must remain parallel to its unstressed position. The distance 
h is as defined in the figure, and T is the total pull in the clip. If h is the 
width of the flange of the clip, t its thickness, and s the permissible 
bending stress, evidently: 



This assumes that the pressure of the rivet heads around the holes 
offsets the effect of the holes along line Cs-Cs, but the designer may use 
the net width in place of 6 if he considers it desirable. 

(/) Web chp angles are assumed to transmit the end shear from the 
beam to the column, and to be capable of performing that function 
must meet the usual requirements of connection angles regarding rivets 
on lines Si and & in Fig. 127 (&). 

Of course the web clip angles resist some of the end moment, but in 
the usual case it is a small part of the total moment and may be neg- 
lected. If the beam is very deep the web clip angles may be made long 
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enough and provided with a sufficient number of rivets to be of ap- 
preciable help in resisting the moment acting on the connection. In 
the latter case the amount of moment resisted by the web connection 
should be deducted from the total moment acting on the end of the 
beam before the flange clips and their riveting are designed. 

The discussion of split-beam connections so far has assumed but 
one line of rivets on each side of the web of the flange clip and has not 
raised the question as to whether all the rivets in the group are equally 
effective in resisting the pull on the clip. The question of distribution 
of pull among the various rivets in the group becomes more important 
when two lines of rivets on each side of the web are used as in Fig. 133. 



Many engineers insist that rivets in the outer hnes, Ca, are useless, 
claiming that they cannot act until those on the inner lines, Cs, are 
stressed beyond their yield point. Similarly the outer four rivets in 
the two-line connection of Fig. 127 ( 6 ) are under suspicion, some en- 
gineers believing that they are ineffective, or at least much less effective 
than the inner four rivets of the group. 

The effectiveness of rivets in the outer rows, C 4 , or in the outer ends 
of the inner rows, C3, obviously is a function of the stiffness of the flange 
clip : if it were possible to have a flange clip of infinite stiffness and to 
have such initial tension in the rivets that separation between the clip 
and the part connected to it could not occur there could be no question 
regarding the effectiveness of the rivets in the outer lines, C 4 , or the 
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outer rivets in the Cs lines. This at once suggests the qualitative con- 
clusion that the thicker the flange clips are the more effective outer 
rivets in the group will be in adding to the capacity of the connection. 

Doubt regarding the effectiveness of four-line rivet groups, as in 
Fig. 133, leads some designers to reduce the puli on flange clips, to that 
which can be resisted by a smaller number of rivets, by increasing the 
depth of the beam or offsetting the flange clips as in Fig. 132. 

It seems probable that investigations now under way* will throw 

more hght on this matter and re- 
sult in the development of quanti- 
tative data regarding the efficiency 
of such rivet groups. 

Knowledge of the actual value 
of the various rivets in such groups 
is not essential to the present dis- 
cussion, however, as the principles 
underlying the design of the con- 
nection are not materially altered 
thereby. It seems reasonable to 
follow the same design procedure 
whether one or two lines on each 
side of the web are used and 
whether the rivets have equal 
values or not. In estimating the 
necessary thickness of the flange, 
from the expression (137), of course, 
T remains the total pull on the clip 
regardless of how that pull is allo- 
cated among the various rivets of 
the group. 

Symmetry in the rivet group 
is desirable, about both the ver- 
tical central plane of the beam and 
the horizontal central plane of the flange clip: it is clear that if it is 
made symmetrical about these planes the number of rivets in the 
group must be a multiple of 4. Symmetry may not be possible in all 

* See discussions by W. C. Huntington and Paul Nielsen, and A. Torrigin and 
Erie Cope in September, 1932, Proceedings of the Am. Soc. C.E. These are discus- 
sions of a paper on ‘‘Wind-Bracing Connection Efficiency by V. T. Berg published 
in the January, 1932, Proceedings of the Am. Soc. C.E. A further report on the 
progress of the investigations was given in a paper by W. C. Huntington on “Tests 
of Split-H End Connections for Wind Girders,” presented before the summer Con- 
vention of the Am. Soc. C.E., June, 1933. 



Fig. 132. 
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cases, and if dissymmetry is permitted it should be about the horizontal 
central plane of the flange clip, symmetry about the vertical axis being 
maintained. 

129. lEustrative Example DP18. — To illustrate the discussion of 
connections to resist moment the calculations DP18, Sheets 1 to 4 in- 
clusive, are presented. It should be noted that an end shear, end mo- 
ment, and beam size have been arbitrarily assumed. The end moment 
is assumed to be largely the result of wind forces, and unit stresses used 


E 

, if 



r 

”3 




1 







in the calculations are increased one-third, as allowed by the specifica- 
tions, except that in the estimate of rivets required for the web clip 
angles, in the split-beam type of connection (Sheets 3 and 4 of the cal- 
culations), the common unit stresses have been used under the assump- 
tion that the critical end shear is the result of loads other than wind. 

In general, the calculations follow directly along the lines of the 
discussion in the preceding article and need little comment. However, 
the student should note particularly that in this design, as in most 
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practical work, the calculations serve to set limits and minimum re- 
quirements, the actual choice of parts and their arrangement depending 
to a large extent on physical limitations, such as necessary driving clear- 
ances for rivets, proper edge distance, obtainable shapes, and so on. 

The calculations for the number of rivets in the outstanding legs 
of the connection angles show that 17 on each line at 3 in. center to cen- 
ter will be adequate, but this number, at that spacing, would give a 
connection only 51 in. deep whereas the rivets in the line against the 
web of the beam require an overall depth of 60 in. as shown. Spread- 
ing out the rivets in the outstanding legs to cover the greater depth in- 
creases their resistance to bending moment, and fewer rivets would 
answer. An estimate of the required number of rivets in terms of depth 
may be made by rewriting the expression 

Im n-l 

n = X 

^ Rp n 

Squaring and dividing by n this becomes 


6M n - 1 

— X 

Kpn n 


If the spacing of the rivets is uniform and if the edge distance is 
equal to one-haK the pitch (as is usually actually or very nearly true) 
pn is equal to the overall depth and we may then say that 


n — 


m n - 1 
Rd^ n 


where d = overall depth in inches, and the other terms have their usual 


significance. As before, the term 


1 


on the right-hand side may be 


neglected, resulting in a small error on the safe side, but the term may 
be easily included. 

Applying this relation to the calculation of the rivets on the T lines 
we have: 


6 X 275 X 12 
2 X 10.8 X 60 


15.28 


neglecting the term 


n — 1 
n 


Including the term, 



ILLUSTRATIVE EXAMPLE DP18 


317 


14.28 

n = 15.28 X = 14.28 * rivets in each line, say 15, 
15.-00 


which shows that we may use 15 rivets on each T line instead of the 
17 given on the calculation sheets. It would be well to use the smaller 
number^ particularly if there is a large number of such connections. 
Decreasing the number of rivets would increase the stress on the outer 
rivet and also increase the length to be used in calculating the necessary 
thickness of the connection angles. 

Attention is called to the calculations for and choice of riveting on 


line W 2 (see Sheet 1 of calculations). The term 


- 1 


has been 


omitted leading to n" = 8.1. Had this term been included it would 
have modified the result to 

n'' = 7.6 


Nine rivets were used. Study will show that had 8 rivets been used 
the outer rivet would be slightly overstressed owing to the horizontal 
component resulting from the horizontal pull of 69.3 kips acting on the 
bracket plate in addition to the bending moment. The calculations 


* It will at once be noticed that the more accurate number is one less than that 

n — 1 


obtained by neglecting the term, 


One should satisfy himself that this result 


will be sufficiently accurate in all cases by using more accurate values of 

n 

71 — 3 

That is, a first approximation of n is 15.28, obtained by neglecting the term 

n 

A second, and more accurate, approximation is: 


A third approximation is: 


A fourth approximation: 


14.28 


n = 15.28 X — — 

= 14.28 

15.28 


„ 13.28 


n = 16.28 X — 

= 14.21 

14.28 


13.21 


n = 15.28 X -TW 

= 14.20 

14.21 



The reader will do well to study in the same way the variation in the value of n com * 
puted from 
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for the stress on the end rivet in line TF 2 using 8 rivets and 9 rivets re- 
spectively are shown in Fig. 134. 

The horizontal pull of 69.3 kips acting on the bracket plate may be 
calculated from the sum of the horizontal components of rivet stresses 
acting on the plate as w^ell as by the method shown on the calculation 
sheets. The calculations would be as follows : 


275 X 12 X 6 19 

^ 20^ X 3 ^20 


15.68 horizontal component on top rivet 


Total = 15.68 X 


m + 5| + + 8^ + 9|) 

9 | 


= 69.3 kips 


It will be noted that angles have been added to the inclined edges 
of the bracket plates to stiffen them against lateral buckling when in 




Fig. 134. 


compression. There is no definite basis for the choice of such angles, 
and no attempt has been made to estimate their strengthening effect. 
It seems wise that the total width of the outstanding legs be at least 
1/15 to 1/10 the unsupported length of the plate edge. A single angle 
with an outstanding leg in. or 3 in. wide would meet this requirement 
and would often be used in such cases; the author prefers symmetry in 
section for primary members. 

In studying the calculations for the design of the split-beam type of 
connection it is important to notice that the attachment of the flange 
clips to the columns requires eight 1-| (j> rivets in each clip. In man/ 
cases the use of such large rivets would be objectionable, and it would 
be necessary to use a larger number of smaller rivets. If a larger number 
of smaller rivets were chosen it w^ould be necessary to use four horizontal 
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lines of rivets in each flange clip, and as already stated there is con- 
siderable uncertainty concerning the effectiveness of rivets in the outer 
lines. If such rivets are accepted at full value the most satisfactory 
solution would be to use twelve 7/8-m. <p rivets and place the flange 
chps on fillers of sufficient thickness to make this number adequate. 
The necessary distance center to center of flange clips would be: 


275 X 12 
12 X 10.8 


25.5 in. 


Since the flange clip web has a thickness of about 1/2 in. this would re- 
quire a fill 1 in. thick on one flange, or a 1 / 2 -in. fill on each flange. 

If the designer cannot accept more than two horizontal lines of rivets 
in a flange clip and still must use ordinary rivets, the flange clips may be 
separated a suflflcient distance by the use of one or two flange clip seats 
as illustrated in Fig. 132. The design of this modified type of split- 
beam connection involves no new principles and no additional calcula- 
tion except that necessary to proportion the flange clip seat. It seems 
ob\i.ous that the flange clip seat may be treated exactly the same as a 
bracket on a column, and the calculations on Sheet 4 of DP 18 are based 
on that procedure. The calculations for the connection of the flange 
chp to the flange clip seat and of the latter to the beam flange need no 
comment. As the calculations show, the web of the seat has been 
treated as a rectangular beam, and its thickness determined from the 
moment and shear to which it is subjected. 

It may be well to point out that in the calculation for area of the 
3 86.4 

web of the seat, - X 7 - 7 - = 8.10 sq. in., the intensity of stress, 16 kips 
2 Ib.U 

per sq. in., is the usual permissible stress increased by one-third because 
the effect of wind is included, and the factor 3/2 takes account of the 
parabolic variation of shear across a rectangular beam; students often 
overlook the latter principle. This procedure of course is open to the 
objection that it assumes the beam formula applicable to a beam having 
a length less than its depth. In spite of the probable inaccuracy of the 
beam formula in such cases its use seems to provide the most practicable 
estimate of the strength of a column bracket or flange clip seat. 

If it seems desirable to cut the seat with a sloping end, as shown in 
Fig. 132, there is the added uncertainty as to the action of a beam 
with an inclined edge. Even in this case the use of the beam formtila 
seems to provide the only simple design procedure.* 

* The student will do well to reflect on the situation presented by the use of the 
ordinary beam formula in connection with a beam with one edge sharply inclined. 
For example, consider the accompanying figure. Both beams are rectangular and 
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130. Net Section in Tension Members. — Before proceeding with a 
discussion of the design of riveted connections for tension and compres- 
sion members it is necessary to establish a working definition for the 
determination of net section. 



Pig. 13.:. 


Referring to Fig. 135 (a), it is clear enough that at 1-1 the net sec- 
tion is the gross area of the plate minus the area cut out by two holes, 
and that at 2-2 the gross area minus the area cut out by one hole. In 


1 1 

a 

5<||) j 


1 A- 1 

)>^ 1 

i i i 



' d ^ 


Ca>) (b) 


Fig. 13G. 


Fig. 135 (&), however, the net section is not so obvious. There would 
be no question in the mind of the reader but that the plate in Fig. 135 (aj 
would break, if tested to destruction, along section 1-1 through the 
holes h and c. It would not be evident by inspection whether the plate 


have the same depth and vndth at section x-a;, and consequently the same moment 
of inertia at this section. Applying the beam formula to each of them will give a 



horizontal intensity of stress at A in the 
beam shown in (5) equal to the intensity 
of stress at A in the beam shown in (a) ; 
call this intensity /. But, as stated in 
the footnote on page 304, if the hori- 
zontal intensity of stress at A in the 
beam shown in (6) is /, the stress along 
the edge is, / sec^ 45°, or 2/, as a matter 
of statics. This means that if one ac- 
cepts intensity of stress as a measure of 
strength, the bracket shown in Q>) is 


only half as strong, at section x-x, as 
the one shovm in (a). The author doubts whether many engineers wiH accept this 
conclusion; certainly he does not. 
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in Fig. 135 (h) would break through holes h and c along the transverse 
hne a, 6, c, d, as illustrated in Fig. 136 (a), or whether it would break 
through holes b, e, and c, along the zigzag line a, b, e, c, d, as illustrated 
in Fig. 136 (5). There must be a location of hole e with respect to holes 
b and c which will make the breaking of the plate along the transverse 
line abed through holes b and c, or along the zigzag line abecd through 
holes 5, c, and c equally probabhy i.e., which makes the strength of the 
plate along the zigzag line equal to its strength along the right trans- 
verse hne. 

There have been several attempts to estabhsh mathematically a 
relation betw-een the pitch of the rivets or holes, p — see Fig. 135 (5) — 
the gages, gi and ^ 2 , and the diameter of the holes, which will make 
possible the location of the hole e to produce equal strength along the 
transverse and zigzag sections. Formulas w^hich are presumed to do 
this have been published in various sources, but the author has not seen 
a demonstration consistent with the generally accepted principles of 
mechanics. There are so many complicating factors — intensification of 
stress at the edge of a hole, the concentration of the load at points (the 
rivets), the fact that the holes are not empty but contain rivets which 
may not quite fill them, may exactly fill them, or may be expanding 
them, and so on — that a mathematical solution of the problem seems 
impracticable if not impossible. 

The designing engineer, however, does not need to have a formula 
(and does not w'ant it if it is complicated) which exactly locates the 
position to produce equal strength; what he would like to have is a 
simple relation between the net area on a zigzag line and the net area 
on a right transverse line by means of which he can space rivets with 
definite assurance that the member in question is not weaker (preferably 
a little stronger) along a zigzag section than along a right transverse 
section, or by means of which he can estimate the strength along a zig- 
zag section in comparison with the strength along a right transverse 
section. This want has been met in design specifications in the past by 
rules setting up a minimum ratio between net area along a zigzag 
section and net area on a right transverse section. The specifications 
written by the late Theodore Cooper,* for example, stated that: “ The 
rupture of a riveted tension member is to be considered as equally 
probable, either through a transverse line of rivet holes or through a 

*“ General Specifications for Steel Railroad Bridges and Viaducts/' Seventh 
Edition, 1906. Mr. Cooper based his requirements on the results of an elaborate 
series of tests performed by the Research Committee of the Institution of Mechanical 
Engineers which were reported in the Proceedings of that society for iVpril, 1885, and 
in Engineering for July 3 and 10, 1885. 
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zigzag line of rivet holes, where the net section does not exceed by 30 per 
cent the net section along the transverse line. The number of holes to 
be deducted will be determined by this condition.” Other specifications 
of about the same period had similar requirements in which the excess 
area demanded for the zigzag section ranged from 15 to 30 per cent. 
More recently, conference committees from the American Society of 
Civil Engineers and the American Railway Engineering Association 
suggested a definition * which substantially requires that the excess 
area along a zigzag section be 10 per cent. 

Although an immense amount of study and experimentation f has 
been devoted to the subject of riveted joints the matter of net section, 
from the viewpoint of the structural designer, seems not to have been as 
carefully studied as other phases, and conclusive experimental support 
of any of the various requirements regarding net section is not available. 
It is consequently necessary more or less arbitrarily to adopt some 
definition by which net section may be estimated. Therefore pending 
experimental (or analytical) demonstration that some other definition is 
more nearly in accordance with the facts the author has adopted the 
following and has incorporated it in the bridge design specifications 
given in Appendix A. $ 

The net section of riveted tension members shall be the least area found as follows: 

(a) A right section with the holes in that section only deducted. 

(5) A zigzag section with all holes in the zigzag section deducted and the neo 
diagonal distances taken at 5;''6 of their values; except that the area thus found is not 
to be used if less than a right section with the holes cut by the zigzag section deducted. 

The application of this definition wiU be discussed and illustrated in 
the next article. 

131. Calculation of Net Section. — The problem of net section com- 
monly occurs in two ways. First, if the plate in Fig. 137 has been de- 
signed deducting one hole § from the gross area, what must be the pitch, p, 

^ Art. 408, General Specifications for Steel Railway Bridges,” Proceedings Am. 
Soc. C.E., December, 1929. 

t Some idea of the amount may be obtained from the comprehensive “Bibliogra- 
phy on Riveted Joints” by A. E. R. de Jonge, “Research Publications,” A.S.M.E., 
1934. 

t The results of a systematic but brief series of tests j3onducted at the University 
of Illinois under the direction of Professor 17- M. W’ilson seem to support this defini- 
tion, but the number of tests is not great enough to consider the result final. Not 
all the data have been published, but those which do not appear in Bulletin 239 of 
the Engineering Experiment Station, University of lUinois, are recorded in a graduate 
thesis written by C. O. Harris. 

§ The dissymmetry resulting from staggering the holes is neglected. There are 
no data concerning the effect, if any, of this dissymmetry, and perhaps most com- 
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in order to maintain the net section, i.e., in order to insure that a right 
section a, b, e, through hole b with one hole deducted, is at least as strong 
as a zigzag section a, b, c, d with two 
holes deducted? Second, if the pitch, 
p, must be less than is necessary if 
only one hole is to be deducted, 
what is the net area of the piece? 

These two problems are readily 
solved by application of the defini- 
tion of net section stated in the 
preceding article. 

{ei + g + 62 — d)t = net section on abe 

1 - I + I - d) +02 


1 - ^ 

Y 1 



1 

VT' 

I 

1 


II 

i 

1 


Fig. 137. 


[ei + 62 — d + — d)]t == net section on abed 

The second of these expressions answers the second question just stated^ 
and equating the two expressions will answer the first. 

{ei + g + 62 - d)t = [6i + 62 “ ' ■ 

from which = 0 . 44 ^^ + 2Agd + d? 


d + a^g^ + 


( 138 ) 


If one wishes to do so it is a simple matter to draw a curve relating 
'p and ^ for the values of d that most commonly occur, and such a dia- 
gram is often very 
convenient. A more 
comprehensive dia- 
gram which may be 
constructed for an- 
swering the second 
question in compli- 
cated cases will also 
serve to represent this 
relation between p 
and g. 

The fundamental 
way in which the defi- 
nition of net section adopted was applied in determining the net area 
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Fig. 138. 


monly pieces — such as flange angles of girders — in which staggered riveting occurs 
are so restrained by connected parts that deflection out of line is impossible. 
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on section abed in Fig. 137 may be used in any case, but in more com- 
plicated arrangements, such as that shown in Fig. 138, it may be 
necessary to try several ways to determine the least net area. For 
example, in Fig. 138 it is not clear by inspection whether section abdfg 
with three holes deducted, section ahedfg with four holes deducted, 
or section abedefg with five holes deducted will give the least area in 
accordance with our definition. To try all these, and other possible 
sections, by the fundamental method would be quite time-consuming, 
and some means of expediting the work will be helpful. 

It seems clear that in determining the net section on line abdfg in 
Fig. 138 we may say that between the upper edge of the member and 
gage Hne 1 w^e deduct f of a hole, betw^een gage lines 1 and 2 we deduct 
f of a hole, between gage lines 2 and 3, ^ of a hole, and so on, the total 
deduction being 

J + J + ^ + J + ^ + holes 

and the net area is then 

(w — Sd)t 

Similarly in discussing section abedefg we could think of the total de- 
duction as 

i + iri + a:2 + ^3 + ir4 + § 


where the first | is the half-hole deducted between the upper edge and 
gage line 1; the second the half-hole deducted between gage line 5 
and the lower edge; and xi, X 2 , and X 4 , the fractional parts of a hole 
deducted between gage lines 1 and 2, 2 and 3, 3 and 4, and 4 and 5. 
Then if these fractional parts -were properly determined the net width 
would be: 

t(ei - ^ + gi — xi + g 2 — X 2 + gs — xz + g 4 — X 4 + 62 — 

= t[ei + gi + §2 + gs i- 94 . + €2 — {I + xi + X 2 + xz + x^] 
= t[w — (1 + + 3:2 + + ^ 4 )]- 



Although developed for xi this expression is perfectly general and may 
be used with any gage to calculate the corresponding value of x. If 
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some simple and quick way to determine the values xij X2, and so on, is 
available we may always find net area on any zigzag section as the gross 
right section with a certain number of holes deducted, that number 
being, 1 + 2 a:, where 2 is the sum of all x quantities. Figures 139, 
140, and 141 show solutions of the expression (139) for varying values 
of g and p. Fig. 139 being for 3/4-in. rivets and 7/8-in holes, Fig. 140 for 



Fig. 139 . 

7/8-in. rivets and 1-in. holes, and Fig. 141 for 1-in. rivets and li-in. 
holes. 

Referring again to Fig. 137 it is clear that we may apply (139) in this 
case to determine the net area on section a, 6, c, d. Also if we equate 
(139) to zero and solve for p we will get expression (138) as we should; 
evidently then the diagrams in Figs. 139, 140, and 141 may be used to 
obtain a solution of (138) for varying values of g and p within the range 
of d covered by the diagrams. 
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To illustrate the numerical application of the definition of net sec- 
tion, and to show how the diagrams of Figs. 139, 140, and 141 may be 
used in connection therewith, two or three typical problems will be 
considered. 

Assume that the plate in Fig. 137 is 6 in. wide, the gage g is 3 in., the 
edge distances are equal and in. each, and the rivet holes are to be 
taken as 1 in. in diameter for 7/84n. rivets. 



Fig. 140. 

1, What is the actual net width if the pitch p is 2 in.? 


1.50 - 0.50 = 1.00 

I (V32 + 22 - 1.00) =2.17 

1.50 - 0.50 = 1.00 


4. 17 in. net width 
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From Fig. 140 


g = 3, p — 2j X = 0.83 


Net width = 6 — (0.5 + 0.83 + 0.5) = 4.17 ia. 


That is, from the diagram Fig. 140 we find that 1.83 holes must be 
deducted from the cross-section to determine the net section. 

2. What should be the pitch to maintain a net section deducting 
only one hole? 



Fig. 141. 


Direct application of relation in (138) 

0.44 X 32 = 3.96 
2.40 X 3 X 1 = 7.20 
12 = 1,00 


= 12.96 

p = 3.487 in, or 3| in. 
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From Fig. 140 


g = 3 in., z = 0 and p = 3.5 in. 


Referring to Fig. 138, assume that the plate is 20 in. wide, the 
holes are 1 in. in diameter for 7 / 8 -in. rivets, the edge distances ei and 62 
are equal and in. each, the gages are as follows: 


^1=4 in. 
^2 = 5 in. 
grs = 3 in. 
g 4 = ^ in. 

and the pitch p = 3 in. 


The right section deducting the three holes a, d, and / should be con- 
sidered as well as a zigzag section a, 5, c, d, e, /, g deducting one-haK 
hole above gage line 1, one-half hole below gage line 5, and fractional 
parts of holes between gage lines 1 and 2, 2 and 3, 3 and 4, and 4 and 5. 

The net width on the right section deducting 3 holes of course is 
17 in. Making use of the diagram in Fig. 140 the net width on the 
zigzag line is 

0.50 above gage line 1 
p = 3 in. gi = 4 in. xi = 0.66 between 1 and 2 

g 2 = 5 in. X 2 = 0.97 between 2 and 3 

^3 = 3 in. xz = 0,30 between 3 and 4. 

0^4 = 5 in. X 4 = 0.97 between 4 and 5 

0.50 below gage line 5 

3 . 90 holes to be deducted 


net width = 20 — 3.90 == 16.1 in. 


In this case the zigzag section controls. The student should assume the 

pitch to be 4 in. and compare the 
right section and the zigzag section. 
He will find that the right section 
controls and that between gage lines 
3 and 4, 0.35 of a hole should be 
added rather than deducted. 

As a final example consider Fig. 
142. The calculation of net section 
Fig. 142. on the zigzag for a given pitch fol- 

lows exactly the same procedure as 
before. Frequently the question of what pitch must be used to make 
the net area on the zigzag section, a, ft, c, d, e, the same as that on the 




SINGLE PLANE TRESSES 


329 


right section a, h, d, must be answered. Clearly the net width on the 
right section is 

12 - 2 X 1| = 9| in. 

On the zigzag section it is 

12 — (0.5 •{- X I X2 0.5)1 J 

and evidently to have the net width the same in the two cases it is 
necessary that 

Xl + X2 == I 

From Fig. 141 we may determine by trial a pitch such that this will be 
true with the gages of 5 in. and 4 in, shown. The student should do 
this; he wall find that the pitch should be between 3.7 in., when the 
values of xi and X 2 are 0.35 and 0.67 respectively, and 3.8 in. when xi 
and X 2 are 0.30 and 0.62. 

The pitch of course will 
ordinarily be in multiples 
of 1/4 in. and in this case 
should not be less than 3f in. 

The discussion so far has 
been restricted to plates, 
but angles and other shapes 
may be treated in the same 
manner by imagining the 
shape flattened out into a plate as in Fig. 143. The gages adjacent to a 
corner are generally added together and the thickness of the shape de- 
ducted as indicated. As a matter of convenience these gages are some- 
times added and the thickness neglected, which of course results in an 
error on the safe side. 

RIVETED CONNECTIONS FOR TENSION AND COMPRESSION MEMBERS 

132. Single Plane Trusses. — The application of the fundamental 
principles and assumptions of riveted connections to the actual design 
of truss joints may best be discussed in connection with specific examples. 
A joint from a moderately heavy roof truss has therefore been chosen, 
and the stresses in and make-up of the members meeting at the joint 
are shown in Fig. 144. It should be noted that the tension members 
were all designed assuming only one hole deducted from each angle, and 
the connection must be designed to maintain that condition. 



Fig. 143 . 
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Three designs for the joint are shown; in the first, Fig. 145, the bot- 
tom chord has not been spliced (the section of L^Lz continuing across 
the joint for member L 1 L 2 ), and in the second and third, Figs. 147 and 



149, the chord has been spliced at or near the panel point. The question 
of whether the chord should or should not be spliced is in general one of 



economy; if the saving in material effected by changing the size of the 
chord is greater than the additional cost of the joint resulting from the 
splice, the splice should be made, otherwise not. It is impossible in a 
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text such as this to enter into a discussion of so variable a thing as the 
cost of fabrication, but rather casual observation should indicate that a 
considerable saving in main material must be made to justify the joints 
of Fig. 147 or 149 as compared with that of Fig. 145. Of course in some 
cases a splice may be dictated by the lengths of material obtainable or on 
hand. 

In studying the design of the joint in Fig. 145 the following data are 
needed : 

Single shear f-in. rivet = 5960 lb. 

Bearing on iV’in. gusset (double shear) = 9840 lb. 

Bearing on J-in. angle (single shear) = 4500 lb. 

These data may be calculated in accordance with the principles pre- 
viously discussed or may be taken directly from an engineers’ handbook, 
a steel manufacturer’s catalog, or “ Steel Construction,” the handbook of 
the American Institute of Steel Construction. 

The numbers of rivets required for the different members are as 
follows: 

rr X 81.9 ^ ^ . 

U 1 L 2 = 8.32 — 9 rivets 

9.84 

23.7 

U 2 L 2 == 2.63 — 3 rivets 

9.00 

UzL 2 = 4.88 — 5 rivets 

9.84 


The reason for the different rivet stress used in calculating the 
number of rivets for U 2 L 2 is that the sum of the bearing values on the 
two 1/4-in. angles (9000 lb.) is less than the bearing value on the 7/16- 
in. gusset plate, and of course controls the design for the connection 
of I72-£'2* 


The student will notice that the horizontal component of U 1 L 2 
(55.0 kips) tends to pull the gusset plate to the left, and the horizontal 
component of UzL 2 (30.7 kips) tends to push the gusset to the left. 
Evidently there must be a sufficient number of rivets between the gus- 
set and the bottom chord to resist the combined horizontal components 
of the diagonals, or 


55.0 + 30.7 
9.84 


8.72 — 9 rivets 


Obviously the sum of the horizontal components of the diagonals must 
equal the difference between the stresses in L 2 LZ and L 1 L 2 , if the 
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stresses sKown are simultaneous stresses. The necessity for the use of 
simultaneous stresses is sometimes overlooked in dealing with trusses 
which are designed for mo\dng loads. In such cases it must be kept in 
mind that the connection for an indhudual member must be designed 
for the maximum stress in that member, but that when sums or differ- 
ences of stresses or their components are concerned the stresses or com- 
ponents used should be those which act simultaneously; the error re- 
sulting from the use of maximum stresses or components rather than 
simultaneous values will be on the safe side of course when sums are 
involved, but may be on the unsafe side for differences. 

The number of rivets required for each member having been de- 
termined, the joint ms^y be sketched in, showing the rivets in place, 
giving proper attention to edge distances, drhing clearance, and so on. 
In tension members particular attention should be given to proper 
spacing to maintain net section. In the riveting of U 1 L 2 in Fig. 145, it 
should be noticed that the space between the first two rivets at the 
edge of the gusset is 2f in. Reference to Fig. 139 will show that for 
a 2-in. gage distance the least pitch to take out only one hole should be 
about 2.6 in. Rivet spaces are in general most convenient if in multiples 
of 1/4 in., but if multiples of 1/8 in. are satisfactory this first space may 
be 2f in. The space between the second and third rivets need not be 
so great since some stress has been taken out of the member by the first 
rivet and less net area is needed thereafter. In this particular case, if 
the rivets are equally stressed, the first rivet takes out of each angle of 
the member: 

~ X — = 4.55 kips 

Each hole reduces the capacity of each angle of the member by 
X f X 18 = 4.92 kips 

Consequently a zigzag section through the second and third rivets may 
deduct not more than 

4 55 

1 + = 1-92 holes 

which requires a pitch of not less than about 1.15 in.; the actual pitch of 
l| in. is desirable to secure convenient driving space center to center 
of rivets. As sections are taken nearer the inner end of a tension mem- 
ber less and less stress remains in the member, the net area required is 
also less, and more holes may be deducted than at the edge of the gusset 
plate. Much use is made of this condition in designing connections for 
large heavy members. 
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Following the same line of reasoning as above it will be found that 
the least pitch permissible at the right-hand edge of the connection to the 
bottom chord is about 3.0 in., the actual pitch of in. being that which 
distributes the necessary number of rivets along the width of gusset 
made necessary by the rivet groups for the diagonals. 



When the connection of a gusset to a chord requires only a few 
rivets, beginners are inclined to cut a gusset as shown in Fig. 146 (a). 
Ordinarily it is better to make the sides of the gussets normal to the 
chord as in Fig. 146 (b) and increase the spacing of the necessary rivets 



to cover the greater length, adding one or more extra rivets if the spac- 
ing becomes excessive. 

The calculations for the design of the connections for U 1 L 2 , C/ 2 L 2 , 
and UsL 2 s^re the same whether or not the chord is spliced; and in con- 
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sidering the joints of Figs. 147 and 149 only the calculations for the 
chord connection and splice will be given. 

In the detail of the joint shown in Fig. 147 the 5 by 3j by § angles 
of L 1 L 2 have been cut at the left edge of the gusset plate. It is therefore 
necessary to provide splice material at this section having a net area at 
least equal to that of the angles and to provide riveting which will 
transfer the stress from the main section to this splice material. It is de- 
sirable in all cases that the transfer of stress from main section to splice 
material be as direct as possible, and to that end the latter should, so 
far as is practicable, take stress only from that portion of the main 
section with which it is in direct contact, i.e., it is desirable that the 
bottom splice plate take its stress from the outstanding angle-legs with 
which it is in direct contact, and that the stress in the side splice plates 
come from the upstanding legs of the angles which are in contact with 
them. The stress of 128.3 kips in the main member and the splice 
material areas should therefore be distributed as follows: 


Bottom plate 


Side plates 


\ 

+ 5/ 

V34 + 5/ 


X 128.3 kips 


X 128.3 kips = 


= 52.8 kips @ 18 = 2.93 sq. in. 
75.5 kips @ 18 = 4.20 sq. in. 


128.3 kips (§^ 18 = 7.13 sq. in. 


net 

net 

net 


The areas actually provided are: 

Side plates (5j — |) X I* X 2 = 4.38 sq. in. net 
Bottom plate (12 — 2 X |) X = 3.20 sq. in. net 

Total = 7.58 sq. in. net 

The student will note that the bottom plate is marked as 12j in. wide, 
but at the critical section through the two rivets at the ends of the 5 by 
3| by ^ angles the edges are tapered and the gross width is scaled as 
12 in. Since each piece of splice material receives its stress through 
rivets which act in single shear in transferring that stress, the calculated 
number of rivets for each piece is as follows: 

52 8 

Bottom plate = 8.86 

75 5 

Each side plate i X - 6.34 


Of course fractional rivets are impossible, and it is desirable that there 
be an even number of rivets on the bottom splice plate for the sake of 
s^rnimetry; therefore the joint has been detailed with 7 rivets in the 
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side splice plate and 10 in the bottom plate, 
here for reasoning that, since only 


There is some justification 


128.3 

= 21.5, say 22 

0.96 


shearing areas are necessary, it would be sufficient to provide 6 rivets 
(12 shearing areas) in the side splice plates in addition to the 10 in the 
bottom plate. There is always some doubt as to whether a splice is the 
full equivalent of uncut material, and it is not desirable to be parsimoni- 
ous in proportioning one; the student will find that many engineers and 
some specifications require that a splice have a calculated strength 
about 10 per cent greater than that of the member which it replaces. 

Having gotten the stress from the 5 by 3 J by J angles into the splice 
material, it is necessary to transfer it from the latter to the 6 by 6 by 
9/16 angles. Evidently the same number of rivets will be necessary in 
each piece of sphce material to take the stress out as was necessary to 
get it in, and they are shown in the portions which connect to the 6 by 
6 by 9/16 angles. The splicing of the angles of L 1 L 2 to the angles of 
L 2 L 3 provides for the stress in the former but leaves the difference be- 
tween it and the larger stress in the latter to be taken care of. As noted 
previously, the difference in stress in the two chords must be brought in 
(or taken out) through the gusset plate since this increment (or decre- 
ment) of stress is equal to the sum of the horizontal components of the 
web members connecting at the joint, and the only connection between 
the chord and the web members is the gusset plate. It seems clear, 
therefore, that there must be a sufficient number of rivets between the 
6 by 6 angles of L 2 L 3 and the gusset plate to transfer the difference in 
chord stresses. As the reader noted in connection with the discussion 
of Fig. 145 these rivets are in bearing on the 7/16-in. gusset plate and the 
number required is: 


214 - 128.3 
9.84 


8.72 — 9 rivets 


Nine rivets are shown passing through the angles of L 2 L 3 and the gusset 
plate. It should be noticed that 7 of the 9 rivets also pass through the 
side splice plates and are therefore acting not only to transfer stress 
from the side splice plates to the angles of L 2 L 3 , but also to transfer 
stress from L 2 L 3 to the gusset plate, or vice versa. Since these stress 
transfers occur on different planes there is no objection except that care 
must be taken to see that shears on opposite sides of a piece do not com- 
bine to overstress the rivet in bearing against that piece. In this par- 
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ticular case the number of rivets was determined from the strength of 
the rivet in bearing against the gusset, and the splice plate has bearing 
against it from shear on one side only. The angle, however, has shear 
on the rivets on each side, and these shears are in the same direction, so 
it is necessary to see that their sum does not exceed the strength of a 
rivet bearing against the angle. The shears are as follows: 


Side next to gusset 
Side next to splice plate 



214 - 128.3 
9 

75.5 

7 


4.76 

5.39 


Sum = 10.15 kips 


The strength of a 3/4-in. rivet in bearing against a 9/16-in. shape or 
plate, when the rivet is in double shear, is 


f X X 30 = 12.66 kips 



The required number of rivets in each part of the splice, having been 
determined, they must be so spaced as to maintain the net area neces- 
sary at different sections. The chosen arrangement is fully dimensioned 
to permit checking its adequacy at any section. In studying the detail 
the readers should investigate spacing to protect net section 

(а) in the angles of L 1 L 2 at the left end of the splice; 

( б ) in the side and bottom splice plates at the ends of the angles of 

both members; 

(c) in the angles of L 2 Z /3 at the right end of the splice and gusset. 

The arrangement of rivets in one angle of L 1 L 2 at the left end of the 
splice is shown in Fig. 148 (a), and in Fig. 148 (h) is shown an arrange- 
ment using the same spacing but reversed stagger in the upstanding 
5 -in. leg of the angle; the angle has been assumed flattened out in the 
figure. In each case the net section has been maintained with reference 
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to holes 1 and 2, but it should be observed that while a section through 
holes 2 and 6 in (a) deducts an area a little less than 0.5 + 0.1 + 0.5 = 
1.1 holes a section through holes 2 and 6 in (b) deducts an area 0.5 + 
0.78 + 0.5 = 1.78 holes. Since the rivet in hole 1 takes out of the 
angle only 

128.3 

= 5.3o kips 

and since an added hole reduces the capacity of the angle 
I X I X 18 = 7.87 kips, 

a section through holes 2 and 6 should not deduct more than 

5 35 

1 + ^ = 1.68 holes 



Fig. 149. 


Therefore the arrangement shown in Fig. 148 (a) was chosen in prefer- 
ence to that in (b) of the same figure. One may raise a qu^tion as to 
whether the data supporting the adopted definition of net section are 
sufficiently conclusive to justify such a hairline decision. The answer 



338 


CONNECTIONS 


[Chap. 5. 


is that they are not, but having adopted a definition or specification for 
design purposes one should generally follow it. 

The detail of the joint under discussion shown in Fig. 149 is very 
similar to that given in Fig. 147 except that the critical section of the 
splice is at the panel point instead of beyond the gusset plate. Unless 
there is some reason for not sphcing at the panel point the author prefers 
the second detail as more compact. It is sometimes desirable to make 
the chord splice entirely independent of the joint, in which case the 
heavier section should be carried far enough to the left of the gusset 
plate to permit sphcing on the side of smaller chord stress. The joint 
detail itself would then be exactly the same as shown in Fig. 145, and 



the chord splice similar to that in Fig. 147 except that the 7/16-in. filler 
needed between the upstanding legs of the angles could be made use of 
as splice material permitting a reduction in the thickness of the side 
splice plates. 

A detail sometimes employed in splicing chords, which the student 
should be warned against using without very careful investigation, is 
shown in Fig. 150. In this design the gusset plate is presumed to act 
as sphce material for the upstanding legs of the chord angles in addition 
to transferring the difference in chord stresses to or from the web 
members. When chord stresses are small such a detail may prove 
satisfactory^ but as generally designed the detail is likely to be inade- 
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quate for larger stresses. It is usual to assume that the bottom splice 
plate transfers from one member to the other the stress carried by the 
outstanding legs of the smaller, and that the stress in the upstanding 
legs must be transferred into the gusset. The detail in Fig. 150 has been 
proportioned on that basis. It should be checked by the reader, who in 
doing so will note that there are 12 rivets in each end of the bottom 
splice plate instead of 10 as shown in Figs. 147 and 149, although the 
stress in the outstanding legs of LiLz must be the same in each case. 
The reason for this difference is that in Fig. 150 the single shear value of 
the rivets transferring stress to the bottom splice plate is limited to 
one-half the bearing value on the 7/16-in. gusset, since all rivets trans- 
ferring stress to or from one chord angle act in single shear on the back 
of the angle, and are assumed to transfer equal portions of the total 
stress in that angle. It will be noted that the number of rivets in the 

20 8 . 38 °'’ =292 



web members must be the same as in other details of the joint but those 
in JJxL% are spread out to cover the larger gusset plate needed for the 
riveting of the bottom chord. 

Figure 151 (c) shows the right-hand portion of the joint cut off by a 
section on the center line of and Fig. 151 (5) shows in section the 

material which must resist the forces acting on that section. Although 
the horizontal sphce plate and the vertical gusset plate are not in actual 
contact they are held together by the angles and may be treated as a 
T-shaped beam subjected to direct stress and bending moment in esti- 
mating their stresses. 

Direct stress = 214 — 30.7 = 183.3 kips 

Moment = (214 — 30.7)4.67 in. = 856 in.-kips 
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The data for J, c, and A are given in the figure 
856 x 1 

_ 183.3 ^ [ 13.83 

® ~ 13.07 ^ 636 

-L. 9 5 4- 23 51 

= + 14.0 kips per sq. in. _ ^ _ ^*g|kips per sq. in. 

It should be emphasized that these stresses are based on gross area and 
gross moment of inertia. Assuming that the stress in the splice plate 
at the critical section is inversely proportional to the net section we have 

4.69 

23.5 X = 32.6 kips per sq. in. 


as the intensity of stress on the net area. Of course this is too high, 
and furthermore the reader should observe that instead of 12 rivets on 
each end of the spKce there should be 


23.5 X 4.69 
4.92 


22.4 or 24 rivets 


The 4.92 in the deno:minator of this calculation is one-half the value of 
a 3/4-in. rivet in bearing on a 7/16-in. gusset plate. 

The author prefers to splice chords with splice material at least equal 
in area to the member spUced and in as close contact with the parts 
spliced as possible. In general the gusset plate should not be called on 
for any duty other than transferring the increment (or decrement) of 
chord stress to or from the web members. 

In this connection it may be pointed out that every gusset plate is 
subjected to shearing and bending forces even when it serves only to 
transfer differences in chord stress. Referring to Fig. 145, for example, 
it is clear that there will be a bending moment, vertical shear, and a 
horizontal pull or push on any vertical section passed either side of the 
center line of Generally these forces are not of great importance 

when a gusset is used only to transfer increments or decrements of chord 
stress, but it is very important to recognize their existence and the result- 
ing stresses should be estimated occasionally to help the designer develop 
a sense of proportion. The shear in a gusset on a plane passed parallel 
to the chord and between the chord and the ends of the web members 
meeting on that gusset may be important in joints at or near the ends of 
a truss and should always be investigated. 

To illustrate the method of estimating the stresses in a gusset and 
also to give some notion of their magnitudes the stresses in the gusset of 
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Fig. 145 will be investigated on a vertical plane 6 in. to the left of the 
center line of U 2 L 2 , Section A~A, and on a horizontal plane 6 in. above 
the working line of the lower chord, Section B-B. Figure 152 (a) shows 
the portion of the gusset to the left of the vertical section with the forces 
acting on it, and 152 (6) the portion below the horizontal section and the 
forces acting on it. The forces shown acting must be resisted by the 
internal stresses acting on the sections. The calculations are given 
below. 



Fig. 152. 


Section A-A 

/ of 19| X iV == 281 inA 

A of 19^ X 2 ^ ~ 8.64 scj. in. 

Shear = 60.6 kips 

Bending moment = (28.6 X 8.38 — 55.0 X 1-75) = 143.4 in.-kips 
Horizontal force = 55.0 ~ 28.6 == 26.4 kips 
60.6 3 

V = — “ X - = 10.5 kips per sq. m. 

8.64 2 

_ 26.4 143.4 X 9.88 _ | + 8.1 kips per sq. in. 

8.64 ^ 281 1 — 1.9 kips per sq, in. 

Section B-B 

I of 31 X = 1086 in."^ 

A of 31 X iV = 1^-66 sq. in. 

Shear = 85.7 kips 
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Moment = 85.7 X 6 = 514.2 in.-kips 
85.7 3 „ ^ . 

V = X - = 9-5 kips per sq. in. 

13.56 2 

514.2 X 15.5 , „ o 1 • 

g = 7,3 kips per sq. in. 

1086 

The student should clearly understand that these calculations 
assume the applicability of the beam formula to a beam which is deeper 
than it is long and in which the loading is quite unlike that in the usual 
beam; no data are known to the author on which to base an opinion as 
to the accuracy of the stresses thus estimated. At present the method 
used seems to be the only practicable one and appears to give satisfactory 
results for design purposes. 

Attention should be called to the calculation estimating the intensity 
of shearing stress on the sections investigated. It will be noted that the 
maximum intensity of stress has been calculated as 3/2 times the 
average intensity. In investigations of gusset plates it is common to 
calculate merely the average intensity and compare that with the 
intensity of shear permitted in the webs of I beams and plate girders. 
The two cases are not comparable. As pointed out in Chapter III, 
on beam and girder design, the assumption of uniform distribution of 
shear across the web of an I beam or plate girder is not much in error: 
a gusset plate is a rectangular beam (if it is correct to call it a beam at 
all), and in a rectangular beam the shear is not and cannot be uniformly 
distributed; the maximum intensity of shear must be times the 
average intensity as a matter of statics, if the beam formula is appli- 
cable. There does not seem to be any reason for limiting the maximum 
intensity of shear in a gusset plate to that permitted in the webs of 
beams and girders. The maximum intensity occurs near the middle of 
the plate, and buckling failure seems improbable in view of the support 
of the gusset by members riveted thereto. The author believes that for 
ordinary structural steel the maximum intensity of stress in shear in 
gusset plates may be taken at 3/4 to 8/10 of the permissible intensity 
in tension. 

In detailing joints, students and young designers who have not 
thought carefuUy about the matter sometimes get the notion that the 
joint in Fig. 153 (a) is eccentric and that it should be made as in Fig. 
153 (5). A little thought should make it clear that the gusset plate in 
the joint at (a) in Fig. 153 is entirely comparable to the rectangular 
plate shown at (c) ; in the latter, the forces shown are presumed to be 
applied to the plate through frictionless pins, and certainly no student 
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with a reasonable understanding of elementary mechanics will claim 
any tendency for the plate to turn. Of course there are bending and 
shearing stresses in the plates in (a) and (c) of Fig. 153, as there are also 



(c) 

Fig. 153 . 


in (h), and at the critical section they are greater in the latter. There 
is no advantage in making the joint at (a) in Fig. 153 as shown at (6). 



Fig. 154. 


The reader may make a mild test of his ability to think clearly in this 
matter by studying the connections in Fig. 154 (a) and (b). Should 
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the connection at (a) be made as shown at (6)? If so, why? If not, 
why not? Are the joints shown in Figs. 153 (a) and 154 (a) compa- 
rable? If so, why? If not, why not? 

Figure 155 shows two possible details of the end joint of a single 
plane truss. In the first, (u), the working lines of the chord and diagonal 
intersect on the center line of the column to w^hich the truss connects. 
This detail relieves the column of moment due to eccentric application 
of the load, but subjects the connection itself to some moment which is 
generally not large enough to be of any consequence; e.g., the moment 
which the rivets on line G-G in Fig. 155 (a) must resist is the horizontal 
component of the chord stress times the distance marked e. While the 
detail shown in (a) of Fig. 155 is generally considered the ideal arrange- 
ment, it is often true that the detail shown in (5) is a more satisfactory 
solution: it is more compact and does not need quite so large a gussel 



plate. The moment produced in the column by the detail at (6) is small, 
and frequently, if not generally, will have no effect on its design; when 
that is true this detail is preferable to that at (a). The designer should 
not adopt a general rule but decide each case in accordance with the 
conditions affecting it. 

Sometimes lug angles are used in single plane truss joints to reduce 
the length of the connections and the size of the gussets. For example, 
the joint in Fig. 156 (a) would sometimes be detailed as at (6). This at 
once raises the question of whether rivets placed in the lug angle are as 
effective in transferring stress as those which are in the main angle, and 
that is a matter on which engineers do not fully agree. Qualitative con- 
sideration of the relative rigidities and deformations of the stress paths 
will lead one to the conclusion that lug angle rivets cannot be very effec- 
tive. The general problem is one which is difficult if not impossible to 
study quantitatively by mathematical methods. There has been some 
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rather abbreviated experimental study of the question which seems to 
support the belief that lug angles are not efficient. When necessary or 
desirable to reduce the length of a connection such as that in Fig. 156 (a) 
it is better to redesign the members using angles with legs wide enough 
to permit two lines of rivets, than to use lug angles. If the designer in- 
sists on the use of lug angles he will do well to place them at the beginning 
of the connection, as in Fig. 156 (c) and (d), although doing so will result 
in troublesome detailing if the main member is designed with only one 
hole deducted from each angle. As a matter of fact, the saving in gusset 
plate size resulting from the use of lug angles will in many cases be more 




than offset by the additional shop cost of the lug angles; e.g., the joint 
in Fig. 155 (b) is shown detailed with lug angles in Fig. 156 (d). The 
author does not recommend the use of lug angles, even when located at 
the beginning of the connection as in Figs. 156 (c) and (d), and is con- 
vinced that their use when placed at the middle or near the end of a con- 
nection is entirely futile. 

♦ ‘^The Effect of End Connections on the Distribution of Stress in Certain Ten- 
sion Members’^ by Cyril Batho, Journal of the Franklin Institute, Vol. 180, page 129. 
See also “Tension Tests of Steel Angles” by F. P. McKibben, Proceedings of the 
American Society for Testing Materials, 1906, Vol. VI, page 267. 
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133. Double Plane Trusses —The design of joints for double plane 
trusses differs very little from that for single plane trusses. The total 
stress in each member is divided (generally equally) between the two 
planes, and the connection of each half, or rib, to its gusset plate is 
similar to a single plane truss connection; the rivets connecting one rib 
to its gusset, however, are generally in single shear rather than in bear- 
ing on the gusset or in double shear. 

To illustrate the design procedure a joint from a moderately heavy 
double plane truss has been chosen, the data for which are given in 
Fig. 157. The joint chosen is from a deck bridge truss, and in order to 
concentrate the attention on fundamentals all lateral and sway-bracing 



members meeting at the panel point have been ignored and not shown. 
The detailed joint and a chord splice are shown in Fig. 158; a discussion 
of the design follows. 

Of course the first step, as in any joint design, is to lay out the center 
lines of the members meeting at the joint and sketch in the outlines of 
the members to scale. The longitudinal rivet lines should then be de- 
cided upon and drawn in. Generally there should be as many longitudi- 
nal rivet lines as the member can accommodate with a transverse spac- 
ing 7iot less than three rivet diameters (preferably not less than in. 
for 3/4-in rivets; 3 in. for 7/8-in. rivets, or 3f in. for 1-in. rivets) giving 
proper attention to the location of the lines nearest the sides of the mem- 
ber with respect to driving clearance. A normal number of longitudinal 
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rivet lines is shown for each member in Fig. 15S. The members and 
rivet lines having been drawn in, the riveting for each member may be 
proportioned. 

The rivets connecting the various members to the gusset plates act 
in single shear between the gussets and the ribs adjacent thereto. The 
rivets are 7/8 in. in diameter and the single shear value is 8120 Ib. per 
rivet, assuming that all rivets will be driven by machine in the shop or 
by pneumatic or electric hammers in the field. 

U1L2 

The rivets required will be: 

525 

— = 64.6, say 33 rivets per rib 


As may be noted from the data given in Fig. 157, this member was de- 
signed deducting two holes from the web of each channel,* and it is 
therefore necessary that not more than two rivets be placed in the first 
transverse line at the edge of the gusset plate. Additional rivets may 
be placed in succeeding transverse rows as rapidly as justified by stress 
transfer by preceding rivets. In U 1 L 2 each additional web hole reduces 
the capacity of the member by 

0.81 X 1 X 18 kips per sq. in. = 14.6 kips 
and there must therefore be 


14.6 

8.12 


1.8 rivets 


preceding the deduction of each additional hole. Consequently the 
detail in Fig. 158 shows 2 rivets in the first transverse row, 3 in the 
second, and 4 thereafter, 

U 2 L 2 

The rivets required for the connection of U 2 L 2 are: 

392 

= 48.2, say 24 per rib. 

O.liU 

This number is shown in each rib of the member in Fig. 158. The 
reader should note that the upper edge of the gusset plate w’as located 
by the rivet group in l 7 iL 2 , and the space resulting from the connection 
of U 2 L 2 was much larger than that necessary to contain the required 

*The data for areas of channels and angles were taken from “Structural and 
Shipbuilding Shapes,” published by the , Phoenix Iron Company. Philadelphia, in 
which areas are given in accordance with listed weights. 
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24 rivets at ordinary spacing; the necessary rivets were therefore spread 

out to cover the existing area. 



LoLi2j 1/2 i/3 

Since the member L2Ls is carried past the joint and spliced to LqL2 
outside of the gusset plates the only Joint riveting required is that neces- 
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sary to transfer the difference in chord stress to or from the gusset plates. 
The number of rivets required is 


1023 ~ 675 
8.12 


42.8, say 22 per rib. 


The size of gusset plate determined by the rivet group for UiLo provides 
more area in contact with the chord than can be satisfactorily covered 
by 22 rivets, and 34 are shown in the connection. The matter of net 
section must be given careful attention to see that no more than the 
permissible number of holes be deducted at the right-hand edge of the 
gusset. 

Gusset Plates . — The design of the joint is now complete except for 
the thickness of the gusset plates. Generally gusset-plate thicknesses 
are chosen in accordance with average values used for similar trusses. 
It is desirable, however, for the designer to form the habit of investi- 
gating gusset plates occasionally to make sure that they are neither 
inadequate nor wasteful. It is desirable that the main gusset plates in 
a truss be the same distance apart at each joint, and to secure this con- 
dition all gusset plates should have the same thickness. It will be 
found sufficient, therefore, to investigate gusset plates at or near the 
ends of the truss where the differences in stress in the various members 
are largest. In hea\y trusses multiple or reinforced gusset plates may 
be necessary or desirable in joints near the ends. 

In Fig. 159 the gusset alone from the joint in Fig. 158 is shown. 
The gussets are assumed 1/2 in. thick. Below are given the calcula- 
tions for stress on sections X-X and Y-Y, assuming that the beam 
formula may be applied. 

Section X-X 

Although this section is passed through the bottom line of holes in 
the vertical it is assumed that the rivets in these holes act above the 
section but not below. Also the very slight taper at the right end of 
section X-X has been ignored in the calculations below. 

Direct stress on section X-X — 0 

Moment on section X-X = 392(11.5 — 0.875) 

= 4167 in.-kips 

I of two 45-in. by J-in. plates = 7594 in.^ 

Area of 45-in. by f-in. plates = 45 sq. in. gross 
4167 X 22.5 

^ ^ 12.4 kips per sq. m. 

7594 

Shear on section X-X = 348 kips 

y = X ■§ = 11.6 kips per sq. in. 
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Section Y-Y 

Although, this section passes through a vertical line of rivets in the 
bottom chord these rivets are assumed to act on the part to the right 
but not on the part to the left. The difference in chord stress is assumed 
divided equally among the rivets connecting the gussets to the chord. 

Direct stress on section 7-F = 348 X == 225 kips 

Moment on section Y~Y ^ X 348 X 14.25 = 1752] . , . 

348 X 1.125 = 392r''-'^P^ 


I of two 47-in. by f-in. plates 

Area of 47- by f-in. plates 

s = — =h — r = + 8.5 kips per sq. m. or + 


1360 in.-kips 
- 8652 in. 4 
= 47 sq. in. 

1.1 kips per sq. in. 


Shear on section Y-Y 


392 kips 


u = -^ 2 . X f = 12.5 kips per sq. in. 



Pig. 159 . 


Again the student should be warned against placing too much reliance 
on these estimated stresses in the gussets. They are necessarily based 
on the assumption that the beam formula holds; the accuracy of the 
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beam formula when applied to short deep beams, where highly loealizecl 
effects occur, is quite uncertain. 

134. Tension Member Splices, — There are two methods of splicing 
riveted tension members: the butt splice, which is most common for 
light and moderately heavy members; and the lap or shingle splice, 
sometimes used for heavy members built up with four or more web 
plates. In the butt splice all parts of the member spliced are cut at 
one section, and at the cut are replaced by at least an equal net area of 
splice material. In the lap or shingle splice the different parts of the 
members are cut at different sections w^hich enables the use of splice 
material having an area considerably less than that of the whole member. 

135. Ordinary Tension Splices. — The splice of L 0 L 2 in the joint 
shown in Fig. 158 illustrates a common butt splice. As shown there 
are two vertical splice plates on each rib of the member, one inside against 
the web plate and one outside against the angles; and two horizontal 
splice plates, one on the outstanding legs of the top angles and the other 
on the outstanding legs of the bottom angles. The vertical splice plates 
are assumed to replace the 20 by 3/4 webs and the upstanding legs of 
the angles, while the horizontal splice plates are presumed to replace 
the outstanding legs of the angles to which they connect. 

In accordance with the above assumption as to distribution of stress 
the splice plates have minimum net areas as follows : 
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The two horizontal splice plates have more than twice the necessary 
area and are used simply because it is convenient to have a single plate 
covering the top (or bottom) of the member, connecting to the angles. 
This excess area has objectionable features as will be noted later. 

The riveting required for the splice material is as follows : 

15 37 675 

— il— X === 34.1 rivets in vertical splice plates for one rib. 

37,48 8.12 

34.1 X == 17.2, say 18 rivets for inside plate. 


34.1 X — — = 16.9, say 17 rivets for outside plate. 

15.88 

— — X X ~ = 3,7, say 4 rivets in each outside angle-leg. 

37.48 8,12 4 


The calculations for riveting of the splice material seem clear but it may 
be well to point out that 675/'8.12 is the number of single shear rivets 
required to transfer the entire stress in L 0 L 2 to the splice material, and 
that these rivets are allocated to the various parts of the splice material 
in proportion to the parts of the area of the main member which they 
splice. Since the two vertical splice plates on one rib are presumed to 
act together in caring for the stress transferred to them from the 
20 by 3/4 web and the vertical legs of the chord angles the 34 + rivets 
required for that stress are divided between them in proportion to their 
own areas. It should be observed that each horizontal angle-leg 
requires: 

1.685 675 ^ 

X = 3.74, say 4 rivets 

37.48 8.12 ’ 


to transfer its stress to the splice plate. The detail in Fig. 158 shows 
four rivets in each angle-leg. Although four rivets in each horizontal 
angle-leg are necessary to be consistent with the assumed distribution 
of stress to the splice material that number in a vertical leg is not essential 
for consistency; the stress in a vertical leg is presumably divided more 
or less equally to the two vertical splice plates. 

The riveting of the fillers necessary in the splice should be given 
some explanation. As stated earlier in the chapter it is usual to require 
that rivets carrying calculated stress and passing through loose fillers be 
increased in number, or that the loose fillers have additional rivets 
placed outside of the part carrying calculated stress. Many design 
specifications give arbitrary rules regarding the amount of extra rivet- 
ing, and such rules result in some cases in what seems to be excessive 
and in others inadequate riveting. The author considers it desirable 
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that there be sufficient riveting in fillers which do not act as splice 
material to provide uniform distribution of the entire stress in the mem- 
ber concerned over the area of the member, plus that of the fillers^ at the 
section where the transfer of stress to the splice material begins. In the 
particular splice in question this means that at the left-hand edge of the 
20 by J and 18 by 9/16 vertical splice plates, the 675 kips in L 0 L 2 should 
be distributed uniformly across the following section: 


Net Area 


4 angles 4 X 4 X f 13.48 

2 webs 20 X f 21.00 

2 fills 12 X f 10.00 

2 fills 18 X 1 15.00 


59 . 48 sq. in. 


Of course more holes may be deducted from the various parts at the 
critical section than are deducted in the body of the member since a 
considerable amount of area is added in the fillers. In this case 6 holes 
were deducted from each main web plate at the critical section (the 
edge of the splice) as compared with 4 in the design of the body of the 
member. Care should be taken to see that the added area is properly 
developed before more holes are deducted from the cross-section. In 
this instance the main web is 3/4 in. thick and an added hole requires 
the addition of 3/4 X 1 = 0.75 sq. in. of area. To develop this area 
would require 

0.75 X 18 ^ ^ ^ ^ 

— = 1.7, say 2 nvets 

in the material being added: 4 rivets were placed in the 12 by 5/8 fill 
at the left of the cut in L 0 L 2 , Fig. 158, before the two additional holes 
were deducted from the cross-section. 

To secure the uniform distribution of stress desired in this case 
requires 

— X = 7.0 rivets in each 12 by f fill 

59.48 8.12 ® 

7.50 675 . .. 5 nil 

X == 10.5 nvets m each 18 by f fill 

59.48 8.12 ^ 

17.5., say 18 in both fills 

It wiU be noted fchafc there are 8 rivets in the 12 by 5/8 fill and 12 in the 
18 by 5/8 giving a total of 20 instead of the 18 required; considerations 
of symmetry in rivet spacing prevent a closer correspondence. 
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The same line of reasoning should be applied in connection with the 
12 by 5/8 fill on the right of the cut. 

Net Area 


4 angles 4 X 4 X f 13.48 

2 webs 20 X f - 21.00 

2 webs 20 X f 17.50 

2 fills 12 X 1 10.00 


61.98 sq. in. net 

The required number of rivets for one fill: 


5.00 675 

61.98 ^ 8.12 


= 6.7, say 7 


Eight rivets are shown in place. 

Although the splice in LoI/ 2 , Fig. 158, is what one would often find 
in such a truss, the author, as previously indicated, does not like the ex- 
cess area in the horizontal splice plates. At the splice the member is a 
rigid, symmetrical, four-sided box, and relative deflection vertically or 
horizontally is impossible. The result is that at the cut the total stress 
in Loi 2 must be divided among the pieces of splice material in proportion 
to their stiffnesses, which, since only direct pull is involved, must be in 
proportion to their areas, assuming adequate riveting. Each horizontal 
splice plate then would receive 

8 07 

X 675 = 114 kips 

and would require 

114 ^ ... 

— = 14 rivets 


or 7 in each horizontal angle-leg, instead of the 4 shown. It is inevitable 
with the large excess in area in the horizontal splice plates that the 4 
rivets in each horizontal angle-leg will be overstressed and suffer severe 
deformation. It may be, and usually is, argued that the total number 
of rivets pro-vided in the splice material is adequate for the total stress 
involved, and if the rivets in the horizontal legs don^t like the overstress 
they can “ get out of the way,” i.e., deform. The facts probably are that 
the rivets don't like the overstress and do “ get out of the way,” and as 
they are of very ductile material it may be that no great harm results. 
Nevertheless, the author would prefer to use four, 4 in. by 9/16 in. flats, 
having a net area of 4 X 3 X 9/16 = 6.75 sq. in. for splicing the hori- 
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zontal legs of the angles, in spite of the greater number of pieces of splice 
material to deal with. If this were done tie plates should be placed as 
close to the cut as possible on both sides of the cut and on both top and 
bottom. 

The importance of continually endeavoring to visualize the deforma- 
tions which must take place in a joint or connection is so great that the 
author would like to re-emphasize it here, even at the risk of being bore- 
some. If the designer will carefully trace the transfer of the stress in 
each piece of a member from that piece to the splice material, connection 
plate, column, or base plate, as the case may be, and try to picture in his 
mind the inevitable deformations and their effects, he will avoid many 
of the common errors in detailing. Very few accidents or failures have 
resulted from faulty proportioning of main members, but the technical 
press will be found to contain the records of many accidents and failures 
caused by poorly proportioned details. It may be added that such 
records are probably far from complete. 

136. Tension Splices for Heavy Members. — The term heavy 
member may be interpreted to cover a quite wide range, but in the 
present article the term will be applied to built-up members containing 
at least two full-depth web plates in each rib. 

Figures 160 to 164 inclusive illustrate diagrammatically several 
methods of splicing multiple web members. Although six splices are 
shown, in fact only three actually different methods are illustrated: 
those in Figs. 161, 162, and 163 are closely related. In all the cases pre- 
sented only the full-depth plates for one rib are shown, the angles being 
removed to simplify both the diagrams and the discussion. In each case 
the riveting has been calculated on the basis of 18 kips per sq. in. on the 
net section of the main plate, four holes being deducted, i.e., each main 
plate is assumed to be subjected to a total stress of 

(20 - 4)1 X 18 = 216 kips 

The rivets are 7/8 in. in diameter, and the single shear value is taken as 
8.12 kips. 

Figure 160 illustrates the ordinary butt splice applied to a multiple 
web member. The upper portion of the figure shows the sphce in plan 
and elevation, and the lower portion illustrates diagrammatically the 
assumed distribution of stress among the various parts. Studjdng the 
lower portion of the figure, and considering the part between sections 1 
and 2, it will be noted that there is a shear of 216 kips on the plane be- 
tween plates SPi and Pi and an equal shear on the plane between P 2 
and SP 2 ] these shears determine the riveting between sections 1 and 2, 
and from symmetry the riveting between sections 2 and 3 must be the 
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same. For larger members it may be necessary to use two or more 
splice plates on each side of each rib to secure the necessary area. The 
advantages of the butt splice for multiple web members are that it is 
shorter and more compact and that there is less uncertainty regarding 
the distribution of stress. Its disadvantages are that it requires splice 
plates of considerable thickness which may result in rivets having ex- 
cessive grip, and also in difficulties with rivets in the outstanding legs 
of the chord angles. 

Figures 161, 162, and 163 illustrate the more common forms of the 
lap or shingle splice; the splices in Figs. 161 and 162 differ from those in 



Fig. 160. 

Fig- 163 only in the fundamental assumption regarding the distribution 
of stress. 

The distinguishing characteristic of the form of lap splice shown in 
Figs. 161 and 162 is that the stress in the cut plate is assumed to be 
divided between the splice plates in inverse ratio to their distances from 
the former. The assumed distribution is illustrated in Fig. 161 (c), 
the stress in Pi being assumed to be divided between splice plates SPi 
and SP 2 as shown. With this assumption as a basis in mind the dia- 
grammatic representation of the stress in the various parts of the main 
member and splice material shown in Fig, 161 (b) should be clear. 
Study of the diagram will show that: The greatest shear between 
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sections 1 and 2 occurs on the plane between Pi and SPi ; it is 147.3 kips 
and requires not less than 147.3/8.12 = 18.1 + rivets between those 
sections. The greatest shear bettveen sections 2 and 3 occurs on the 
plane between Pi and Po] it is 137.4 kips and requires not less than 
137.4/8.12 = 16.9 + rivets between those sections. The greatest shear 



/ 2 3 4 



(o) 


Fig. 161 . 

between sections 3 and 4 occurs between plates P 2 and SP 2 ] it is 147.3 
kips and requires the same riveting as that between sections 1 and 2. 
The areas of the splice plates are of course determined from the greatest 
stress occurring in them: in this case the area of SPi is determined from 
the stress at section 2, and that of SP 2 from the stress at section 3. 
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The reader probably has already noticed that the thickness of the 
splice plates must be assumed before the stresses in them can be calcu- 
lated. It is easy to make approximate preliminary calculations which 
will lead to assumed thicknesses which are nearly always correct or 
within 1/16 in. When the main member is composed of pieces of differ- 
ent areas, the splice plates may be found to require different areas. No 
matter how complicated a splice may be it can be analyzed in this 
manner, by studying the shear on the various planes between successive 
sections. Attention should be called to the fact that the riveting 
between some sections may sometimes be determined by the strength 
of rivets in bearing if the main section contains relatively thin plates. 

It is desirable that the splice plates be as thin as is practicable, and 
naturally the fewer rivet holes there are at the critical section the thinner 
the plates may be. However, it is a mistake to try to deduct too few 
holes at the ruling section, and of course it is very important to make 
certain that at every section through the sphce there is at least as much 
net area as in the body of the member spliced. In Fig. 161 the splice 
plates have been kept down to 9/16 in. in thickness by deducting only 
4 holes from the critical section on the rivet row marked D in Fig. 161 (a). 
The student should particularly note that rivet rows B and C in the 
same figure have 6 rivets, or 6 holes deducted from the section, while 
rivet row A is the same as Z>; it is important to see clearly what this 
means with respect to assumed distribution of stress in the plate P 2 , 
which has not been cut at section 2. As shown in the diagram of 
Fig. 161 (6), plate P 2 is assumed to be resisting a pull of 216 kips at 
section 1 and also at section 2. At rivet row A only 4 holes are deducted 
from plate P 2 , and at an average intensity of stress of 18 kips per sq. in. 
it can resist 216 kips. At rivet row B, however, 6 holes are deducted 
from P 2 and at an average intensity of stress of 18 kips per sq. in. it can 
resist only 189 kips. At rivet row C we find the same conditions as at B, 
while at row D we are back to the situation at row A. With the splice 
detailed as in Fig. 161 (a) we are then clearly assuming that a stress of 
27 kips is transferred from plate P 2 to sphce plate SP 2 between rivet 
rows A and P, and the same stress transferred back to plate P 2 from 
sphce plate SP 2 between rivet rows C and D. Some designers object 
to the assumption of stress zigzagging back and forth in this manner 
and prefer to detail such a splice as shown in Fig. 162. Here the splice 
plates are made thick enough to permit the deduction of 6 holes on the 
critical section at rivet row D, and it will be observed that stress is not 
assumed to zigzag back and forth between main plate and splice plate, 
but there is presumably a more or less continuous transfer of stress from 
the main plates to the splice plates from the beginning of the sphce 
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plates to the ends of the main plates. Attention should be called to the 
diagrammatic representation of stress distribution in Fig. 162 (5), 
where it will be noted that the 27 kips presumably transferred from 
plate P 2 to the splice material between sections 1 and 2 (because of two 
additional holes in the rivet rows) is assumed to be divided between the 
splice plates in inverse ratio to their distances from P 2 . 

The author is not prepared to say which of the details is the better; 
he prefers that in Fig. 162, but both types have been used with entirely 
satisfactory results so far as is known. 

, y'rSp(,PL20"xi'' 

Main Pis. 


A B C D 




Some engineers do not accept the assumption as to distribution of 
stress on which the splices shown in Figs. 161 and 162 are based, and 
maintain that the stress in a cut plate is divided at the cut in such a way 
that the total stress in the member is distributed uniformly across all 
uncut material at that section. There is considerable merit in the 
latter assumption, and in many ways it forms the most satisfactory 
basis for proportioning lap splices. The rib which has been under 
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discussion is shown in Fig. 163 spliced in accordance with this assump- 
tion: at (a) are show the details of the splice, and at (h) a diagram- 
matic representation of the distribution of stress among the various 
parts at the different sections. In Fig. 163 (c) is shown a splice based 



C^) 



(c) 


Fig. 163. 

on the same assumption but deducting only 4 holes at the critical section 
of the splice plate. The reader should check the splice shown in (a) 
and (5) as well as that shown in (c), and with respect to the latter should 
make a diagram showing the stress distribution, and note that since 
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stress in the splice plate is constant between sections 2 and 3 (a result 
of the basic assumption of this method) not more than 4 holes may be 
deducted on any rivet row betw^een these sections. 

In Fig. 164 is shown a lap splice made with a single splice plate for 
each rib. This type has been used in some structures, but most engineers 
prefer one of the other types. Study of the diagram of stress distribu- 
tion shown in (b) of Fig. 164 will disclose the basis of the riveting shown, 
which should be checked. It should be noted that if the splice plate is 
made the same thickness as the main plates not more than 4 holes may 
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be deducted on any vertical row of rivets, and 7 vertical rows of 4 rivets 
each will be required between each pair of sections 1-2, 2-3, and 3-4. 

All the methods of making lap splices which have been discussed 
have been successfully used and have their advocates. The distribu- 
tion of stress among the various parts of the member and splice material, 
and among the rivets in such splices is extremely complex and uncertain. 
Test data on the actual strength of such splices are entirely lacking. 
The author believes that the assumption on which the sphce of Fig. 163 
is based is most nearly in accordance with the facts, but in the absence 
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of test data on splices of this kind is inclined to favor the splice of 
Fig. 162 as being somewhat more conservative. Although the splices 
presented in the previous discussion have been based (for the sake of 
simplicity) on the actual stress in the member the author advocates the 
practice of making the calculated strength of lap splices somewhat 
greater than the stress to be resisted — the excess strength provided 
generally ranges from none at all to as much as 10 per cent. 

As an illustration of the lap splice of a definite truss member, 
Fig. 165 is presented: this spHce follows the method of that used in 
Fig. 162 and is designed to have a capacity 5 per cent greater than that 
of the member. The assumed distribution of stress among the various 



Fig. 165. 


pieces of material is illustrated diagrammaticaUy in Fig. 166, except 
that the stress assumed to be in the outstanding legs of the angles has 
not been shown. It should also be noted that the 12 in. by 5/8 in. 
plates between the flange angles, and the vertical legs of the flange 
angles, have been taken together. One 12 by 5/8 plate with 2 holes 
deducted and the vertical legs of two 4 by 1 by 5/8 angles with 2 holes 
deducted from each angle (1 from each leg) give a combined net area of 
9.61 sq. in. as noted in Fig. 166. Attention is called to the fact that 
the net area of the 12 by 3/8 horizontal splice plates placed on the out- 
standing legs of the flange angles, and assumed to splice these outstand- 
ing legs, is very little greater than the net area of the outstanding legs 
themselves : the criticism in Art. 135 of splicing outstanding angle-legs 
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with single plates having a large excess area is therefore not applicable 
in this case. 

The principle of the lap splice may also be applied in the joints of 
very heavy trusses. In such cases two or more gusset plates in each 



rib at each j'oint may be used and multiple webs (having the same 
thicknesses as the gusset plates) in the diagonals and verticals shingled 
or lap spliced to them. 

For examples of very heavy lap splices and multiple gusset plate 
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joints the student should refer to Chapter XXII, Vol. I, of Bridge 
Engineering ” * by Dr. J. A. L. Waddell. 

137. Compression Member Splices. — Splices of compression mem- 
bers differ from those in tension members in two ways: 

1. In American practice the rivets are assumed to fill the holes, and 
the entire, or gross, area of the member is assumed to resist stress. 
Because of this the spacing of rivets is controlled only by hmiting dis- 
tances center to center of rivets or by the area to be covered by the 
rivets. 

2. In butt splices the adjacent ends are accurately faced to bear 
against each other, and generally some portion of the stress is assumed 
to be transmitted by direct bearing through the faced surfaces in con- 
tact. The amount of stress which is assumed to be transmitted by 
direct contact varies from about 25 to 75 per cent. 

The method of design of compression sphces needs little comment. 
The procedure is to decide what portion of the stress is to be transmitted 
by direct contact and to provide a suj0ficient area of splice material to 
transmit the balance. In general the area of sphce material should be 
determined on the basis of the intensity of stress for which the member 
w^as designed, i.e., if 40 per cent of the stress is to be resisted by direct 
bearing and 60 per cent by splice material, the area of the latter should 
be 60 per cent of the area of the member. When a sphce is so located 
that deflection of the member at that point is impossible, so that column 
action is not a factor, the area of the sphce material may be determined 
using an intensity of stress equal to that permitted for short columns. 

The proportioning of the riveting for the fillers and sphce material 
should be based on the same reasoning as for tension members. 

Lap sphces are not commonly used for compression members, but 
when their use is expedient the design should be on the same basis as for 
tension members except that net section is not a factor. Of course, lap 
sphces must be complete; that is, facing the ends of material in lap 
sphces is impracticable and the entire stress must be transmitted by the 
sphce material and its riveting. It is usual to provide the same excess 
in calculated strength in a compression lap sphce as is provided in the 
corresponding tension sphce, although sudden failure of a compression 
lap sphce is hard to picture. 

As an iUustration of a compression sphce the detail shown in Fig. 167 
is presented. The sphce has been made away from the joint but as 
close thereto as possible. The splice is shown on the side of smaller 
stress, as is desirable unless cantilever erection makes sphcing ahead of 


* John Wiley & Sons, New York. 
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the panel point necessary. The make-up of the members meeting at 
the joint and their design stresses are noted on the sketch. 



Splice material and riveting have been provided for 60 per cent of 
the stress in U2 Us, the faced contact surfaces being presumed to trans- 
mit the balance. Of course it is impossible to predict the actual dis- 
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tribution of stress between the splice material and the contact surfaces, 
although with perfect surfacing and exact matching of holes the total 
stress would presumably be distributed more or less uniformly across 
the total material (splice material plus main material) at the cut. 
The vertical splice plates are assumed to resist 60 per cent of the stress 
carried by the webs and vertical legs of the angles, and their area and 
riveting have been proportioned on that basis. Similarly the top 
splice plate is assumed to resist 60 per cent of the stress carried by the 
cover plate and the outstanding legs of the top angles, and the bottom 
splice plate is assumed to resist 60 per cent of the stress carried by the 
bottom plates and the outstanding legs of the bottom angles. It will 
be noted that the bottom splice plate has nearly twice the area neces- 
sary for the work it is supposed to do, but that its riveting is just 
adequate for that work. The thickness of the bottom plate has been 
fixed by application of the requirement for compression member cover 
plates, and the minimum thickness thus determined forces the use of 
the plate shown in spite of the excess area. It will at once occur to the 
reader that this excess area is open to the objection raised in Art. 135 
in connection with the horizontal splice plates for splicing the chord in 
Fig. 158. The criticism although partly justified is much less valid in 
the case of a compression splice with faced contact ends, since a very 
small yielding of the rivets will throw more load on the contact ends of 
the main chords. 



CHAPTER Y1 


DESIGN OF STRUCTURAL STEEL FOR BUILDINGS 

138. The preceding chapters have discussed the fundamental prin- 
ciples of design of the primary structural forms and their connections. 
It is the purpose of this chapter to illustrate the application of these 
principles in the design of simple building frames. 

It is impossible within the space of a text of this kind to present an 
exhaustive discussion of the details of framing for such structures. 
Matters such as the character of roof surfaces and roof insulation: 
composition and support of walls; framing for the support of doors and 
windows; construction of floors; arrangement of partitions; provision 
for elevators, stairways, pipe shafts; and so on, are of great importance 
in devising the plan of beams or girders, columns, and tension members 
which are to support the proposed construction, and the professional 
designing engineer must acquire a fund of information about these 
features. Such considerations do not, however, affect the fundamental 
principles on which the efforts of the beginning student of design should 
be concentrated. Consequently attention will be centered, in the 
illustrative problems, on the design of steel framing for a specific set of 
conditions, and httle space devoted to discussing the endless wd^ys in 
which variations in these conditions may affect the details of arrange- 
ment. 

139. Loads. — Since the first step in design is to estimate the loads 
which the proposed building is, or may be, required to support, a brief 
discussion of such loads is in order. This matter has been touched on in 
a previous volume,* and the material presented here may be considered 
an amplification of the former discussion. 

It seems logical to present the matter in the preferable order of 
design, and the loads will therefore be considered in order as roof loads, 
floor loads, wall loads, and special loads. 

140. Roof Loads. — The load on a roof may be classified, as usual, 
into live load and dead load. Generally, only two kinds of live load 
are to be considered in the design of a roof — snow and wind. Occasion- 
ally there may be live loads of other character such as goods tempo- 

* Introduction to “Theory of Simple Structures,” Shedd and Vawter, John 
Wiley & Sons, New York. 
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rarily placed on the roof of a pier shed, or mechanical equipment on a 
power-house roof, and sometimes it may be necessary to provide for 
the storage, on one part of a roof, of material to be used in the recon- 
struction or repair of another part; these are special cases, however, 
and need not be discussed here. 

Snow . — The amount of snow load to be expected depends on the 
geographical location of the structure, the velocity of the wind, and the 
slope of the roof. Suggested snow loads which have been widely used 
are given in the aceompanpng table.* 

Snow Loads for Roof Truss Design in Pounds per Square Foot of 

Roof-Surface 


Slope of Roof 


Locality 

Flat 

20° 

25° 

30° 

45° 

Northwestern and New England 
States 

40 

35 

25-30 

15-20 

10-15 

Western and Central States 

35 

25-30 

20-25 

10-15 

6-10 

Southern and Pacific States 

10 

5-10 

5-10 

5-10 

0-5 


The basis for these loads, although not given, is presumably the 
known weight of snow and estimated or recorded depths of fall. Some 
support is given to these values by jMr. Sidney Wilmot who reported f 
that students acting under his direction w^eighed the snow from a 
measured area and found it to be 35 lb. per sq. ft,, the area being on a 
level portion of ground and 40 ft, from the nearest building. 

Of course, maximum snow’ load and maximum wind load need not be 
considered together, but severe winds may accompany a sleet storm or 
follow a fall of wet snow, and much of the snow may freeze in position 
on the roof. It has become fairly common to include full wind load 
with half snow load, and vice versa. For ordinary roofs (spans of 
about 100 ft. or less) it is sufficiently accurate to use a so-called equiv- 
alent vertical load ’’ of such magnitude that it may be assumed to 
provide for either snow or wind or both snow and wind. Representa- 
tive values of equivalent vertical loads to be used for this purpose are 
given in the accompanying table. $ 

Reprinted by permission from Kidder-Parker's ^'Architects' and Builders’ 
Handbook,” published John Wiley & Sons. 

Engineering News-Record, June 24, 1920, page 1269. 

} Reproduced by permission from Kidder-Parker’s "Arcbiteeta’ and Builders’ 
Handbook,” published by John Wiley & Sons. 
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Equivalent Uniform Vertical Loads to Replace Combined Snow and Wind 
Loads for Calculating Maximum Stresses in Roof-Trusses. Values in 
Pounds per Square Foot of Roof Surface.’^ 


Locality 

Slope of Roof 

Flat 

20 

30° 

45° 

60° 

Northwestern and New England 






States 

40 

35 

24 

26 

28 

Western and Central States 

35 

30 

24 

26 

28 

Southern and Pacific States 

30 

20 

24 

26 

28 


* Values corrected for an allowable increase in working unit stress for wind stresses of 331 
per cent. 


Wmd . — The pressure on structures exerted by wind has been the 
subject of much discussion and some experimentation, extending over 
more than one hundred years, but there is still considerable difference 
of opinion among engineers concerning the proper pressure to be used 
in design. The most comprehensive summary of the subject known to 
the author is that presented by Mr. Robins Fleming in his book, 
Wind Stresses in Buildings.” f The late Professor George Fillmore 
Swain also presented an excellent discussion of wind pressures in his 
Stresses, Graphical Statics, and jMasonry,” % and every student of 
the subject should examine carefully the treatment in these books. 

The pressure of the wind is given by 

KV^ (140) 

in which p = the pressure, in pounds per square foot; 

V = the velocity of the wind, in miles per hour; 
iU = a factor which depends on the shape and proportions of 
the object against which the wind is blowing. 

The values of K frequently quoted range from 0.0025 to 0.0040, with 
about 0.003 as perhaps the most common. 

The pressure given by (140) is for surfaces normal to the direction 
of the wind, which is assumed parallel to the surface of the earth. 
When the surface on which the wind acts is not normal to the direction 
of the wind the air currents are deflected and the pressure exerted 
normal to the surface is diminished. In 1829 a French army oflBicer, 

t John Wiley & Sons, New York. 
t McGraw-Hill Book Company, New York. 
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Colonel Duchemin, made experiments to determine the magnitude of 
such pressures and developed the relation : 


Vn = P- 


2 sin ^ 

1 + sin^ B 


(141) 


which bears his name, and is still accepted as the most accurate avail 
able.* In this expression 

p = the pressure on a surface normal to the direction of the wind ; 
Pn — the pressure normal to the inclined surface; 

6 = the angle between the inclined surface and the horizontal. 



Fig. 168. 


Figure 168 indicates the notation, and gives a curve showing the relation 
between pn and p for angles from 0 to 90°. It will be noted that tor 
angles exceeding 45° the pressure on the inclined surface is substantially 
equal to that on a surface normal to the direction of the wind. 

When air is at rest there is acting on a structure, inside and out^ 
a uniform pressure due to the normal atmospheric pressure of about 

* S. P. Langley is said to have made experiments on this subject in 1888 and to 
have obtained results which checked with those of Duchemin with remarkaole 
accuracy. Duchemin ’s work was unknown to Langiey at the time. 
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14.7 lb. per sq. in. Hugh L. Dryden and George C. Hill in '' Wind 
Pressures on Structures state that; 

The effect of the motion of the air is a modification of this norma! pressure, at 
some points an increase in pressure, at others a decrease in pressure. The magni- 
tude of these changes is only a small percentage of the normal atmospheric pressure, 
and the words “ suction or 'Vacuum as commonly used in this connection do not 
imply any large change in density or pressure. The condition indicated by these 
words is merely a decrease of the normal pressure by amounts which are usually less 
than 2 per cent of the normal pressure, f 

The suction or “ vacuum ” referred to in this quotation is that 
occurring toward the leeward side of a structure standing in the path 
of a wind. Deflection of the air currents by a structure in their path 
causes eddying, particularly so in the case of the ordinary structure 
because of abrupt and irregular outlines, and piling up ” of the air 
at some points and conse- 
quent increase in pressure, 
with thinning of the air 
and decrease in pressure 
at other points. In an ar- 
ticle in Engineering News- 
Record for July 24, 1930, 

Mr. Wilbur J. Watson 
stated that as a result of 
experiments made at the 
Auteuil Laboratory, 

France, by G. Eiffel, it was concluded that there are no positive pres- 
sures except on the vertical walls struck by the wind and on the first 
third of the roof ; elsewhere negative pressures prevail, attaining their 
maximum near the ridge and sometimes before reaching it. ’ ’ In the same 
article, and in an article on the same subject in Civil Engineering for No- 
vember, 1930, _Mr. Watson gave a diagram showing the pressures plotted 
as the result of experiments on a model of the Goodyear-Zeppelin hangar 
at Akron, Ohio; the diagram is reproduced here as Fig. 169, and clearly 
shows negative pressure existing over the larger portion of the cross- 
section. The existence of negative pressures on the leeward side of 
structures subjected to wind storms has long been known, but has not 
received much recognition in American design practice, except indirectly 
through requirements for positive anchoring of trusses, purlins, and 

* Scientific Papers of the Bureau of Standards No. 523, Superintendent of Docu- 
ments, Government Printing Office, Washington, D. C. 

t The student should note that a decrease of the normal pressure of 2 per cent 
means a change of: 0.02 X 14.7 X 144 = 42.3 lb. per sq. ft. 
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roof coverings 7 and the making of certain light-tension members in 
trusses of stiff ” section as a guard against collapse in case of reversal 
of the tension by negative pressure on the leeward side. Interesting 
data from experiments on models, showing suction or negative pressure 
on the leeward side, are recorded in a paper by Thomas E. Stanton, 
'' On the Resistance of Plane Surfaces in a Uniform Current of Air,’’ 
Proceedings of the Institution of Civil Engineers of Great Britain, 
Vol. 156, 1903. 

The pressures actually used in design range from 15 to 30 lb. per sq.ft, 
of area exposed to the wind, the area taken being that projected on a 
vertical plane. The pressures on inclined surfaces are modified in 
accordance with Duchemin's formula. For structures to be erected in 
tropical countries or at coast sites in Florida or on the Gulf of Mexico, 
a pressure of 40 lb. per sq. ft. has been specified in some cases. 

Dry den and Hill in the monograph previously quoted give the follow- 
ing table of velocity pressures based on their experiments and recommend 
that for design the velocity pressure be multiphed by a factor dependent 
on the form of the structure; these recommendations are appended to 
the table. 

Velocity Pressure i\ True and Indicated Wind Speed 


1 

^ Speed Indicated by 

1 U. S. Weather Bureau 
4-Cup Robinson 
Anemometer 

True Wind 
Speed 

Velocity 

Pressure 

Miles per hour 

Miles per 

Pounds per 


hour 

square foot 

10 

9.5 

0.23 

20 

17.8 

0 81 

30 

25.7 

1.69 

40 

33.3 

2.84 

50 

40.7 

4.23 

60 

48.0 

5.89 

70 

55.2 

7.80 

80 

62.2 

9.90 

90 

69.2 

12.25 

100 

76.1 

14.8 

110 

82.9 

17.6 

120 

89.7 

20.6 

130 

96.4 

23.8 

140 

103.1 

27.2 

150 

109.7 

30.8 


Log true speed = 0.9012 (log indicated speed) + 0 079. 

Velocity pressure in pounds per square foot = 0.001189 (V X 22/15)2 where V is the true speed 
in miles per hour. 
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Model Investigated 

Coeffi- 

cient 

Application 

Rectangular flat plate of infinite length, 
normal to the wind 

2 0 

Radio towers, bridge girders 

Rectangular prism, 1 : 1 : 5, 1 ^ 5 face normal 
to the wind 

1.6 

1 

Tall buildings 

Cylinder, 1 by 5, axis normal to the wind . 

8 

Chimne3’s, standpipes 

Short cylinder, 1 by 1, axis normal to the wind 

.7 

Water tanks 

Square flat plate, normal to the wind ^ 

i 

1 1 

1 Square signboard 


Roofing . — The weight of roofing depends on the material employed 
and also on the distance between purhns. Approximate weights of 
common roofing materials are given in the accompanying table. 


Approximate Weights of Roofing Material 


Roofing Material 


Weight per 
Square Foot, 
Pounds 


Copper roofing, sheets 

Corrugated galvanized iron, No. 20 B.W.G. . 
Corrugated galvanized iron No. 26 B.W.G. . . 

Felt, 2 layers 

Felt and asphalt or coal-tar 

Glass, I in. thick 

Lath and plaster ceiling 

Lead, j in. thick 

Mackite, 1 in. thick with plaster 

Sheathing, hemlock, 1 in. thick 

Sheathing, white pine, spruce, 1 in. thick . . 

Sheathing, yellow pine, 1 in. thick 

Shingles, 6 by 18 in., 6 in. to weather 

Skylight, glass 3^ to | in., including frame. 

Slag roof, 4-ply, with cement and sand 

Slate, f in. thick, 3 in. double lap 

Slate, 3^ in. thick, 3 in. double lap 

Tar and Gravel Roofing, without sheathing 

Terneplate, 1C 

Terneplate, IX 

Tiles, flat - 

Tiles, corrugated 

Tiles, on concrete slabs 

Tin, without sheathing 

Zinc, No. 20 B.W.G 


1-2 

2 |- 

li 


2 

1 S. 

■^4 

6 to 8 

10 

2 

2| to2| 
2 

4 to 10 

4 

4-i 

6f 

8 to 10 

5 
8 

1 

2 


15 to 20 
8 to 10 
30 to 35 
1 to Ij 
1| 


'Courtesy of the Phoenix Bridge Company. 
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It is impossible to give complete information here; manufacturers' 
catalogs, Kidder's “ Architects' and Builders' Handbook," Sweet’s 
Architectural and Engineering Catalogues," and similar sources 
should be consulted for more specific data. 

Roof Framing . — The framework supporting a roof consists of the 
purlins (or purlins and rafters) and trusses, and the necessary bracing. 

Purlin weights range from about l.o to 5 lb. per sq. ft. of roof surface, 
depending of course upon the span and spacing of the purlins and on the 
kind of roofing employed. A preliminary estimate of purlin weight 
may easily be made in the manner to be described later for estimates 
of the weight of floor framing. 

The weight of trusses and bracing ranges between 2 to 10 or 12 lb. 
per sq. ft. of horizontal projection for ordinary buildings with spans 
from about 40 ft. to 100 ft. The weight of trusses depends on the 
pitch, the spacing of the trusses, the span, the type of roof surface to be 
used, the specifications for design, and to a less extent on the designer. 

Numerous formulas for roof truss weights have been devised, but so 
many variables are involved that great accuracy should not be expected. 
Such formulas may be found in handbooks dealing with building design 
and in many texts on the subject. 

An expression which the author developed for his own use for the 
weight of the trusses and bracing for ordinary flat roofs is : 


TF, = 


Cwl 


s 


(142) 


Wt = "weight of trusses and bracing, in pounds per square foot of 
horizontal projection; 

C = a coefiicient given by Fig. 170; 

w = the load, in pounds per square foot of horizontal projection, 
which the truss supports including the weight of the 
trusses and bracing; 

I = the span center to center of supports, in feet; 
s = the permissible intensity of stress in tension, in pounds per 
square inch. 

The weight of trusses and bracing given by this expression will err on 
the side of safety, especially for short spans, if single-angle members are 
permitted, but the results will be entirely satisfactory for design pur- 
poses. Ordinarily this relation may be taken as 


with suflGicient accuracy for design purposes. 


( 143 ) 
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The student should note that the weight of the trasses and bracing 
in most cases will be roughly 10 per cent of the weight to be supported; 
consequently a considerable error in estimating their weight will have 
little effect on the design. Xevertheless, trusses which are unusual 
in span, loads to be supported, or depth to be used, should receive special 
consideration. 

The weight of trusses and bracing for pitched roofs may be taken, 
for the purpose of design, at about 90 per cent of the iveights given 
by (142). 

The w^eight of the bracing in a roof will generally range from 10 to 
15 per cent of the weight of the trusses. If the weight of the trusses 
only is wanted it may be found by taking from 87 to 91 per cent of the 
amount given by (142). 

141. Floor Loads. Live Load . — The live load to be expected on a 
floor depends mostly on the type of building in which the floor occurs. 

40 
35 
30 
^ 25 

M 20 

^ 15 
8 10 


0 10 20 30 4 0 50 60 70 80 90 100 nO 

Values of for Use in Formula for Weight of 
Trusses and Bracing for Fiat Roofs 

Fig. 170. 

The load which must be used in actual design, however, may depend 
more on the building code governing the locality in which the building 
is to be constructed. Building codes for different cities vary widely in 
their requirements, even with respect to buildings constructed for 
identical purposes: in some cases these variations exceed 200 per cent, 
and variations of 100 per cent are common. 

In an effort to secure more reasonable and more uniform require- 
ments in building codes former President Hoover, while serving as 
Secretary of Commerce, appointed a Building Code Committee which 
made an elaborate study of actual loads in buildings. As a result of 
this study the committee made a report in November, 1924, entitled 
“ Minimum Live Loads Allowable for Use in Design of Buildings.” 
The report may be obtained from the Superintendent of Documents 
Government Printing Office, Washington, D.C., and should be in 
the library of, and carefully studied by, everyone concerned with the 
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design of buildings. The recommendations of the committee, and a 
general discussion of the subject of live loads on building floors are 
given in “Theory of Simple Structures.’’* The recommendations 
of the committee are also to be found in “ Steel Construction ” issued 
by the American Institute of Steel Construction. 

The student is referred to the sources just noted for further data, 
but it may be well to remark here that it is sometimes necessary to 
give consideration to loads which may occur during construction, 
particularly in buildings designed for small live and dead loads. 

Dead Load— The dead loads encountered in floor design are depend- 
ent on so many factors that generalization is not informative. Type of 
construction and nature of occupancy are the major variables, but their 
variations cover a wide range. It is impracticable here to discuss the 

types of construction 
used in building-floors, 
and the student is re- 
ferred to standard 
books dealing with 
building construction. 

Floor Framing , — 
The weight of steel 
floor framing will 
range from as little as 
4 or 5 lb. per sq. ft. of 
floor surface in ordi- 
nary office buildings 
or apartment hotels to 
as much as 15 to 20 lb. 
per sq. ft. for heavy 
storage warehouses. These weights are for floor joists or beams only 
and do not include girders, w^hich will add from 3 or 4 lb. per sq. ft. to 
20 or 25 lb. per sq. ft., depending on loads to be supported and on the 
spacing of columns. 

The most satisfactory procedure in every case is to make an estimate 
of the weight of the framing based on the conditions which are peculiar 
to the project. 

It may be well to point out that if a design is carried out in logical 
order it is not necessary to assume any weight except that of the member 
under consideration. Tor example, suppose that a design is to be 
made for a floor system consisting of a reinforced-concrete slab sup- 
ported on steel beams which are in turn supported by girders which 
* John Wiley & Sons, New York. 
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deliver the load finally to the columns. If the slab is designed first 
it is only necessary to assume its own weight before making its design 
calculations. After the slab has been designed its actual weight is 
easily determined so that in designing the beams it is only necessary 
to make an assumption regarding their own weight. Similarly if the 
girders are next designed the w^eights of the parts which they support 
— the slab and the beams — are knowm and it is only necessar}’' that 
an estimate of their own weight be made, and so on. Whenever prac- 
ticable this procedure in design should be followed. 

As an illustration of the method of attack the floor panel shown 
in Fig. 171 wiU be considered. It is assumed that the slab has been 
designed and found to be 4 in. thick, and that there will be a sandcushion 
on the slab, 1/2 in, thick, on which are placed 3-in. creosoted wood 
blocks. The live load is to be taken as 250 lb. per sq. ft. The floor 
slab is to be poured around the top flanges of the beams and girders, 
but the beams and girders will not be encased. The specifications of 
the A.I.S.C. control. 

Beam B1 

Live load = 250 lb. per sq. ft. 

Dead load = 50 = slab 4 in. X 12.5 lb. per in. 

5 = sand § in. X 10 lb. per in. 

15 = blocks 3 in. X 5 lb. per in. 

= beams 

Total = lb. per sq. ft. 

Having proceeded so far the designer notes the subtotal floor load as 
320 lb. per sq. ft. and makes the following calculation on scratch paper 
or slide rule. 

25“ 

Moment = 320 X 6 X — = 150ft.-kips 

o 

12 I 

at — , - “ about 100 
18 ’ c 


20 in. I at 65.4 lb. J/c = 117.5 
65 4 

— ^ = 10.9, say 11 lb. per sq. ft. 

6 

This information is then added to that given, and the complete calculsr 
tions appear as follows: 
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Beam B1 

Live load = 250 lb. per sq. ft. 

Dead load = 50 == slab 4 in. X 12.5 lb. per in. 

5 = sand I in. X 10 lb. per in. 

15 = blocks 3 in. X 5 lb. per in. 

11 = beams 

Total = 331 lb. per sq. ft. 

X 6 = 1986 lb. per lin. ft. 

25“ 

X — = 155 ft.-kips 
8 

12 I 

at TT, - = 103.3 
18^ c 

Use 20 in. I at 65.4, 1/c = 117.5 

Now having the correct weight of the beams the designer proceeds to 
girder Gl. 

Girder GL 

Live load = 250 X 25 = 6250 lb. per ft. 

Dead load = 81 X 25 = 2025 lb. per foot floor, beams, etc. 

Girder = girder 

Total = lb. per ft. 

Having proceeded so far it is noted that the load per foot, excluding 
the girder itself, is 8275 lb. per ft., and the following calculations are 
made on scratch paper. 

42“ 42 

Moment = 8.28 X = 1823 ft.-kips Shear = 8.28 X — = 174 kips 
8 2 

-7- 4.5 ft. = 405 kips at 12 kips per sq. in. min. 

at 18 = 22.5 sq. in. web area = about 15 sq. in. 

54 X 5/16 - 16.88 sq. in. 

Approximate Weight 

Bottom flange 22.5 sq. in. average 
Top flange 22 . 5 sq. in. average 
Web 16.9 sq. in. average 

Details 10.1 = about 60% of web 

72.0 sq. in. per ft. 

X3.4 lb. per sq. in. = 245 lb. per ft. 
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The approximate weight thus found is based on the fact that the 
average gross area of each flange is roughly equal to the net area at the 
point of maximum moment and that the girder details (stiffeners^ fills, 
connection angles, rivet heads, etc.) will run around 60 per cent of the 
weight of the w^eb. The approximate weight having been estimated it 
is added to the known weights and the design completed as usual. 

The student should realize that the approximate methods described 
above are only suggested methods of attack, and that they may be 
extended to the other fundamental structural forms, and combinations 
of them. They may be used with fair success by the designer with 
little experience, but when supplemented by experience in design and 
by study of actual weights they will become valuable tools which will 
keep the engineer from becoming dependent on tables and empirical 
formulas. Tables and empirical formulas are often helpful, but the 
author does not know of any substitute for the intelligent use of the 
results of experience. 

142. Wall Loads. — The weights of walls, in modem skeleton con- 
struction, become very important in high buildings, and in recent 
years many attempts to devise lighter forms have been more or less 
successfully made. 

The more common types of enclosure walls in modem steel-frame 
construction are: plain stone; plain brick; hollow tile; hollow tile 
faced with brick or stone; concrete block; or ordinary concrete. Such 
walls should not be less than 8 * and may be 12 to 16 in. thick. The 
weights will range from about 35 to 125 lb. per sq. ft. of surface for 
the masonry portions. The windows (glass and sash), which in modem 
construction may exceed 50 per cent of the wall area, will weigh from 
4 to 10 lb. per sq. ft. of wandow area. These are average values and 
actual weights may be quite different in special cases. 

143. Special Loads. — Special loads may be of various kinds, but 
those which the author has in mind are the cranes required in many 
industrial buildings. Cranes are of many types, but those most com- 
monly encountered are monorail hoists, which may lift and travel by 
hand power or by electric power; jib cranes, which are usually attached 
to the building columns; traveling jib cranes, which may move along 
a track supported by the steel frame; and overhead electric traveling 
cranes, consisting of two main parts, first a girder bridge spanning 
the building transversely and arranged to travel on a lonptudinal ran- 

* ^^RecommeEded Miniiniiiii Requiremeats for Masonry Wall Constmction,” 
Report of U. S. Department of Commerce Building Code Committee, June, 1924. 
May be obtained from Superintendent of Documents, Government Printing 
Washington, D. C. 



380 DESIGN OF STRUCTURAL STEEL FOR BUILDINGS [Chap. 6. 


way, and second a traveling trolley which carries the hoisting mechanism 
and is arranged to move across the building on the girder bridge. Fig- 
ure 172 shows a hoist of the first type, equipped with an electric hoist, 
but traveling on the monorail beam, from which it is suspended, under 
hand power. Figure 173 shows cranes of the last-named type. The 
large 250-ton crane on the upper runway is equipped with two trolleys 
for lifting locomotives as shown. The 15-ton messenger cranes on the 



Courtesy of The Earnischfeger Corporation. 

Fig. 172. — Monorail Hoist. 


lower runway are standard one-troUey cranes; the trolley of the mes- 
senger crane in the foreground is shown at the right lifting a pair of 
locomotive driver w^heels and axle. 

The loads from cranes of various types range from the nearly insig- 
nificant wheel loads of small-capacity hoists to the enormous wheel 
concentrations from large-capacity cranes, the greatest wheel loads with 
which the structural engineer has to deal. 
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Tables giving data for cranes of various capacities may be found in 
many handbooks containing engineering information. “ Crane Engi- 
neering published by the Whiting Corporation, Harvey, Illinois, 
contains the most complete information known to the author. 

144. Design of Purlins. — Purhns are beams, and the principles of 
design presented in Chapter III are applicable and sufficient. For 
roofs having slopes of less than 1 or if in. per ft. the purlins may be 
assumed to be vertical, and the lateral support of the compression 
flange is the only matter likely to require particular attention. The 



Courtesy of The Whiting Corporation, 


Fig. 173. — 250-Ton Whiting Locomotive Crane, and Three 30-Ton Whiting ^‘Tiger’’ 
Messenger Cranes in the Shops of the Chesapeake and Ohio Railroad, Huntington, 

West Virginia. 

more common forms of construction used for flat roofs are generally 
satisfactory from this standpoint, but with some types of pressed metal 
roofing it may be desirable to treat the purhns as being without lateral 
support between trusses. 

Purhns on pitched roofs may be called on to resist load components 
acting paraUel to the roof surface which must be taken into considera- 
tion in their design. Whether such forces are actuahy effective depends 
on the type of roofing and its construction at the ridge, but it is always 
conservative and generaUy desirable to provide against them. 
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In Fig. 174 (a) the roofing is represented as being supported on a 
ball at each purlin and is prevented from rolling off by clips bearing 
against the purlin flanges. It is obvious in this case that the purhns 
must resist the load components parallel to the plane of the roof. If the 
two planes of roofing are connected at the ridge, as represented in Fig. 
174 (6), it seems clear that the components parallel to the plane of the 
roof must be resisted by the roofing itself, the purlins being subjected 
only to the components normal to the plane of the roof. Of course 
these are the two extremes, and actual purlins lie between them. 

The shapes generally used as purlins (light beams and channels) are 



Fig. 174. 


not efficient in resisting forces acting normal to the plane of the web, 
and on pitched roofs it is common to provide sag-rods to assist them in 
resisting load components parallel to the roof. Sag-rods are shown in 
Fig. 28 on page 35. Lines of sag-rods are generally spaced from 
6 to 10 ft. center to center. 

Figure 175 shows common methods of fastening purlins to the chords 
of roof trusses. Study of the figure will make it clear that the top 
flanges of purlins receive practically no support from such connections 
in a direction parallel to the slope of the roof. To make the top flange 
effective in resisting load components parallel to the roof the sag-rods 
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should be placed as near the top flange as is practicable and there should 
be a line of rods at each end of the purlins as indicated in Fig. 176. 
When sag-rods are placed near the top of the purlins, and at the ends, 
the purlins may be designed under the assumption that the top flange 
resists the load components parallel to the roof. When there are no 
sag-rods at the ends (and usually there are none) the intermediate sag- 
rods should be as near the bottom flange as is practicable and the 
purlins designed under the assumption that the bottom flange resists the 
components parallel to the roof surface. 

Under either of the assumptions in the preceding paragraph the 
purlin is designed to resist a bending moment normal to the roof surface 
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Fig. 175 . 


and a bending moment parallel to the roof surface, the latter applied 
wholly to one flange. The components of load normal and parallel to 
the roof surface are indicated in Fig. 177 in which W is the vertical load 
per linear foot of purlin span. In Fig. 178 are shown the moment 
diagrams for one and two intermediate lines of sag-rods which obtain 
if the sag-rods are all in perfect adjustment so that the purlin flange is 
exactly straight before loading. The student will do well to reflect on 
the probability of sag-rods being drawn up to exact adjustment and on 
the effect of some being drawn up tighter than others. 

At the ridge of the roof two purlins may be used, connected by short, 
bent sag-rods, as shown in Fig. 179 (a), or a single purlin set vertically 
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as in Fig. 179 (h'j. In either case it should be clear that these purlins 
are subjected to additional loads from the sag-rods due to the change in 
direction of the latter. The magnitude of these loads may be estimated 



by treating the sag-rod pulls as reactions on continuous beams, as indi- 
cated in Fig. 178. The student should see clearly that the actual 
magnitudes of these loads depend on how the nuts on the sag-rods are 



adjusted, and that they are very uncertain. These additional loads 
may be rather large on steep roofs and are sometimes avoided by 
directing the ridge sag-rods to the supports as indicated in Fig. 180. 
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145. Design of Trusses. — Some of the more common forms of roof 
trusses are shown in Fig. 11 which is reproduced here as Fig. 181 for 
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Fig. 181. 
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easy reference. Other types are shown in a pre\i.ous volumej* and in 
various texts having to do with building design and construction. 

The first step in the design of a roof truss is a decision as to general 
proportions. 

The span, of course, is fixed by the dimensions of the area to be kept 
free of columns. The slope of the top chord will often be fixed within 
limits dictated by the type of roofing selected, and in some cases may be 
affected by requirements for ventilation, lighting, etc. 

Shingles, slate, corrugated metal, and most forms of roofing tile 



require a pitched roof,t while tar and gravel surfaces generally should 
be used on a flat roof or one having very little slope. The pitch for 

* Theory of Simple Structures,” Shedd and Vawter, John Wiley & Sons, New 
York. 

t The pitch of a roof is defined as the ratio of the rise of the slope to the span 
length: i.e., a roof having a span of 80 ft. and a rise from eaves to center of 20 ft. is 
said to have a one-quarter pitch; if the rise from eaves to center is 16 ft. the pitch is 
one-fifth, and so on. 
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slate and shingle roofs should not be less than one-quarter and pref- 
erably should be from one-third to one-half; the pitch for corrugated 
metal roofs should not be less than one-fifth (unless the joints are soldered 
or cemented) and preferably should be one-quarter or more. The pitch 
for the various forms of tile roofs general^ ranges from a minimum of 
about one-quarter to whatever amount the architect considers suitable. 
Roofs surfaced with tar and gravel or similar materials have slopes 





ranging from nothing at all to not more than 2 in. per ft. — from 1/4 to 
3/4 in. per ft. being most common. 

The depth of the truss for an ordinary pitched roof is generally 
fixed when the pitch is selected, as shown in Fig. 182 (a), but may be 
reduced by cambering as shown at (b) in the same figure, or increased 
as shown at (c). The depth of the truss for a so-called flat ’’ roof is 
a matter of choice by the designer; and the common range is from 
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1/12 to 1/8 of the span. In general the ratio, — — varies 

span length 

inversely as the span and directly as the load, and abnormal values of 
either span or load ma}^ result in the economic value of this ratio falling 
outside of the common range given. 

The length of panels in a roof truss depends on two factors which 
may conflict: (1) on the spacing of purlins, which of course depends on 
the type of roofing or roof surface; and (2) on the slope for the truss 
diagonals, which should not be much less than 45° with the horizontal 
and not more than 60° with the horizontal. In trusses for flat 
roofs a common rule is to make the average slope of the diagonals 
about 45°. 

When the roof surface is such that the purlin spacing must be 
relatively small and the depth of the truss is such that long panels are 
required for proper diagonal slopes it is necessary that the top chord of 
the roof truss support purlins between panel points (which of course 



results in bending stress in addition to direct stress) as in Fig. 183 (a), 
or that some form of subdivided truss be used as in Fig. 183 (h). 

Having estimated the loads which the truss is to support and estab- 
lished the general proportions such as slope of chords, depth, and 
panel dimensions, the designer is prepared to calculate the stresses in 
the various members and proceed to their proportioning. 

Proportioning . — The fundamental principles to be observed in the 
design of tension and compression members ’were discussed in Chapter 
IV; the following comments are merely to emphasize those points par- 
ticularly pertinent to roof-truss design, and to suggest some practical 
matters which should be considered. 

When a truss is handled during fabrication or erection by lifting 
with the hoist line attached at one point, as indicated in Fig. 184, the 
bottom chord is in compression and of course has a tendency to side- 
ways buckling. Experience has shown that to permit lifting safely with 
one point attachment (as is generally most convenient) the bottom 
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chord should have a width; measured perpendicular to 
trusS; not less than is given by 



the plane of the 
(144)* 


in which b = width of chord at the center ; 

L = span of the truss. 

L and h are measured in the same units, either feet or inches. 

The top chord generally wall have a width not less than that of the 
bottom chord. 

It is desirable that the joints be kept as small as is practicable, 
and to that end w^eb members and gusset plates should be so chosen 
that it will not be necessary to have more than seven or eight rivets 
in a single gage line. Thus in the joint shown in Fig. 185 (a) it is 
preferable that a gusset plate be of such thickness that not over seven 



Fig. 185- 


or eight rivets are required for the connection of or that the 

member be redesigned with a wider leg against the gusset plate to 
permit the use of two lines of rivets as shown at Fig. 185 (6). The 
latter is generally to be preferred if practicable since the gusset plates 
should have the same thickness throughout the truss and that thickness 
is better chosen for the average joints than for those at the ends where 
the web member stresses are highest. 

The compression diagonals and verticals of single-plane trusses will 
ordinarily be most efficient if composed of unequal-leg angles with the 
long legs together. This may be illustrated by study of the sections 
shown in Fig. 186. The three sections shown have equal areas, but 
it is clear that for a given length the one in (c) will have the least L/r 
ratio, and therefore the largest capacity when the slenderness-ratio 
limits the permissible intensity of stress. However, it is sometimes true 

* The author is indebted to Mr. Roberts S. Foulds, of the Phoenix Bridge Com- 
pany, for this information. 
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that a pair of equaUeg angles of larger size may be more economical 
of metal than a pair of unequal-leg angles when the stress to which the 
member is subjected happens to lie betw^een the capacity of successive 
sizes of the unequal-leg angles. This may be observed in the situation 
illustrated by Fig. 187. The stress to which the member is subjected 
happens to lie between the capacity of the two members of 6 by 4 
angles and to be practically equal to the capacity of the member com- 
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posed of 6 by 6 angles. The student should note that a member com- 
posed of 2 ^ 7 by 5 by I-,* long legs together, would have a capacity 
of almost exactly 136 kips and a w^eight of 39.6 lb. per ft. compared 
with 43.8 lb. per ft. for the member composed of 6 by 6 angles; the 
7 by 5 angles are not so readily obtainable, however, and may com- 
mand an extra price. 
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Tension diagonals near the center, subjected to small computed 
stress, may have their stress reversed by wind, or by snow drifting on 
one side of the roof, and should be designed sufficiently stiff to resist 
some compression. It does not seem necessary to apply to such mem- 

* Angles of this size are not generally listed hut are rolled by the Phoenix Iron 
Company of Phoenixville, Pennsylvania. 
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bers the same slenderness-ratio restrictions as are applied to main 
compression members, but the author thinks that the L/? ratio in 
such cases should not exceed 200 and may perhaps better be kept 

within 175, • -j j ^ i 

It may be noted that compression diagonals in subdivided single 

plane trusses, such as U4L2 in Fig. 183 (5), vdll generally be most 
efficient if designed using unequal-leg angles vith the short legs together 



Fig. 188. 


as this tends to equahze the L/r ratios about the two axes. The same 
statement applies of course to compression chords which have lateral 
support at intervals farther apart than the panel points. 

As stated in Chapter lY, the author does not approve of the use of 
single angles for members carrying calculated stress in single-plane 
trusses. In addition to the severe bending stresses in the angles them- 
selves such members tend to twist the chords of the truss. There does 
not seem to be any serious objection to the use of single-angle hangers in 
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Warren trusses when the weight of the chord is the only load applied 
at the bottom. 

146. Design of Columns. — The fundamental principles discussed 
in Chapter lY abe sufficient for the design of columns for buildings but 
it seems desirable to add some comments concerning columns which 
are to support runways for overhead cranes. 

The runways for cranes having wffieel concentrations of not more 
than 25,000 to 30,000 lb. are often supported on brackets as indicated 
in Fig. 188 (a). Runways for cranes with heavier wheel concentrations 
are generally supported on separate columns set inside the main building 
columns, as shown in Fig. 188 (5), or on stepped or hammer-head columns 
as in Fig. 188 (c). The more common sections of the columns used are 
shown in Fig. 188, and Fig. 189 
shows hea\i.er sections sometimes 
used for stepped columns. Large 
industrial buildings may require 
two or even three levels of crane 
runways in a single aisle, and it 
is necessary sometimes to design 
columns which support two or more 
crane runways in one aisle and 
one or more in an adjacent aisle 
in addition to roof trusses for 
both aisles. Figure 173 shows 
columns which support runways 
in two aisles; other illustrations 
of such buildings may be found in 
Chapter II. 

Columns supporting runways on 
brackets should be braced laterally 
at the bracket level if practicable, particularly if the height of the 
building exceeds the bay length. Estimating the bending moments 
due to the eccentricity of the load is difficult as the amount of restraint 
at the base and at the top is uncertain. It is alwa^^s safe (though not 
accurate) to assume that the column is pin-ended in estimating the 
bending moments: in practical design it is very common to use as a 
design moment from 6/10 to 8/10 of the maximum moment found 
assuming pin-connected ends. To the bending moment due to eccen- 
tricity should be added that due to side thrust from the cranes. Mo- 
ments due to wind forces must also be considered; common approximate 
methods of estimating them were presented in a previous volume.’*' 

♦ ‘'Theory of Simple Structures, Shedd and Vawter, John WMey & Sons. 




1 - 
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1 


(a^) 
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Wlien runways are supported on separate columns as in Fig. 188 (b) 
the main column should be designed to resist the roof loads and the 
bending moments due to side thrust from the crane and wind forces. 
The crane column is then proportioned to resist the vertical loads from 
the runway girders, and the designer should not fail to note that these 
loads may be eccentrically applied: Fig. 190 illustrates the situation 
which may occur when the outstanding legs of bearing stiffeners are 
placed over the flanges of the column as they should be. 

The design of any column is necessarily a cut-and-try process and 
this is particularly true in the stepped column carrying one or more 




Fig. 190. 


crane runways; the design of such columns is often a troublesome 
problem. 

The upper step in stepped columns may be designed as an ordinary 
column to support the roof load and resist the bending moments result- 
ing from wind forces and side thrust from the cranes; the bending 
moments are likely to be of controlling importance. In estimating the 
strength of the upper (and for that matter the lower) step the designer 
is confronted with the question of what is the L/r ratio about the 
Y- Y axis; see Fig. 191. It is evidently less than L/ri and more than 
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L/r 2 . As an approximation for design purposes the author suggests 
an equivalent slenderness-ratio of 


L L 

-I1+-I2 

ri r2 


(li + I2) 


h h 

n r2 


(145) 


Usually the slenderness-ratio about axis X-X will control the permis- 
sible intensity of stress in both the upper and lower steps, but this is 
not always the case. 




Fig. 191. 


Fig. 192. 


To obtain a preliminary section the lower step may be designed to 
resist the sum of the loads from the roof and the crane runway, acting 
eccentrically as shown in Fig. 192, plus the bending moments due to 
side thrust from the crane, and wind forces. A tentative design for 
both steps having been obtained, the bent may be studied more carefully 
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by the method of moment distribution or the column analogy * developed 
by Professor Hardy Cross of the University of Illinois. The designer 
should be on his guard, however, about accepting too trustfully analyses 
based on the assumption of fixed ends for the bent. The bending 
moments at the bottom of the columns which will be developed if the 
ends are fixed will be large, and though it is possible to design bases 
which will be fixed to the masonry such bases will be expensive, and 
there is considerable doubt, at least in the author’s mind, as to whether 
the masonry itself will remain fixed in position when subjected to such 
severe moments. 

147. Illustrative Problems.— To illustrate the application of the 
foregoing discussion of building design four sets of design calculations 
are presented: DP 19, DP 20, DP20A, and DP 20B. The first two 
are complete and independent, but the last two are carried only far 
enough to illustrate the design of building parts not covered in the first 
two examples; in both DP 20A and DP20B the roof construction is 
presumed to be the same as in DP 20, although in DP 20 B the trusses 
could be somewhat lighter since there would not be monorail hoists 
carried on the trusses in high aisles served by bridge cranes. 

In studying the design calculations for DP 19 the reader will notice 
that the purlins have been designed under the assumption that the bot- 
tom flange resists the forces parallel to the roof surface and that the 
bending moment due to these forces has been calculated assuming 
perfect adjustment of the sag-rods. In designing the top chord of the 
truss it has been assumed in the first calculation of area that the purlins 
resting on the chord between panel points provide lateral support for 
the chord. Some designers prefer to consider that such purlins do not 
provide lateral support, and of course such an assumption is conserva- 
tive. In this case, however, the result would not be altered since the 
requirements at the panel point control the required area. The student 
will note that the bottom chord, L 2 L 3 , does not quite meet the require- 
ment that L/5 = 125, but comes near enough so that it did not seem 
necessary to use 3 -J legs outstanding with a consequent waste of area. 

The second stress diagram on Sheet 3 of DP 20 may be puzzling 
unless it is recalled that the stress in any bar in the right half of the truss, 
due to a load at L 3 on the left half, is equal to the stress in the cor- 
responding bar in the left half of the truss due to an equal load at L's 
on the right half. Keeping this fact in mind the stress in any bar of 
the truss due to any combination of loads at L 3 and L's may be calcu- 
lated easily from the diagram for the single 10 -kip load. 

*See “Continuous Frames of Reinforced Concrete/’ Cross and Morgan, John 
Wiley & Sons. 
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Steel Framing for Roof 


Genera/ Layout 


Specrficafions:AJ,S.C. DP 19 

Steel Fram/na 
for Roof 

~933 \ 

Sheet / of 4 

A 




Plan Showing Bottom Chord Bracing A 

7- Bays J$'-0'^-I33'-O"c.foc. End Waf/s 


ySagroN p/an. 

1 Same in a/J bays 






Plan Showing Purlins and Top Chord 
Bracing 


Assumes/ Loads 

Snow ana/ W/nd » of rvof surface 

Asbestos S/7/na/es^ 6 

Gypsum P/anr - // 

Pur //ns = / 

Tn and Br. - 4 

Tata/ 


Fane/ Loads on Truss 


=S4S0*/pane/ yert/aa/ 
Norma/ to roof X -B430^/pane/ 

Para//e/ to roof X — ^ ^^dZAO^/pane/ 


DP19. 
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Steel Framing for Roof 


Purlins 

47 XSS. 1 S 


-230*/f vsrfical 

^ normal 

8 


SSJJ 


X ^SZSO'H a! center 


. eJ8xf2.67 . 


' SZSO^H^at third pts. 


330 x^ ^J03*//\toroof 


103X 


6.33^ = 
70 




DP 19 


Steel Framing 
for Roof 


1933 


T.C.S. 


Sheet 2 of 4 


Assume ^,=2Zt ^d^m^t1.54± 

S.SS ej>4 

l/se W’JC^TS.S* f =tS.4 

!6-/mesx(/33+4yxrS.3*/r = SS,S40* 


fiie/ffe Pur///! 




230^/;^ 


■32/0x^=2370^ 

^fy^2x 2370^^4740* 


X'i, 





230x1^^70,390^* 

4740x1^^ 30,020 
^ 40,390* 

7S> 7Z _ r g,233- 
^ 78000 ^ 

10'^ I(? 30*i^26J 
7Z"Ipe25 i^30.8 

Hlnex(733+4yx30*/r = 4,710 


Sag Rods 

JLff^ ^Ptot^dixt -> 


^oia./vur-'^. 


S2x7-- 224 rods (P S.33 x 7.043 ^IZSO* 
448 nuts e IO*/iQo = 50 

1300 « 


7,300 


Top Chord Bracing 

le-j-^Rods <P Z. 0 U*Axaht. 26 . 3 ^ 

Pods (no upset) 32'^Std. Huts & l8*/ioo » £ 

880 880 


Sheet = 39,830* 
Forward to Sheet 4 


DP19. 
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Sfeel Framing for Roof 


Trusses (for irifss ofagram and siresses see SheeiS) 


DP! 9 

Sfeef Framing 
for Roof 

1933 I T.C.S. 
Sheet 4 of 4 


Member Stress 


Rea. Area 


Forwarct- 39^830* 


(Ji Uz - 69,800 i i-ls^x3ixj 7r 

UzU3- 65,500 zj 

SSU4- 61,300 < 

ioU-h 66,200 e 28.0 ^3.68 net\ Z-ls 3ix3ix-§JL 
ll Ll-f 56,800 €> 28.0^3.26 » j 


Z-I§5x3ixi7r =9.00‘^^gr.(S>I53*/rx40J'-^Z450* 


=3MJ7ef (P 7.1 xm=^ 600 


lllZ-f- 56,800 & 28.0 ^3.26 » ' 
1213-2 37,900 <§>280= 1.2/ » 
Ul Ll - 8, 500 @23.6^ 0. 63 gr. 
223 233 ” 6, 500 & 23.6^ 0.63 gr. 
92 U - 27,000 20.9^ f.56 


Z-i^3x2ixiJL 
Z-IfZrxZx^ir -- 
Z~Ls eto 
Z-lsSixZjxijr- 

7- r< 71. i* 7 nr - 


i/ZLl t 9,400 @ 28.0 ^0.52 net Z-IfZjxZx-k If = 
LfZ 243 4 9,400 28.0^0.52 ^ Z-l9 cto 

1/4243 4 28,400 €> 28.0 = 2.58 1 Z-lf a/o 

MSU 4 19,000 (? 28.0 = 2.06 ^ J 
2/413 — — 2-LZixZxi 


2.28 » & 4.5 
2.22 gr. € 3.6 
So if @ 3.6 
2.88 " e 4J 
2.68 net & 3.6 
So e 3.6 
So (P 3. 6 


X 9.2== 280 


XZ0.6== 295 


2/4 L3 — — l-LZixZxi 

tails abt. 23% (/nc/uSes y/att p/ates) 

^ Mom. 

( A - 74,000 . 5280X22X2.08 ^ caiaa^,. 
14,900'*' isOOOxm^ - ■ 

crA = 74^00, y. 5180x12x3,92 ,^sgjnrfgf.^ 
25,000^ mooxuz^ ^ 


.84netP 3.6 X!6.3^ 60 
= 980 

Total for 2 -Truss =5200 


X6 =31,200 


Bottom ChorS Bracing 
Ad Siagonals hi 3x2ixj: 


8'Pa6t.Z7.5'P>4.5= 990 
4-15 » 30.9 &4.5= 555 
Deta/is aift = 685 
2230 


Z-L^4x3xi JL ess x28.3=Z20 

Defs. average 5 

1I5* 

x24 


Total = 76,270 


DP19. 
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DP19. 
Plate T. 
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Sfee! Frame for Machine Shop BuHdrn 



E/eyaHon Shomng Eave Sfrirh anJ Wall Bracing 


■ fliiBigiBaiBaiagiagaBBggifleagiagagBigBg i 


9 Says @25'-(?"=22S'-0 " 


f f r 


IOFanels@8Y^80'-0'^_X \ 


IfiPBSiiilBffn 




24-0'[ . 32^-0", 24’-0” 

^ 80-0"c. lo c. Co/s. ^ 

Typical Cross Sedlon 
Showing Spacing of Monorails 


End Eleyaflon Showing 
End Wall Columns 


Roof Load Assumed for Design 


Snow sz SOH/of 

Sypsum = 20 

TarScCrayel = 8 

58 

Purlins = 3 - 6 0a' on purlins 

Tk& Bn = 7 ^ 

ToM = 68*/°' 


^ This does nof Include 
dead Toad concenh'allons 
on boffom chord from 
monorail tracks. 


Purlins 

6U8,0^48&*/' 

X = 38. 2 moment 

(S>J^, Izs 25,4 
^ 18 c 

lO'^I^SO* /= 26.7 
I2'^ll^25* /= 30.8 

9 -lines of(225^-rS0each 

9x226x25 = 51,500* 


DF20. 
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Steel Frame for Machine Shop BuUcf/nQ 


Monorat'/ Track 

Capacity 4-Tons 8000"^ 
Wetyhf of Hoist — 2S00* 
to, 500=^ 

Hf. cf Track assumed 


Moment 

LL^/aSx^^ 65.6'^ 
Jmp.^25% \ = JSA 
P.l,=.06x^ = 4,7 
To fat = $6.7'^ 


Afm. width of comp, f/ange = 7.S0" -^-40 


x/2^/C40'‘ 


° s = /U 

J- 1040 _ 03 f; 

{tB^yf=@52 i=^S4.$ 
\F/g.w/dth = 7.53" 


DP20 

Machine Shop 
Bul/a/Ing 
1932 I TC^ 
Sheet 2 of 7 


Composite Section r 

A y Ay 

15"I^36.0* /0.59°" 

8"C €> t/.S 3.36 x7.i4- 24.0 x Zi4 = UlS 
47.5^ /3.95°" V24.0 STsT 


S,^//.74^/"'^ 


A 9.22 _ (//. 72^0" toi 
532.3 boi 


532.3 X/8.0/^°" both » j ' * 

/ - J5"Ip @ 36.0* X 24.96'= 900* 

/-8"C €> i/.5*x 24.96' =280 
Hiy.Hds. -k =20 

l200*xlS= 21,600* 


ruso 

D t i J ^tbp — 68x8.0x25 = 13.6^ per panej from snow, deck, -he. 
Fane/ foods =!.$’> - » monorail ^rack 

Monorail ^ZS each or either Ls point 


73.6^ each 


lo It Lz La Lt Ls L4lL3’Ly u Lai 


LS^D.L i.a'^D.L. 
V3.FLL m/'^LL 


See Sheet 3 for stress diagrams. 


Min. width for both chord = = 7.7 Say 8" 


DP20. 
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Sfeel Frame for Machine Shop Bui/cUn^ 

(See Sheef 3 for stress diagrams) 


DP20 

Machine Shop 
Bui/a/ing 
1932 I 
Sheef ‘4- of 7 


Truss 

Member Stress 

UoUZ ~ 7f,5O0* @ MS = 433‘‘"gr. 
U 2 U 4 -tet.lOO @ /SO ^JOJ3 

U4US -170,300 @ /S.0 =^/L35 } 

LoLl -20,700* ^ IJ4 » 

UL3 *124,500 @ 78.0 = 6.92° nef[ 
L3LS *J7l,700 @ 78.0 = 9.53 i 

UoLl +701,300 @ 78.0 ^ 5,63 ^ 

UzLi -79,000 e 77,7 6.75 gr. 

UzL3 +54,800 @ 78.0 = 3.04 net 
U4L3 -23,200 @ 70.7 ^ 2.35 gr. 

^ 'O-l = -Sigr. 

Verf.Posfs -73,600 @ 70.3 = 7.23 gr. 

fiangers — 

Details — abt. iCYo 
# Wind Stress See Sheet S 


2-755x3ix^^r = 

2-Ls6x6xi ir = 
2-Ls4x3xi ir = 

2-756x6x'^ JL = 

2-LS5x3xt 6 ir = 
2-7f5x3ix^ ir = 
2-lS3ix2ix^ ir = 
2-If4x3x^ “ir = 
2-Ls4x3x^ nr = 
2~lf3x2ixi ir = 
7-l3x2ixi L = 


Area 

= 5.72°'gn @ 8.7*A x/4.4'^ 500* 

=77.50 gr. @ 79.6 x 24.8'^ 7940 
= 3.38 gr. @ SS x 6.7 = 760 

= 9.74 net @ 79.6 x 65.5 = 2570 
= 5.86 net (§> 77.3 x 9.5 = 430 
= 7.06 gr. (§> 72.0 x 70.8 = 520 

= 3.02 net® 6,7 x 70.8 = Z60 

= 3.38 gr. <® 5,8 x 77.3 = 260 

= 3.38 gr. @ 5.8 x 77.4 = 260 

= 2.62 gr. ® 4.5 x 8.3ay.= 370 
= 7.09 net ® 4.5 x 8.3ay.^ 750 
= 7760 
8600* 

x70= 86,000* 


Bracing ( See Sheet 7 Tbr generai 7ayout) 

Bottom Chord Bracing: ail I-L3x2ixi” 

20 - 3x2ixili ®4.5*Ax33.5'ay. = 3020 
Monorail beams to act as struts 70- do @4.6 x38.5'ay.= 7730 

Conn. pis. and riv.hds. abt. = 850 

Wall Bracing: aH diagonats 2-i52ix2x^" CCOO 

24-2ix2xils<B3.6* xSij'av. = 2720 

Conn, details abt. = 400 

3720 


Batre Struts: 

9^^ 81,0 T" 
83^^ 69.4 g± 
72.3^=750.4 


\-33S04 -33604 


- 67 X 70x-§ = 387 */' from roof 
54 " strut 

435*/t totat 


/+33604\+3360* 


, „ , „ 2 -Top LS4x4x^® 6.6x24.8'= 330 

^ 3@ 8-4 ^25'-0" ^ Z-Bo7tLs4x4xi @ 6.6 x 24.8' = 330 

Top Chord: 6-D7ag.l§2ix2xi®3.6x 77.8 ' = 260 

Top Chord Moment 2~Vert753x3xi®4.9x 8.6' ■=■ 80 

Aoc o 3 x 2 Detafis abt = 750 

= 2830'* JJso* 

73,400 78,000 x 7.25^ 


3@ 8'-4"^ 25'-0" 


2830'* 


= 20,700 


Baft. Chord: 

Ma7<e same as top to permit turning oyer 

Diagonafs: Max. A. = 266, min. r = — 

Each 2-ls2ix2xi 


Merticafs: 


'j-= .54, Each I-L 3 x3xj: 


DP20. 
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Sfeef Frame for Machine Shop Bu//cf/ng 


Co/umm 

S/We Wall Cofumrjs 


<-750*/i=^30x2S 


DP20 


Machine Shop 
Buiicfing 


J93Z { TOS 


Sheets of 7 


W' 



’Stress s i^^^^ZOJOOttComp. ( See Sheet 4) 

O . 


750x2r_ 


41,400^ 


m 


7S0x2lx/0,5 ^ 207(p4 
80 


CoLLoad 


. Assumed pfane of 
contrdfJexure 


77777777777777777777777ti 


t3d2S*S0^ 




2070* 

SayZm* 


fe 


750x7^ 


^7875xtB^, 

! 02^,300'* 


^^875x7^ 

SSdOO'tt 


Ji^x 88 = 68P00* from roof 

i^200 ” monora/7 track 

13^100 ^ " ho/sfy had and Impact 

ZJOO ” lateral wlr/d force 
S4A00*Total 


Required area at point of max, mo/n. 

A =r ~MiW_ ^ JOZyBOO x/2x 8.03 ^ ^22 4 11.28 - IS.50 °’^ar.^ 
fxISyOOO fxI8,000 X S.23^ 


Required area 4' beloty bottom of truss = 24, Sr = 18,500 

— 2 b 10 

Moment 102,300 = 70,800'* 


/[- 84,400 . 70,800x12x8.03 
jX 11,700 fx 15,800 X 823^ 


= 5.41 -h 9.08 = 14.49 ° "gr. 


/- 12^^itF(§> 53 X 28.9'=:: 1530* 

Base abt. = 600 

2130* 

X 20 = 


End Wall Columns ( Design calculations based on girts 'apart) 

340*/' 

' x-/f= 42,000 '* 

" ^12 


I. 

24,000' c' 


21 


to " Ip & 21.0* i^Zt.7 
10" I @ 25.4 7,^ 24.4 


42,600 


1-10'Ip (S> 21.0 X 19.9' 420* 

Base abt s= 55 

475"* X 4 = 7,900 
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Sfee/ Frame for Machine Shop Bui/o/in 


Wall Column Base 

Mo men! ~ 63,S00'*‘ 

14 /, SOO* mlrimf/m (no onow orhohfloaol) 


DP 20 


Machine Shop 
Ba/Icfing 
19 32 I zcisT 

Sheet e of 7 


Max. perminsihle masonry pressure = -^xeoo -SOO^/nn 

o 


31 

400 , 



400 \ 



400*/aa l/flt/al pressure 
400*/an ^^ensHny pressure 
SOO#/oa 

d ^ 24" 

h = ■ -230" 

, 24x24 

"" Base Z3"x24" 


Initial pressure - 22x24/400 « 220,800^ 
Co! load (h?/n.) == 4r,3C0 

Initial anchor bod puH ^ i 79 ,S 00 tt 


IZtpL = ea^ 7S0* anchor io/fpu/l 
^ per Side 


^24x^ ^2.81 ^"inst/ffeners Use 

@BJ0x-^ -113^ not /ess than 

iZrixets per f/anye 


(P24,000^/a" 

Area= 7.48°"atroot of thread 
-i- 4 - 7.87^" per hod 

( Boole bottom ends 


-2.81 in stiffeners i/se 4-7d-"^ bods or provide y/dh 

[nur<Srioiasher4x4x^"\ 



lilllllllilliillllllill 

liniiiiiiiiii 


liuiiiiiiiiiiii 


y'W/f !0 n L 
'6"x4''xfn-. 

ft 

Sf/ff.L^ \ 

'^3x3xV'^ I 


I 



tt 




Anchor Bads 

Material for Base 

dBaseP/ 23"x2"x2'-0" 

2- mngf. FIs. 23"x4x2'-0"± 

4- d 0x4x4xF-8" 

8~ Stiff, d 3x3xfx/'-0"t 

2- d OxSx^x 9"± 

4- Anchor Bods i^'yxS'-'B" 


^^BaseF/, 
Anchor Bods 
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Steel Frame for Machine Shop Buf/c/ing 


Afternafe Design of Waft Columns f Assuming bottom ) 

\ ends hinged / 


DP20 

Machine Shop 
Bui/cfing 
1932 I TC.S~ 
Sheet 7 of 7 


2Sx30 

-=750=f/r 


7S0x23x2± 



^3670*^ 


Stress 

1404,300 =14,440x23 
/ 4 294^000 = 730x23x74 
1 1 JO, 300'* ^3 =13,300^ tens. 


~ 23.000* comp: 


•II .II -K 

HI 111 111 


(3330x20 ^ 

-\^I31f200'4t 


\.il-x730x28 = 

J4,4404^ 
80' ^ 


1-^x730x23 ^14,440* 

=3330^ 

^3370* 


= 739,000'* 


Column Loud ^ 

I£2^xes= 63,000* from roof 

^ 7,200 ** monoruU trade 

73,700 ** ” hoist, load & impact 

32,300* without win d ±3,800 lateral wind force 

36,700* on leeward column 
73,300 »» windward " 

Feguired area at point of max, pasltlue moment 


4^7 73000 4473000X3.33^ 

4 ? J 


Required area 4'he/ow bottom of truss, windward side. 
hioment=^-^^y^ 739,000 = 733,000'# 

^^3A70*/afr J^=..^=799 s^= J6,690*/orr 


-47I3A70 

i? 


733,000x72x3.73^ ,^ 44 ,q = 20.24°" ff . 

4470,630x3.377 



7-72° 7ir<S> 72 *x239=2030# 
Base aht. = 220 


/-Sasefl. 74x7ix7'-70" 

2-D 3x4x42F2" 

2-1° 6x3x4xS" 

2 - Anchor Bo/ts 7ixf'-0" 


^^ 2 -Ancfyor Boils /f^'fxS'-O" 
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Sfee/ Framinq for tnofusMa/ Buf/c/zhi 


DP 20 A 


fncfusfncif 


Beams (Of Ber beams /?ef msft/Bed m these cafci/fafwrrs) 

35Z*Mx ^ 1760#/r . 


1760x^=22,000* 




xil =137.5'^ 

■ r8'^I(§>60*i=33J 


live Lose/ = 260*/a' 
Dead Loaef 

J-f S/ah == 63 
Wood BJoc/(s = 15 
Saad Cijsh/oa = 5 


Beams 

Tofal 


» 13 -10Z*/ardL 
^252*/ar 


6/ra/er"6r 

A3 ax, Mome/r/ 

/s4xzo -mo 

3x44x10 = 1320 

-zsx^e = so 

Tofal =/8W'lf 


Max. Shear 
159^ 

@12^70"= 13.2SO''0r. weh 
€> 6.45^ = 19 rrvs. hg'. oj7-§'^yveh 
11 38^ = 74 » mcoa/i. I? 
594'^ = 27 fa eo/um/? 


-5- 4.70^=335f(fIgSfn 
6> 16 = 2140 net 


2x21^= 44^44 44 U 44 U 44 
250/^/- X I I I I I j jr 
i^0\l \2 \8 \4 ] 

8@ 5^-0^'^ 40^-0" 


3ix44=lS4f^ 
.23 X^ = 5 
159^^ 


Shear Diagram 


/ - Web 58xf =21.75^'^ i^2.7Z‘^" 

2 - TopB 6x6x4 

1 - Top Pi. 14x% 

2-Boff.l9 6x6x4 =-1422- 2.19 =12.03, i- 2.72 
/ - Baft. PI. * 14x4 = 738- 39 = 6.83, +14.75 ■ 

4 - Corn. 19 4x4 x-^ 

4 “ End Ff its 7x^ 

18 - Jnf. Stiffs. 5x3x-^ 
i8’'Jnf.F7//s 3x4 

4 - Seat /9 ^x3jx4 
4 - Beam Fills 8x4 

Piv^dds. etc. aht. Zi % 


Zh7o Pi. excess = 
^74.0x39.8'av.^i 
<924.2x39.8 = ) 

&26.BX24.0 =- 

'■14.75 & 24.2X39 8 «/ 

■■ZlM^^'ret (926.8x24.0 = 

<?11.3x 4.8 = 

e 14.9 X 3.9 = 

^ 8.2 X 4.8 - 

e 6.4x 3.9 = 

<P 8.5x 0.7 = 

eiT.Ox 1.3 = 

TSirder Total =lc 


Pivet Pitch 

0-1 649x99.0 _ n Qjff 

199 

!-z Si£gM.4.ir'> 
2 -2 = sM" 

69 

3-4 ^zajs" 


stiffener Spacing 


I-Z S3xi]l^-I =50" 


-/ = m" 


- . — » K 3170 ■ 

3-4 dot to exceed $0^ 


Xl€ ^162,080 


DP20A. 
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Sfee/ Framing For /ncfusMal Bui/cf/n^ 


6Mer 


St$k^2x/53ff 


8$^/afS/aZ^ ana/ dhcksl . . 

250 lioeloac/ Y'oorstnp 

-W35^S'x333*/ar 
SOS 6/ra/er etc. 

ZlOO^/f unif, load 


DP20A 

Inc/usMal 
Buffo/mg 
1934 I 
Sheet 3 of 5 


\8U\8U\S'-A' 


Shear D/agram 


Max Moment 


12 688 
Total -4666'f( 


-7- 6.04' = 77SfrF/g,Stn 
<? 78 ^42.64'"fnet 


Max. Shear 
Sl8x-^^J59 


Total ^214^ 


<P/2.0=7788'"'gK 
(? 8.45 ^25.4 '^28rl/s. hg. onj^ weh 
€//88-/8./ '^78 7/7 conn Jf 

& SS4=86.0^ 88 >* to column 


Mater/af for /-'S/rder 


7-^ Web 72x4- -^27.00'^'^ 

Z-TopLs 6x6x4 

7 -Top PI. 74x4 

/“ do da 

7 ^ do da 

2 - Baft. JP 6x6x4 “ 76.88 -i 

7-Bott.Ph 74x4 = 9.68-} 

7 - da do ^ do 

7 - do da ^ do 

4 - End Conn. If 4x4x-jr 

4 ~ End fnio 7x4 
28^ Inf. Stiffs. Sx3x 4 crimped 

2- El /Is 76x4 

2 - Seat If 4xAi 

Ply. Hds. eta. aht. Zj % 


72x4 2700'^"gr. 4^3.38°" 

6x6x4 
I4xfi 
da 
da 

6x6x4 “ 76.88 -2.63 * 74.2S, 7- 8.38 
74 X§ = 9.68-7.20^ 8.48,i-77.68 
da ^ do -8.43^+26.06 

do ^ do ^ 8.48, -784.49 ■ 


3i7cP/. excess = 
(f> 97.8x49.9^ 
& 28.7x49.9-^ 
e 82.7X35.0^ 
(? 32.7X2S.0- 
@ 32.7 X 14.0- 
=77.63 <® 28.7x499= 

=26.06 €>82.7X36.0= 

=34.49 €82.7X26.0== 

=42.92°"net € 327 X 74.0- 
€ 77L8X 6.9= 
€77.9X 6.0= 
€ 8.2X 6.9= 
€408X 4.7= 
€ 72JX 7.0= 

S 

Total for J- Girder = 


78,2507+ 

X4 = 73,000* 



0 S 70 76 20 25 

length (feet) 

fllvef Pitch D/dgram 


70 75 20 25 

Length (Feet) 

Stiffener Spacing Diagram 
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S'^eef Framrna for fncfi/sfr/aJ Bul/cfth 


Columns Wind pressure ossumei/ 30^/a'onyerlical surfases. 


DP20A 


Inc/usirlal 
Bu/lalmg 
1934 I T.c.s. 
Sheet 4 of 5 


I ^ 10<?>8'- 

O"=80'-0" ^ 



n 







'40'~0" ‘ 

' 40 '-0" ‘ 


76mw^7e,m 1 
7S0x^ ^S?,S00 f 
^ 39,400^ 


6375x9=37,400 

750X^=30,400 

S7,800'* 


6375 XS> ^ 
= 57,400'^ 


30,750X70 

rrAsBumeci P/ane 

/ of Confraflexure 


lyphai Cross Section 


7690x5=38,450') k 

750xf-= 9,400 r--^^ 

47,850) Windward 
AorC-line 




‘^^8,450^4^ 

Leeward 
Car A' line 


Shear an upper plane of contraf/exifre (75' Strip) 

Z5x30xi7 =iZ,750*, 6375=^ fa each cal 

Shear an iawer plane of contrafiexare (50^ Strip) 

50x30x41= 6i,500i^ Tiesisfed hy 4 Wail Cols., re/atiye 1=1, 4x1 = 4 
>7 77 7B4ine ** , 1=4, 7x4 = 4 

Total I =8 

6l,S00x-^ = 7,690* Shear each A'‘line ar C-line cal. 
o 


x^=30,750* 

s 


on B ** cal 


Desiffrr of Columns 

A or C-line Cols. (Upper Tier) 

=m,s,=W,760 

= zes‘’''^ r , min._ 

p s 80-900 ^ 87,800X12X610 

4x75000 4^38000X5.18^ *“ 

J a 


A ar C-line Cols, (lower Tier) 
A=: =84.5,$J=IZ,890 


Roof and Manorali Laads = 

Wind 12,750 x^^ = ^i, 400 

80,900* Windward 
Col 

83,700* leeward 
Col 

72'')4F&soit^74J7orf 


^ =2O-^°" 0r.m Jn._ 

A = 755,400 , 47,850X11X7.10 = 

'i 4 yjg ,,c ncT 


Roof and Monorail loads = 82,300* 
TSirder **31** =159,000 
Z-Beams**$B** = 22,000 

Wind = 


-^x/S.uoo dtxrs,mx6J>s^ 

o o 


’^xr5,000 -^X 18000X6.052 

O 4? 


155,400* Windward 
Col 

Z 71, 200* leeward 
Col 


14" owe 74* =Z1,76°"p7n 


DP20A, 
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Steel Framing for InofusfnaJ Builcfmg 


Co/umns CCont) 

B'-lIne Coh. 

= = S/.2,S; =fS,(?00 


DP20A 
fnctustr/aJ 
Buitottng 
1934 I Tta^ 
Sheet 5 of 5 


^ - 746,000 ^ 
4:XJSOOO 


30ZSOOX/ZX$.00 

■^xisoooxMz^ 

3 


Z~S/rcters *‘G1^ -3W,000* 
Z-G /refers = 428,000 

Total =746,000* 

^eSJ5O"0r. 

f4"W^@ZZ8* =6Z08^"(?n 


DP20A. 
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Sfee/ Framing for Indus fr/a/ Bui/of/ng 
Crane Runway Co/umns 


Gmera/'PIa/? of Poof Trusses arP 
Boffom Chore/ Braciua Some us for 
^DP20^^ 


AJ.S.C. Specff/cofiors 


DP20B 

Inc/usfrlal 
BuM/ng 
1934 1 T.C.S. 


^"PiPefs Un/ess //oM I Sheet / of 4 

Z-60 Ton Whi/inp O.E.T 
Crones Jn A /s/e 

mnS SO^/gr I 




£/eoaf/on Showmff Typ/ca/ i/Vo// Brac/ng 
Design Sepora/e Crane Co/unons. 

/A a in Wa// Co is. 


Typicai Cross ^c/ion 


30x25 7 
^iSO^Ap 


3$^ Shear fo eao/j ooi 


(n 7-68.2)^43.8 ' 


^Assun7eS line 
of Si e/e Thrusi 


34.8 

33.4^47.5xA 
-esi'k ^ 


14.7x71.3x26.7 

38.0 


^Assumes/ Piane V 
of Confrafiexure ft 

Assi/meS MomeniDiap. 
tp io SiSe T/jrust 




‘ M 


J 



'12.38^^x25' 

-38S"^ 

\ 







(See DPZO Sheeis i& 5) 

Direct Loop from Roof( f SnoY/loaS) 


72.33 xJ3==I5i 
.75 x^^ 63 
^224'^ 


M/^x53*/gr-^S3^ 

53^ Poof 
5.1 Wind 
58 Tofai 

32.3'^ S/We Thrust 
309.0 Wine/ 

3 9 1.3'^ Tofai 


^ 75X32XJ6.S _^.P 

jSnoYxloaW) so 

WinWmrW ieewarW 
Assumed Moment Oiagrams 

_ 58.1 391.3X12X7.38 Pl^e fo W/nW 


pI8x6.3P 


Sse A--39.98^" 


4/ Mote that'^ is not a factor since moment 
occurs at a point hraceW in Both Wirections. 


DP20B. 
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Sfee/ Framing for /no/usMa/ Burfcfjng 

Crane Rur?)A^ay Co/umns (Cont) 

Design "/f** Separate Crane Co/umns 


DP20B 
industrial 
Bul/dlng 
1934 I rx.s. 
Sheet 2 of 4 


Crane Col 

Dead Load: Girder -^ZScI^/r 
/iai/ etc^ = 30 
Totai ^Z80^/f 


£ach Wheel load 50^ 


/Z'-/8'^ I 
ZS'-O'f 
span 1 


3 Span Z 


Reaction on Co! B: 


From Span I- 4 xS 0 x -I ZM . ^wz.e^ 



2S,o '' 
ZS% Impact - 25,7 
DL. Mx2^ « 3.5 


; 


z 

/ 



z 



Total ^137,8^ 
say 732 

lenpfh of Col =Z4'-4"^Z92'^ (See Sheet 7) 


'‘2-2 ^-^3 

to he made not more than -L_ by 

/>-/ A/-/ 

d/aphrapms toma/n col 

Moment = (7SZ-732)6.€3 - 337 . 5 ''te 
load = 782-7732 ^3747: 


^ Z5.0 

25%/mpoci- 35.7 
DL = 3.5 

Total ^782.0* 


20.9 3.47 Use 74^W^^S44 A ^Z4.7/''"pr. 

of flanpe to he kept less than 75 by diaphragms to ma/n col 


Design *B** Stepped Crane Col 


: z?' 

///! V 

lx/mn.y 


X/4*‘ 


For prehminary design assume 
moment diagrams for side thrust 
and mnd the same as in Design ">f ^ 


-Assumed Une 
of Side Thrust 


DP20B. 
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Sfee/ Framing for Jndustnal Building 
Crane Run\/\>^ay Cofumns ( Cont) 

Design Stepped Crane M 


DP20B 
Industrial 
Bul/ding 
1934 1 rcS 
Sheef 3 of 4 


Dpper Siep 

Hoof load (jSnowI S3.0^ 
Wind 5.1 

Tbfai- leeward Col =-58.1^ 


Wind Momerri ^309'i 
Side Thr. " = = 81.3 

Tbfaii leeward^ 391.3^^ 


Area Seq. - f- « 40.7°'^gr. 


Pi-i 2.83 ” 


See Art 146 and loiver Siep 


^ Dm ^2-2 

1-Web 16x41 ^11.00 — Z3S 

4-1^ 6x4x-%^Z9.88 Z83 1564 

40.88°'^ m i799~ 


lower Siep 


^i£nd Stiffs, of 
''^.^rane Sirders 


^314^^ 6i\ 


13Z^\ • \l8Z*^ 




u^mr Step 
Z' 

\Z6f.lZ.65'^ 


Direct load f oof 53.0 1 

r ft ft Wind 5.1 

Ififffsay 48k 

k ft tf Cranes 314 

361 Sk say3€Zk 

Approx. Bending Mornent Axis Z'-Z' Wind ~ 2Z4'^ 

Side Thrust - 35 
(3l4^xrz,7"-48kx 7.6^0 Crane&Boof^ 3oz 
TofaiAxisr-r 

-073O"i' 


Approx. Bending Moment Axis 1-1 

(l8Z-/32)6.5^^SZ5"t 


Beg. Area = pD- ■/■ ^ ^55.3 °"gn 

d-xjs ^xJ8xtr.6^ Sixiax3.z^ 

So o 


1- Web £8x40. ^ms 

2- is 6x4x% ^14.98 

Z-Js 6x6 xi: -‘1150 
l-£ /5^&>35*-‘ 19.ZS 

55.96°'^ 


DF20B. 
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Sfee! Framing for /ncfustr/a/ Buf/Gf/n^ 
Crane Fi/n^vay Co/s. (Cone/.) 

Design 5/eppee/ Crane Co/. 


DP20B 
/nc/us/na/ 
Bu/Jc/ing 
1934 I 
Sheef4'o74~ 


28.S0^'b.b.ls 
14 JS'* 

J3.B8" 


Area 

If.f 

Ty-r 

1- Web P/. zsx-fi w.is 

r 

1258 

2- IP 0x4 x^ » 14.98 xiS.iS^- 197 

14Z 

2602 

/- is 6x6 X f - U.S0XtZ.S7^/t4S 

1Z0 

• 1857 

h D 15"@3Sf^ * tO.tS X 13.88 = / J42 

819 

10.23x1118^^ 1965 

63.96°^ \ig_ 

S8Z 

7690' 

IBjn 


5536 XieF « 145 


1SS.S0 
7S4S , y 

r ss. 9 e 


754S^l2f-zr 


, IS.eirlZ , 24S3rIZ , 
e.64 rr.6 

See Ar/. 14 f 


Tbe sfuaie/7f sboufe/ note fbaf /be area of /be upper s/ep was bases/ op ceas/i/ioas 
a/ /be ba/Zon? of /be /russ for /be ieewarc/ oo/amn art/ /ha/ /be area ^ /be /ower 
s/ep was bases/ on conc/i/ions a/ /be base of /be w/ne/wars/ co/amn, consequeaf/y-^ 
was no/ a fao/or in ei/ber ca/cu/a/ion. 

Tbe /biro/ /erm in /be oa/cu/or/ionfor/be area of /be lower s/ep represen/s /be area 
requfrec/ /o res/s/ beno/ing abou/ Axis 7-1 cat/sed by eccen/rici/y of /be /oad from crane 
girders in adjacen/ spans. This area can be reduced by placing /be end s/iffeners on 
the crane girders closer /o /be Axis 1-7. 1/ should also be^ no/ed /ha/ /he /bird Zer/n is 
based on /be en/ire column resis/ing bending abou/ Axis 1-h whereas i/ seems li/ce/y 
fba/ /bis bending is resis/ed enfire/y by /be flange on which /he crane girders res/: 
recogni/ion of /bis probabi/i/y wi// lead /o a smaller compu/ed area. 

A//en/ion is called /o /be approx/ma/e na/ure of /be analysis on which /be design of 
/he s/epped column is based, in impor/an/ s/ruc/ures /be columns so chosen sbou/d 
be checked by more acoura/e s/udies. 


DP20B. 
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Attention is called to the fact that in designing the main columns 
in DP20 the requirements were studied at the section of maximum 
moment where (in this case) the column had lateral support and the 
maximum stresses were therefore permissible, and also at a section below 
where the colunm was without support and reduced stresses were there- 
fore necessary. This procedure should generally be followed, and 
when the column is comparatively slender a section where reduced 
stresses are necessary may control the design even though the moment 
is not a maximum. 



'^-Pressure Due to hifial Load 
(Anchor Bolt PuH -f-Load) 



Maximum Base Pressure 


Fig. 193. 


The calculations for initial anchor bolt pull on Sheet 6 of DP20 are 
based on the reasoning illustrated in Fig. 193. Since the base is very- 
rigid it is assumed that the direct column load plus the initial pull of 
the anchor bolts is uniformly distributed over the base as shown at (o). 
If the base were part of a rectangular beam the distribution of stress due 
to the bending moment would be as sho-wn at (6). If the column is to 
be considered as fixed to the masonry there should not be any separation 
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between the base plate and the masonry, and to ensure this the initial 
pressure must be at least equal to the bending stress. When the 
bending stress and the initial stress are exactly equal the resulting 
stress diagram will be as shown in (c). 

The moment diagrams shown on Sheet 4 of DP20A should be noted. 
The moment diagrams for the upper tier were obtained in the usual 
manner; those for the lower tier are based on estimated relative 
moments of inertia. Since the columns have equal lengths the shear 
will be distributed among them in proportion to their moments of inertia, 
and in this case the relative moments of inertia were approximated by 
assuming that they would be proportional to the 7’s of the col umns 
which would carry the direct loads alone. For equal column lengths 
this procedure is satisfactory for design purposes. 

The design calculations DP20B are restricted to the colu mns and 
illustrate the discussion in this chapter. 

The design drawings. Plates I, II, and III, show in more detail some 
parts of the structures designed in the illustrative calculations. The 
reader should note that these are not working or shop drawings but such 
drawings as may be prepared by the designing engineer for the use of 
the contractor in making the shop drawings. 

Tables . — A table giving the location of the centers of gravity of 
plate girder flanges of various make-ups, and a table giving the approxi- 
mate radii of gyration of shapes often used as columns, are appended to 
this chapter. The student will find these tables useful in design work. 
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TABLE I * 

Distances from Back of Angles to Center of Gravity of Flange 

(In Inches) 


Total Plate Thickness - 

Cover Plates ^ 

9''— 2^-6X4X "8 


MK^l |MRHI 

10"— 2.di-6X4X 

ir 

12"— 2zi-5X3HX 

14"— 2/^-6 X4X 

nr 

14"— 2.ii-6X6X 


16"— 2^6X6X 


' s 

% 

H 

Js 

H 


H 


% 

Js 




16"— 2^-8X6X 

ir 

18"— 2^-8X6X 

nr 

18"’— 2^8X8X 


20"— 2.^8X 6X 

nr 


20"— 2^-8X8X 


>2 


IH 

Vs 


u 



1 

1*4 

1*2 

154 

2 

2*4' 

2*2 

2H 

1.26 

1.10 

0.82 

0.59 

0.38 

0.19 

0 01 





1.42 

1.2/ 

1.01 

0.78 

0.5/ 

0.38 

0.20 

6 03 




1.53 

1.40 

1.15 

0.93 

0.73 

0.54 

0 36 

0 19 

6 03 



1.63 

1.51 

1.28 

1.06 

0.87 

0.68 

0.51 

0.34 

0.18 

6.62 


1.72 

1.60 

1.3S 

1.18 

0 99 

O.Sl 

0.63 

0.47 

0.31 

0.15 


l.SO 

1.68 

1.47 

1.28 

1.09 

0.92 

0.75 

0.58 

0.42 

0.27 


1 21 

1 04 

0.76 

0.52 

0.31 

0 12 






1 37 

1.22 

0.95 

0.71 

0 50 

6.31 

0.13 





1.49 

1.35 

l.OJ 

0.86 

0.66 

0.47 

0.29 

0.12 




1.60 

1.4b 

1 22 

1.00 

0.80 

0.61 

0 43 

0 26 

0.10 



1.68 

1.55 

1.32 

1.11 

0.91 

0.73 

0 55 

0 38 

0.22 

0.07 


1.76 

1.64 

1.42 

1.22 

1.02 

0 84 

0.67 

0 50 

0.34 

0.18 


0.42 

0 31 

0.12 









0.51 

0.41 

0.23 

0.06 








0.59 

0.50 

0.32 

0.16 








0.67 

0.58 

0 40 

0.24 

0 *08 







0.73 

0.64 

0.47 

0.31 

O.lo 

0.01 






0.47 

0.35 

0.16 









0.57 

0.46 

0.27 

0.10 








0.65 

0.55 

0.36 

0.20 

0.04 







0.73 

0.63 

0.45 

0.29 

0.13 







0.80 

0.70 

0.53 

0.37 

0.21 

0 Ou 






0.86 

0.77 

0.60 

0.44 

0.28 

0.14 






0.95 

0.80 

0.54 

0.32 

0.13 







1.09 

0.95 

0.70 

0.48 

0.29 

6.11 






1.21 

1.08 

0.84 

0.62 

0.43 

0.25 

O.OS 





1.31 

1.18 

0.95 

0.74 

0.55 

0.38 

0.21 

0 04 




1.39 

1.27 

1.05 

0.85 

0.66 

0.49 

0.32 

O.lb 




1.46 

1.35 

1.14 

0.94 

0.76 

0.59 

0.42 

0.26 

0.10 



0.90 

0.74 

0.47 

0.25 

0.00 







1.04 

0.89 

0.63 

0.41 

0 22 

6.04 






1.16 

1.02 

0.77 

0.55 

0.35 

0.17 






1.26 

1.13 

0.88 

0.67 

0.47 

0.29 

0.12 





1.35 

1 22 

0.98 

0.77 

0 58 

0.40 

0.23 

0.07 




1.42 

liio 

1.07 

0.87 

0.68 

0.50 

0.33 

0.16 

o.bY 



1.65 

1.46 

1.13 

0.86 

0.02 

0.41 

0.21 

0.03 




l.SO 

1.62 

1.31 

1.04 

0.81 

0.59 

0.39 

0.21 

0.03 



1.93 

1.76 

1.46 

1.20 

0.96 

0.75 

0.55 

0.36 

0.19 

0.01 


2.03 

1.87 

1.58 

1.33 

1.10 

0.89 

0.69 

0.51 

0.33 

0.16 


2.12 

1.97 

1.69 

1.45 

1.23 

1.02 

0.82 

0.64 

0.46 

0.29 



0.78 

0.55 

0.30 1 
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Courtesy of the Phoenix Bridge Company. 
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CHAPTER VII 


DESIGN OF STRUCTURAL STEEL FOR BRIDGES 

148. The purpose of this chapter is to outline the problem of steel 
bridge design and to give some illustrative calculations showing the 
apphcation of the principles previously discussed. 

Space limitations have compelled the elimination of much material 
originally planned for this text, and the student should freely consult 
the larger books devoted exclusively to bridge design for information 
on many topics which have merely been mentioned in or entirely omitted 
from this chapter. 

149. Live Loads. — The live loads to which bridges may be subjected 
were briefly considered in another volume; * the following brief dis- 
cussion is supplementary. 

Highway loads have increased greatly in recent years, and though 
legislative enactment regarding maximum axle loads, width, length, 
height, number of trailers, and. so on, has limited the total load which 
may be transported by one unit of automotive equipment in practically 
all states, there seems to be a tendency to relax these restrictions in some 
cases, particularly in metropolitan areas. 

Figures 194, 195, 196, and 197 show four types of modern truck, and 
truck and trailer units capable of canying pay loads ranging from 12 tons 
to 20 tons and having gross weights ranging from 40,000 lb. to more 
than 60,000 lb. Figure 198 shows an 80-ton bridge girder and Fig. 199 
a transformer of about 60 tons^ weight being transported on special 
trailer equipment. Trailers of the general type shown in Figs. 198 
and 199 having rated capacities of 100 tons seem to be in common use 
in England. Recently a bridge over the river Tees at Newport, Eng- 
land, was put into service with a floor system designed for a load of 
100 tons carried on four wheels plus 50 per cent impact considered 
together with a uniform load of 150 lb. per sq. ft.f 

The loadings given in the design specification in Appendix B recom- 
mended by the American Association of State Highway OflS-cials, repre- 
sent current practice in the design of highway bridges in the United 

* ^‘Theory of Simple Structures,” Shedd and Vawter, John Wiley & Sons. 

t Engineering News-Record, March 15, 1934, page 365. 
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States. The lower deck of the San Francisco-Oakland Bay bridge, 
however, was designed for three lanes of H~30 traffic, in addition to the 
interurban lines.* 


Courtesy of The Seaconnet Coal Company. 

Fig. 194. — Six-Wheel Truck. 

Railroad bridge loads have not increased so rapidly in recent years 
as highway bridge loads, in fact there is now (1934) some agita- 


Courtesy of The Autocar Company. 

Fig. 195. — Four-Wheel Tractor with Semi-Trailer and Trailer. 

tion for faster moving of a greater number of units carrying smaller 
loads. Nevertheless the latest tentative specifications for railroad 

* Engineering News-Recordj March 22, 1934, 
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bridge* design recommend Cooper’s E-72 for all main line bridges. 
Figures 200, 201, and 202 show examples of modern locomotives 
having axle loads ranging from over 66,000 lb. to more than 77,000 lb. 





Courtesy of The Autocar Company. 

Fig. 196. — Six-Wheel Truck with Four-Wheel Trailer. 

Such locomotives are followed by trains weighing from 5000 to 7500 lb. 
per ft. of length. 







Courtesy of The General Motors Truck Company. 

Fig. 197, — Six- Wheel Truck with Six-Wheel Trailer, 

150. Lnpact. — Recent studies of impact from the theoretical as well 
as the experimental approach have led to the proposal of factors differing 

* Specifications for Steel Railway Bridges/' Bulletin A.R.E.A., February, 1934. 
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Courtesy of The Rogers Tractor and Trailer Company. 

Fig. 198. — Tractor-Trailers for Special Service. 


in form, but not greatly in result, from those listed in the chapter on 
loads in the volume * previously mentioned. The specifications in 
Appendix A give: 400 - Z//2 

400 ~f" Z/ 





■ 


Courtesy of The Rogers Tractor and Trailer Company. 

Fig. 199. — ^Tractor-Trailer for Special Loads. 


in which L is the loaded length of track for single-track bridges. For 
multiple-track bridges L is the loaded length of track for that track 

* “Theory of Simple Structures,*' John Wiley & Sons. 
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which when loaded gives the greatest stress in the truss, with the further 
provision that impact is to be computed only from the load on that 
track. 

The tentative 1934 A.R.E.A. specifications * propose an interesting 
procedure for estimating impact. In some ways it is the most reason- 
able proposal yet advanced. It is as follows: 



Courtesy of The Baldwin Locomotive Works, The American Locomotive Company, 


Fig. 200. — ^Heavy Locomotive for Passenger or Freight Service: 4-8-4 Type. 


Impact. 


204. To the maximum computed static live load stress, there shall be added 
the impact, consisting of: 


(a) The rolling or lurching effect: 


A percentage of the static live load stress equal to 

S = spacing, in feet, between centers of longitudinal girders, 
stringers or trusses; or length, in feet, of floorbeams or 
transverse girders. 


100 

8 


Bulletin A.R.E.A., Vol. 35, No. 364, February, 1934. 
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Courtesy of The American Locomotive Company. 

Fig. 201. — Heavy Freight Locomotives. Types: 2-8-8-2 and 2-8-8-4. 



Courtesy of The American Locomotive Company. 

Fig. 202. — Heavy Electric Locomotive: 2-8-2; 2-8-2; 2-8-2. 

Heavy Steam Locomotive; 4-12-2. 
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(&) The dynamic effect: 

For steam locomotives (hammer blow, track irregularities, and car 
impact), a percentage of the static live load stress equal to: 

Spans less than 100 ft. in length 100 — OSOL 

1800 

Spans 100 ft. or more in length ti + 10 

jL — 40 


For electic locomotives (track irregularities and car im- 
pact), a percentage of the static live load stress equal 

to 


360 


4- 12.5 


L = length, in feet, center to center of bearings for 
longitudinal stringers, girders, or trusses; 
or, L— length of floorbeams or transverse girders, 
in ft., for floorbeams, floorbeam hangers, and 
transverse girders. 

The impact shall not exceed 100 per cent of the static live load. 

For members receiving load from more than one track, the impact percentage 
shall be applied to the static live load on the number of tracks shown below: 


Loads received jrom two tracks Impact applied to 

L = less than 175 ft Two tracks 

L = 175 ft. or more One track 

More than two tracks Any two tracks 


161. Dead Load. — The dead load to be supported by a bridge frame 
consists primarily of the roadway and the weight of the frame itself, 
plus, in some cases, such public utilities as gas pipes, water pipes, or 
conduits for telephone, power, and light lines. 


It 


fess than 6" 


/^offess fhcffr 6' 




lir 


-- Wearing Surface 


'""—Stringers 

Fig. 203. — Cross Section of Typical Highway-Bridge Floor with Concrete Deck, 


The roadway for the modern highway bridge of moderate span 
generally consists of a reinforced-concrete slab, ranging from 6 to 10 in. 
in thickness. On this slab there will usually be a wearing surface of 
asphalt 2 or 3 in. thick; creosoted wood blocks 3 or 4 in. thick, resting 
on a sand or sand and mastic cushion; brick or granite paving blocks; 
or in some cases 2 or 3 in. of additional concrete. Laminated timber 
floors from 4 to 8 in. thick are very common in some parts of the country, 
and their use seems to be increasing. Laminated floors usually have a 
wearing surface of hot-laid asphalt, or asphalt plank. 
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Reinforced-concrete deck construction is generally favored because 
of its more permanent nature and because it is fireproof. The weight 
of a concrete slab becomes a serious factor in the long spans which are 



SECTION A- A 


Fig. 204. — Cross-Section of Typical Highway-Bridge Floor with Timber Deck. 


Running Rai/s 
^'‘Inside 
X Guard Rails 


Guard Timber-, 
L 


increasingly common, and has resulted in the development of a number 
of forms of light-weight roadway construction of permanent type. 

The most common 

form of roadway for rail- ^.'’Running Rai/s 

road bridges is the open ^ ^ y Guard Rails ^ 

timber deck consisting r^l 1^- 

of ties (at least 10 ft. - 

long) which rest directly ir ^ - H 

on the longitudinal I ^ J 

stringers or girders and // 

support the running rails, Jy 

inside guard rails, and \V J/ 

timber guard rails. A 

ballasted roadway on 

bridges is used almost yy 

exclusively by some rail- yy 

roads and in certain L__^^ 

locations by many others. ||||l <0' ^ || 

The ballast is carried 

in a concrete or timber | | ^ 

trough and the track | /a io'-o"- 4 

laid in the ballast as on i , „ . 

,, T n 1 L c. foe. girders -^3-6 but not more Than 

the regular roadbed. “ c.foc. fracAs-g" ^ 

The construction of piQ. 205. — Cross-Section of Typical Railroad Girder- 
typical roadways is il- Bridge with Open Timber Deck, 

lustrated by Figs. 203, 

204, 205, and 206. Descriptions and illustrations of the recent light- 
weight types of roadway for bridges may be found in the advertising 


I t 6-6“ to 10'-0“- J I 

L c. foe. girders +3'-6'^ buf nof more f ban J 

c.foc. frac/(s-6'^ ^ 

Fig. 205. — Cross-Section of Typical Railroad Girder- 
Bridge with Open Timber Deck. 
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literature of the organizations which have developed them: among 
them may be mentioned the Carnegie Steel Company’s Tri-Lok ” 
floor; the Belmont Iron Works’ “ Interlocking Channel ” floor; the 
so-called '' Battle-Deck ” floor, consisting of ordinary plates, or check- 
ered plates, riveted or welded to steel stringers; and the various 
forms of subway grating riveted or welded to steel stringers. 

The weights of highway bridge roadways range from as little as 
15 to 20 lb. per sq. ft. of roadwa}^ surface, for some of the light-weight 
forms, to as much as 150 to 175 lb. per sq. ft. of surface for some of the 
higher types used in heavy city bridges; these weights do not include 



Fig. 206. — Cross-Section of Typical Railroad Girder-Bridge with Ballast Deck. 

any part of the supporting framew^ork. The weights of railroad bridge 
roadways range from 500 to 800 lb. per ft. of track for open timber 
decks to 2500 to 4500 lb. per ft. of track for ballasted decks of timber or 
concrete; these weights include aU rails and fastenings but do not include 
any part of the supporting framework. 

152. Weight of Superstructure: Highway Bridges. — The weight of 
the floor system (i.e., the steel framework which supports the roadway 
between panel points of girders or trusses) for highway bridges may be 
estimated by the methods discussed in Chapter VI in connection with 
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the weights of floor framing for buildings, and because of the great 
variety of conditions to be encountered this procedure will generally 
prove more satisfactory than dependence on empirical formulas. 

The weight of the girders for a highway plate-girder bridge may also 
be estimated with suflGicient accuracy for design purposes by the method 
used in Chapter VI in connection with floor framing: the weight of the 
bracing for highway girder bridges will ordinarily range from about 
7 to 15 per cent of the weight of the longitudinal girders depending on 
the type of construction and the specifications for design. Data on the 
weight of girders in terms of length and total load per foot may be 
found in '' Bridge Engineering '' * by J. A. L. Waddell. The data are 
based on a basic unit stress of 16,000 lb. per sq. in. and must be mod- 
ified for other unit stresses. 

The weight of trusses and bracing for highway bridges may generally 
be estimated with sufiScient accuracy for design purposes by means of 
Hudson’s formula which will be discussed in connection with railroad 
bridges. Waddell’s Bridge Engineering ” * also contains data on 
the weights of trusses in terms of span length and total load per foot, 
and a stress intensity of 16,000 lb. per sq. in. ; of course the data must 
be adjusted for basic unit stresses of different amounts. 

153. Weight of Superstructure: Railroad Bridges. — Data on the 
weights of railroad bridge superstructure are more plentiful and more 
reliable than those for almost any other type of steel structure. The 
loads for which railroad bridges are designed are better standardized, 
the variations in form fewer and not so pronounced, and the records of 
weights of actual structures more complete and better organized. The 
most complete and reliable information known to the author will be 
found in Chapter LV of “ Bridge Engineering ” * by J. A. L. Waddell. 
Every student of bridge design should become acquainted with the 
books and papers by Dr. Waddell. 

Szlapka’s 9-L Formula . — The method of estimating the weight of 
railroad girder bridges developed by Mr. Peter L. Szlapka, formerly 
chief designer for the Phoenix Bridge Company, is one of the most 
accurate and valuable available. 

Mr. Szlapka’s method has never been published before, so far as the 
author knows, and it is reproduced here with his permission. 

Mr. Szlapka found that the weight of the two girders and the bracing 
between them could be expressed by 


w = kl 

John Wiley & Sons, New York. 


( 146 ) 
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where w = weight, in pounds per foot of bridge, for two girders and 
their bracing; 

I = the length of the span, in feet; 

k = 2 i factor which is dependent on the live load, the thickness 
of the web, the permissible unit stress, and the type of 
roadway. 

For Cooper^s E-30 loading, a 3/8-in. web, open timber deck, girder 
of economical depth (about 1/12 to 1/8 of the span), and specifications 
for design about the equivalent of the A.R.E.A. 1910, “ General Speci- 
fications for Steel Railway Bridges (basic fiber stress, 16,000 lb. per 
sq. in.) the factor is z _ n 

and is composed of two other factors 

the flange factor = 4.5 
and the web factor = 4.5 

For other live loads, unit stresses, web thickness, deck construction, or 
depths, the flange and web factors should be modified as follows: 

For live loads different from E-30 the flange factor should be 
multiplied by the ratio of the load to be used to E-30; i.e., if the live 
load is Cooper's E-56 the flange factor should be multiplied by 56/30. 

For unit stresses different from 16,000 lb. per sq. in. the flange 
factor should be multiplied by the ratio of 16,000 to the specified 
unit stress; i.e., if the basic stress is to be 18,000 the flange factor 
should be multiplied by 16,000/18,000. 

For depths differing considerably from the economic depth the 
flange factor should be multiplied by the ratio of the economic depth 
to the depth to be used; i.e., if the economic depth is 100 in. and the 
girders must be built only 80 in. deep the flange factor should be 
multiplied by 100/80. 

For deck construction differing from the open timber type the 
flange factor should be multiplied by the ratio of the total load (or 
moment) with the type of deck used to the total load (or moment) 
with an open timber deck. To determine the ratio for this modi- 
fication it is necessary to estimate the weight of the girders and 
bracing in advance in order to include it in the total load. 

For web thicknesses differing from 3/8 in. the web factor should 
be multiplied by the ratio of the thickness to be used to 3/8 in.; 
i.e., if a 9/16-in. web is to be used the web factor should be multiplied 
^ 9/16 9 

by ^ = 7- 
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As described above, the “ 9-L formula ” is directly applicable to 
spans 60 ft. or more in length. For spans less than 60 ft. in length 
Mr. Sdapka modified the formula as follows: 

^ ^ (5Z + 180) (147) 

in which w = the weight, in pounds per foot of bridge, for two girders 
and their bracing; 

I = the span length, in feet ; 

w' = the weight, in pounds per foot of bridge, for a span 
of 60 ft. determined from the 9-L formula for the live 
load and other conditions under which the bridge is to 
be designed. 

Illustrations of the use of the 9-L formula follow. 

Estimate the weight of a plate girder span 96 ft. long to carry 
Cooper's E-65: basic fiber stress of 18,000 lb. per sq. in. and an open- 
timber deck. 

Economic depth = about 106 in. 


Web thickness 

= about (106| — 

16) = say 9/16 in. 

Flange factor 

= 4.5 X l-g- X 

= 8.66 

Web factor 

. K 9/16 
- 3/8 

= 6.75 


15.41 

w = 15.41 X 96 = 1480 lb. per ft. of bridge 

Suppose that the 

same span is to have a 

ballast-on-concrete deck 

weighing 3600 lb. per 

ft. 


Economic depth = about 114 in. 


Web thickness 

= about jL 6 0 (mi 

16) = say f in. 

Loads with: 

Open timber deck 

Ballast deck 

Live load * 

= 8,460 

8,460 

Impact 74% f 

= 6,260 

6,260 

Dead load f 

= 2,080 

5,250 

Total load 

= 16,800 Ib. per ft. 

19,970 lb. per ft. 


* From chart of equivalent uniform loads, Plate X. 

t Am.Soc.C.E. 1923. 

t Includes an estimated weight of girders and bracing, and the weight of the 
roadway. 

The student should note that the weight of the girders and bracing is so small a 
part of the total load that an appreciable error in the preliminary estimate will have 
little effect on the ratio. 
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10.3 

7.5 
17.8 

w = 17.8 X 96 = 1710 lb. per ft. of bridge 

Estimate the weight of a plate girder span 45 ft. long to carry 
E-70 with an open timber deck and at a basic fiber stress of 16,000 lb. 
per sq. in. 

For a span of 60 ft. to carry the load the weight would be 

10.5 
5.3 

15.8 X 60 = 948 lb. per ft. 

= 800 lb. per ft. of bridge 

Hudsori^s 100/3 Formula. — ^^Ir. Clarence W. Hudson * developed a 
method of estimating the weight of trusses and bracing for bridges 
which is convenient, and, so far as the author has found, always suffi- 
ciently accurate for design purposes, although giving weights slightly in 
error on the safe side for double-track bridges. 

Mr. Hudson found that the weight of the trusses and bracing for a 
bridge may be represented quite accurately by: 

w = (148) 

where w = weight of two trusses and their bracing, in pounds per foot 
of bridge; 

A = the net area of the largest tension chord. 

The procedure is simply to calculate the maximum stress in the 
tension chord, divide this stress by the permissible intensity of stress 
obtaining the required net area, and multiply this net area by the factor 
100/3. In calculating the maximum stress in the tension chord, it is 
necessary to assume in advance the weight of the trusses and bracing; 
generally one trial and a correction will be sufficient to secure satis- 
factory agreement between the assumed weight and that given by this 
formula. 

The method is reproduced here with Mr. Hudson's permission. 

* Consulting engineer, New York. Formerly designing engineer with the Phoenix 
Bridge Company. 


Flange factor = 4.5 X 70/30 = 
7/16 

Web factor = 4.5 X = 

3/8 


w = (948/480) (5 X 45 + 180) 


Flange factor 


^ ^ 65 16 19,970 

^ 30 ^ 18 ^ 16,800 


Web factor 


4.5 X 
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To show the application of the method assume that a single-track 
truss span to carry Cooper's E-50 on a span of 200 ft. c.c. bea^rings is to 
be designed, and assume that a Pratt truss 36 ft. 0 in. c.c. of chords with 
8 panels of 25 ft. 0 in. has been decided on. If the design is carried out 
in the proper order the weight of the track and the weight of the floor 
system will be known. Assume that this has been done with the result 
given below. 

Track = 500 lb. per ft. 

Floor = 560 

(assumed) Trusses and bracing = 1640 

Total dead load = 2700 lb. per ft. of bridge 

As stated above it is necessary to assume the weight of the trusses and 
bracing in order to obtain the maximum stress in the tension chord. 
In this case 1640 lb. per ft. of bridge has been assumed. The maximum 
stress in the chord of one truss would then be: 

Stress Live load = 389 kips 

Impact 43% * = 167 kips 

Dead load =176 

Total = 732 kips max. tension 

16 = 45.8 sq. in. net 

w = X 45.8 = 1530 lb. per ft. of bridge 

Since the assumed weight of the trusses and bracing was 1640 lb. per ft. 
of bridge, a second determination of the maximum tension chord stress 
may be made using a smaller weight. The correct weight will be 
slightly less than the 1530 lb. found above since it was obtained with a 
chord stress which was too large. Assume 1500 lb. per ft. for the new 
weight and find: 

Dead load Track = 500 

Floor = 560 

Trusses and bracing = 1500 

Total dead load = 2560 lb. per ft. 

Maximum stress Live load = 389 kips 

Impact = 167 

Dead load =167 

Total = 723 kips 

^ 16 = 45-2 sq. in. net 

y) X 45.2 = 1510 lb. per ft. of bridge 

which is a close enough agreement. 

* A.R.E.A. “Specifications for Steel Railway Bridges,” 1931. 
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It seems desirable to state the basis of the formula to enable the 
designer to modify the factor 100/3 if his experience indicates this to be 
desirable in particular cases. 

Mr. Hudson found that the average weights per foot of truss could be 
represented as proportional to the net area of the largest tension chord 
as follows: 


Bottom chord 

= l.OOA 

Top chord 

= 1.25A 

Web system 

= 1.25A 

Details 

= l.OOA 

Bracing 

= 0.50A 

Total for one truss 

= 5.0A 


Then taking the weight of steel in round numbers be 10 lb. per sq. in. 
per yd. of length there follows at once for two trusses and bracing 

tr - 2 X 5A X A 

154. Design of Layout. — Successful determination of the best layout 
of spans and piers for a particular bridge crossing requires a thorough 
grasp of the whole field of bridge design and construction, and in addi- 
tion an intimate knowledge of the physical conditions at the site; the 
highest degree of skill and the widest experience in the former may be 
rendered futile by inadequate knowledge of the latter. Adequate 
treatment of the matter is impossible in the usual undergraduate 
course, but the problem is of such importance as to warrant emphasizing 
some of the points involved. 

The student should preface his consideration of the problem by a 
careful reading of a paper entitled, Suitability of the Various Types of 
Bridges for the Different Conditions Encountered at Crossings, * by 
J. A. L. Waddell, which contains an excellent summary of the more 
important factors. 

The necessity for a knowledge of the subsurface condition at the site 
seems obvious, and yet it is often impossible to obtain authority for 
adequate borings. In addition to data on the character and depth of 
foundation materials it is important to know the nature of the stream, 
the seasons at which high water occurs, the elevation of ordinary high 
water and the greatest high water known, whether the stream rises 
quickly and whether it carries drift or ice at high water and in what 
quantities, the amount and rapidity of scour around piers of bridges 
which may have been built in the vicinity, and so on. The design of 

* See Journal of the Western Society of Engineers, October, 1927, VoL XXXII, 
No. 9,* also “Memoirs and Addresses of Two Decades.” 
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the layout will be affected not only by natural features such as these 
enumerated but also by many other factors such as accessibility of the 
site with respect to supplies of labor and materials, War Department 
regulations in the case of navigable streams, and in some cases by 
railways, highways, power lines, etc., which must be crossed by the 
bridge. 

155. Economic Span Length. — In general the best layout of spans is 
that which provides satisfactory service for the least cost, and the item 
of cost should include of course not only the actual expenditure for 
design and construction but also such matters as maintenance and 
renewals, operation, financing, taxes, and so on. The determination 
of the best combination of span lengths in general is a matter of trial 
and error, but a relation between the cost of substructure and super- 
structure may be established for some cases which will aid in selecting 
the best span length. 

In Fig. 207 is shown a profile and bridge layout in which the condi- 
tions affecting the span length approach the ideal. For a given eleva- 
tion of roadway (whether highway or railway) there is little choice in the 
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Fig. 207. — Layout for a Long Regular Crossing. 

location of the abutments, and for the conditions indicated the cost of 
an intermediate pier is practically a constant; i.e., no matter where a 
pier is placed in the river its cost will be a reasonably definite sum.* 
The variation in total cost of the bridge may be expressed in terms of 
the following notation: 

C = total cost of bridge; 

A = cost of the abutments; 

P — cost of one pier; 

L = total length of crossing (assumed fixed for a given crossing); 

I = length of individual span; 

n = number of spans = L/l; 

Cs = cost per pound of steel for trusses (or girders) and bracing; 

Cf = cost per pound of steel for steel floor system; 

* It is evidently tacitly assumed here that the size of a pier is not affected by 
variations in span length and this is substantially true if the changes are not too 
great: it makes little or no difference in the size of a pier whether a span is 175 ft. 
long or 225 ft. long (assuming solid foundations) but of course there would be an 
appreciable difference in the piers for spans of 175 ft. and 675 ft. 
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w = weight, in pounds per foot of span, for trusses (or girders) 
and bracing; 

Wf = weight; in pounds per foot of span, for steel floor system; 
m = cost per foot of bridge of roadway and miscellaneous items 
such as guard rails, light standards, etc. ; 
ib = a factor such that w cc kV^ 


As noted, w cc M, but a little reflection will show that Wf is a function 
of payiel length and does not vary with span length; i.e., for a given 
panel length the weight of the floor system per foot of span is the same 
whether there are six or ten or twenty panels. The quantity m is of 
course independent of span length, except in special cases. 

We may no^v write : 


C = A h ncJkP h c/iv/L h h (n- — 1)P 
Since n — L/l this may be written 


C = A “f- Lcghl CfWfL “I- yuL h 


(f-) 


and 


dC r 1 a, 

— = Lcak = 0 for a mimmum. 

dl P 


That is, 


or 


Csk ~ 


cM — 


Since c^kl = the cost f per foot of trusses (or girders) and bracing per 
foot of span, and P/I = the cost t of substructure per foot of span, we 
have the classical rule that for a minimum the cost of the superstructure 
per foot should equal the cost of the substructure per foot. The 
student will do w’'ell to reflect on the assumptions on which this deriva- 
tion rests in order to get a clear understanding of its limitations. 

* The student should notice that ^ is a function of the total load per foot of bridge, 
permissible stress, and ratio of depth to length, but for a given set of conditions is 
practically constant over a fairly wide range in span length — from 15 to 50 per cent 
depending on conditions. 

t Cost may be interpreted here as including not only first cost but also cost of 
maintenance, operation, renewals, financing, and so on, when it can be shown that 
such charges vary with the span length. 
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A common way of stating the rule of the previous paragraph is to 
say that for a minimum cost of bridge the cost of a given pier should 
equal one-half the cost of the trusses (or girders) and bracing of the 
spans which it supports. This is a correct and adequate statement for 
a crossing such as shown in Fig. 207, but that it may be misleading in 
some cases will be clear from a study of the exaggerated situation pre- 
sented by Fig. 208. In Layout A of Fig. 208 (a) it is presumed that the 
cost of pier A is equal to one-half the cost of the trusses and bracing of 
spans 1 and 2, and that the cost of pier B is equal to one-half the cost of 



/^/er/9 

(ci) Layout A 



(b) Layout B 

Fig. 208. — Contrasted Layouts for a Short Irregular Crossing. 


the trusses and bracing of spans 2 and 3 : in Layout B it is presumed that 
the cost of pier A is equal to one-half the cost of the girders and bracing 
of spans 1 and 2, that the cost of pier B is equal to one-haK the cost of 
the girders and bracing of span 2 plus one-half the cost of the trusses 
and bracing * of span 3, and so on. The rule is then satisfied for both 

* Although the cost of the steel floor system in a truss span is not a direct func- 
tion of the span length and therefore not a direct factor in selecting the economic 
span length in a long crossing, attention should be called to the fact that it may be 
of controlling importance in comparing a truss span with two or three shorter deck 
girder spans. For example, in stud 5 d.ng Layout B, Fig. 208, if the designer wishes 
to consider a single truss span in place of girder spans 1 and 2 he should compare 
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layouts. But the most casual observation indicates that Layout A is 
little short of absurd, and that while Layout B is more reasonable it is 
not impossible that some other combination of span lengths would also 
satisfy the rule and have a smaller total cost for the crossing. 

Study of the problem will indicate that for a long crossing with 
foundation bed at a constant depth (such as that in Fig. 207) the pier 
cost per foot varies inversely as the span length, and the rule is reliable. 
However, for a short crossing with highly irregular profile (such as that 
in Fig. 208) the cost of a pier is dependent not only on the length of 
span hut also on its position in the crossing. Application of the rule to 
short irregular crossings will be at best only a rough guide, and com- 
parison of the total costs of several layouts may be essential to a satis- 
factory solution. 

156. Economic Proportions, — The least weight depth for a built-up 
girder was discussed at some length in Chapter III, and unless limited 
clearances or unusual conditions force the use of a different depth the 
most favorable proportions for a given set of conditions will be indicated 
by the data presented there. 

Because of inadequate information concerning the relations between 
chord and web weights, the effect of changes in panel length, the influ- 
ence of different column formulas, and so on, studies of economic truss 
depth have not been particularly fruitful as yet, and proportions are 
based on what experience has shown wiU give reasonable results. 

Ordinarily the depth of trusses lies between 1/8 and 1/5 of the span 
length, the relaiive depth decreasing somewhat as the span increases. 
In general, deck trusses have relatively less depth than through trusses, 
and light loads call for relatively less depth than heavy loads. Because 
of the latter fact highway bridge trusses usually have a smaller depth 
than railroad bridge trusses of comparable span. With modern loads 
and clearance requirements it is impracticable to use a depth less than 
30 to 32 ft. for through railroad bridges with single track, or 32 to 34 ft. 
for double track. 

Unusual conditions of loading, clearance, width, and so on may com- 
pel depths greater or less than those stated, but truss depths less than 
1/10 of the span are considered undesirable and if used generally call 
for special proportioning to reduce deflection.* 

the cost of the trusses and bracing of the truss span plus its floor system with the 
cost of the two girder spans plus that of pier A, since deck girder spans have no 
floor system. 

* See Art. 104 in the specifications, Appendix A. Similar requirements are con- 
tained in practically all specifications for design. 
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Through trusses are generally built with parallel chords for spans 
up to about 180 ft. for highway bridges, and about 200 ft. for railroad 
bridges. Deck trusses usually have parallel chords up to spans of 300 
to 350 ft. and even longer; in fact the use of non-parallel chords for deck 
trusses eliminates or reduces one of their important advantages, viz., 
lower piers. 

There is no invariable rule to be followed in selecting intermediate 
depths in non-parallel chord trusses. A common procedure is to estab- 
lish the hip and center depths and place intermediate panel points on a 
parabola which passes through the top chord hip panel points and the 
center top chord panel point; this is illustrated in Fig. 209. The 
matter of appearance is important; too great arching of the top chord 
results in a span that looks top-heavy.” Furthermore, too great 
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Fig. 209. 

arching of the top chord may relieve the stresses in the diagonals to 
the point of making them so slender that they will be difficult to design 
and fabricate, and will have a tendency to vibrate under moving 
loads. 

The length of panel and the depth of a truss are related in that the 
angle which the diagonals make with the horizontal should lie between 
45° and 60° — the most favorable angle apparently being between 
50° and 56°. Since the depth of a truss should increase with the 
length of the span it is evident that panel lengths should also increase 
with the span. Within limits, long panels contribute to economy in 
the trusses because of the fewer joints required, but of course the weight 
of the floor system increases with the length of the panels, and these 
effects tend to offset each other. 
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Hard aod fast rules cannot be laid down, but in general panel 


lengths range about as follows: 

Girder bridges 10 to 20 ft. 

Highway truss bridges 16 to 32 ft. 

Railroad truss bridges 22 to 45 ft. 


In order to keep floor weights within reasonable limits and yet 
maintain favorable angles for the diagonals it becomes desirable to 
use subdivided or K trusses for highway truss bridges when the spans 
reach about 320 ft. and for railroad bridges when the spans reach about 
400 ft. Of course, unusual conditions may raise or lower these limits, 
e.g., the necessity for a shallow floor may force the use of subdivided 
trusses for spans less than half these limits. 

157. Design of Girder Spans. — The design of girders was fully dis- 
cussed in Chapter III, and it is intended here merely to add some 
comments relating particularly to girder bridges. 

The first step in the design of a girder span, having decided on the 
spacing of the girders, is to lay out the bracing arrangement. In the 
girder span with a floor consisting of transverse floorbeams and longi- 
tudinal stringers there is little to do but provide a system of crossed 
diagonals in each panel; if the floor system is at the top of the girders 
(as is usually true in highway girder spans) it is necessary to provide 
struts for the bottom lateral bracing, and these struts generally occur 
in the same vertical plane as the floorbeams. If the floor system con- 
sists of closely spaced transverse floorbeams resting on the top flanges 
of the girders the panel length of the bracing should be chosen with 
reference to favorable slopes for the diagonals. In such spans there 
should be cross frames at the points where the bracing diagonals con- 
nect to the girders, and since there should preferably be a pair of stiffeners 
at the cross frames, to form its connection to the girders, and since 
stiffeners must not be spaced more than 6 ft. apart, evidently the 
bracing panels are preferably made multiples of 6 ft. or as nearly so as 
is practicable. 

In railroad deck girder bridges the general arrangement of the 
bracing should be as described and illustrated in Chapter II. The 
first step in arranging the bracing is to locate the intermediate cross 
frames, which, for reasons stated in the previous paragraph, should be, 
as nearly as is practicable, at intervals which are multiples of 6 ft. and 
which design specifications often limit to 18 ft. It is desirable that the 
cross frames be spaced at equal intervals, but this is not always possible; 
the interval between cross frames will generally contain from two to 
four lateral panels. 



DESIGN OF GIRDER SPANS 


443 


The function of the end cross frame is to transfer the end reaction 
from the top lateral system to the masonry abutment or pier, and of 
course its members must have sufficient strength to perform this duty, 
but the proportioning of the members is almost entirely a matter of 
judgment as the stresses are small. The end cross frame should be 
rigid to check lateral vibration. To secure proper rigidity generally 
requires that the top and bottom struts in the end cross frame be com- 
posed of two angles each ranging in size from by 3|- by 3/8 for 
short spans to 5 by 3-|- by 3/8 for long spans while the diagonals will 
each be a single angle 5 by 3^ by 3/8 or 6 by 4 by 3/8 for spans up to 
90 or 100 ft. and two such angles for longer spans. 


,^£f7cf Cross Frame ,'-lnfermec/i'afe Cross Frame 


MHH 

v^\ / 

w 



■ 


k- i 

mm 





^'''Diagonals to Resist lension or Compression 

(cv) 

Single Intersection Lateral System 


rEnd Cross Frame ^.‘Intermec/iafe Cross Frame 


\/ / 


V' / 





\ / 

{X 



X 



X 

X 


^"intermedicffe Sfri/f Girders 

^^Piogona/s to Resist Tension Oniy 


(b) 

Double Intersection Lateral System 


Fig. 210. — Types of Lateral Bracing for Deck Girder Bridge. 


Intermediate cross frames are intended to check relative vertical 
vibration and will perform this duty if composed of minimum sections. 

The top lateral truss in a deck girder span should be proportioned to 
resist haK of the wind force acting on the structure plus the effect of 
wind on the train and lateral nosing of the train. If the bridge is on a 
curve the effect of the centrifugal force must also be resisted by the 
top lateral truss. The bottom lateral truss resists only half of the 
wind force on the structure. 

Both lateral trusses are generally built as single Warren systems and 
hence must have the members designed to resist either tension or 
compression since wind and nosing may occur in either lateral direction. 
Single angle members are generally sufficient but if the girders exceed 
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7 ft. 0 in. center to center it may be necessary to use double angle 
members or to use a double intersection system composed of diagonals 
designed to resist tension only. The two systems are illustrated in 
Fig. 210. 

158. Cover Plate Lengths. — In calculating the required length of 
cover plates for girders subjected to moving loads it is necessary to 



Fig. 211. — Approximate Cover Plate Diagram. 

keep in mind that the moment curve which determines the area needed 
at any section is not a bending moment curve but a curve of maximum 
moments. Consequently in using the graphical method described in 
Chapter III it is necessary to compute the maximum moment at several 
points and construct the curve of maximum moments. After obtaining 
this curve the rest of the procedure is the same as described for a girder 
subjected to fixed loads. 
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The calculation of the maximum moments at several points consumes 
considerable time, and some more rapid approximate method is gen- 
erally preferred. 

A simple approximate method is given in Steel Bridge Design 
by F. C. Kunz.* It is assumed that the curve of maximum moments 
may be represented by a parabola drawn on a base of 0.9L, cut at the 
center and the two sides separated by a distance O.IL. The method 
and its use is illustrated in Fig. 211. The notation is that used in 
Chapter III. 

An equally convenient and somewhat more accurate method was 
suggested to the author by Mr. Sumner Gowen,t and is reproduced 
here with his permission. The method is to calculate the maximum 
moment due to the actual wheel loads at the center and at four or five 
points between the end and the center for a number of different spans 
within the range of span lengths for which plate girders are used. Call- 
ing the center moment one and plotting as ordinates the ratios of the 
moments at intermediate points to the center moment locates points 
on an envelope curve within which any curve of maximum moments 
must lie. Such a curve has been plotted in Fig. 212 from data secured 
from spans varying by intervals of 5 ft. from 30 to 130 ft. A parabola 
(the bending moment curve for a uniformly distributed load) has been 
plotted on the same diagram for comparison. The use of the diagram 
may best be explained by a specific example. Suppose that a girder 
span of 90 ft. center to center of bearing has been designed having a 
flange section as follows: 

1/8 of 100 in. X 1/2-in. web = 6.25 
2 angles 8 X 8 X 3/4 = 19.88 

1 cover 18 X 3/4 = 12.00 

1 cover 18 X 11/16 = 11.00 

1 cover 18 X 11/16 = 11.00 

Total = 60.13 sq. in. net 

The lengths of the cover plates may be found from the diagram as 
follows: For the top cover the ratio of its area to the total flange area 
is 11.00/60.13 = 0.183. Read down on the scale of flange area ratio 
on the right to .0.183 and from the intersection of a horizontal line 
through 0.183, with the envelop curve trace vertically to the cover 
plate length scale and read there 0.472 as the fractional part of the 
span; the theoretical length of the cover plate then is 0.472 X 90 = 

* McGraw-Hill Book Company, New York. 

t Chief Designing Engineer, Phoenix Bridge Company, Phoenixville, Pennsyl- 
vania. 
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42.5 ft. to which must be added a proper allowance as usual. Similarly 
the second cover plate length may be found: ratio of area of second 
cover plus cover outside of it is 22.0/60.13 = 0.366, and the theoretical 
length = 0.638 X 90 = 67.4 ft. For the third cover, 34.00/60.13 = 
0.565, and the theoretical length = 0.775 X 90 = 69.8 ft. 

For the same cover plates Ivunz’s method gives theoretical lengths 

— 

1st cover = 90(0.1 + 0.9V 11.00/60.13) = 43.5 ft. 

2nd cover = 90(0.1 + 0.9V22.00/60.13) = 57.9 ft. 

3rd cover = 90(0.1 + 0.9V^ 34.00/60.13) = 69.8 ft. 

Cover Plcrte Length as a Fraction of Span Length 



Fig. 212. — Cover Plate Diagram. 


159. Design of Truss Spans : Deck. — In designing the floor system 
the deck is the first member to receive consideration. It is assumed 
that the student is familiar with the design of concrete slabs and 

* Students not familiar with, the design of reinforced-concrete slabs should con- 
sult one or more of the standard texts, such as “Reinforced Concrete Design,” 
Sutherland and Clifford; “Principles of Reinforced Concrete Construction,” Tur- 
neaure and Maurer; “ Concrete, Plain and Reinforced,” Taylor, Thompson, and 
Smulski; all published by John Wiley & Sons. 
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the matter will not be discussed here although the specifications of 
Appendix B contain clauses concerning effective width of slabs sub- 
jected to concentrated loads. 

The usual methods of timber design may be applied in proportioning 
laminated or other wood floors but it is necessary to adopt some rule 
for determining the width over which concentrated loads may be assumed 
as distributed in estimating the strength of the floor in shear and 
moment; practice varies considerably, and experimental data for the 
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support of common rules are meager. The diagrams in Fig. 213 illus- 
trate common assumptions in timber floor design. It is usual to 
compute the maximum shear in timber beams or floors not at the end 
but at a section which is three times the depth of the beam, but. not 
more than one-quarter of the span, from the end. Figure 213 (a) shows 
the location of the section and the limits on a. The widths over which 
wheel loads may be assumed distributed at right angles to the direction 
of traffic are shown in Fig. 213 (6) and (c). The Oregon Highway 
Commission permits distribution of a concentrated wheel load both 
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longitudinally and transversely in accordance with the following table 
in which A is the dimension parallel to the center line of roadway and 
B the dimension across the roadway. 


Thickness of 
decking, inches 

A in feet 

B in feet 

2 to 4 

1 0 

2.5 

5 to 6 

1.0 

4 0 


Methods for the design of light-weight floors such as the so-called 
“ Battle-Deck/’ and others mentioned in Art.. 151, have not been well 
established and at present depend largely on empirical data furnished 
by the manufacturers, or on approximate analyses based on arbitrary 
assumptions regarding load distribution and the action of the floor 
construction. The student will do well to estimate the capacity of 
such floors using the principles of mechanics and his own judgment 

, fe , 

I I I r 

ABODE 
Fig- 214. 

regarding load distribution and floor action and compare his results 
with data published by manufacturers. 

160. Design of Truss Spans: Stringers and Floorbeams. — The 
design of stringers for highway bridges requires consideration of the 
fact that loads applied directly above a given stringer may be resisted 
in part by adjacent stringers owing to the stiffness of the deck. For 
example, in Fig. 214 the load applied directly above stringer C will 
be resisted in part by stringers B and D since deflection of stringer C, 
under the action of the load, will necessarily drag down the stringers 
B and D because of the stiffness of the slab. It seems obvious that the 
amount of load transmitted to adjacent stringers depends directly 
on the stiffness of the deck and inversely on the spacing of the stringers. 
Also it should be clear that the more loads there are on a transverse line 
the less help any particular stringer will receive from adjacent stringers; 
e.g., if there were a load above each stringer they would all deflect alike 
and each stringer would be compelled to carry a full load. The dis- 
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tribution of a load, or loads, among the stringers may be studied by 
considering the deck as a continuous beam resting on elastic supports 
(the stringers), but such a procedure is too long and involved for use in 
routine design and recourse is had to empirical distribution based on 
the results of analysis and experiment. The coefficients given in the 
specifications in Appendix B represent current practice. 

In designing floorbeams for highway bridges it is usual to ignore 
the stringers and treat the dead load of the deck and stringers as uni- 
formly distributed along the floorbeams, and the live loads as applied 
to the floorbeam directly; of course the weight of the floorbeam itself 
is a distributed load. The loading for which a floorbeam would be 
designed in accordance with these assumptions is illustrated diagram- 
matically in Fig. 215 for a three-lane highway bridge carrying H--20 
loading: (a) shows a plan of a portion of the roadway, (b) a cross-section 
of the floor, and (c) the design sketch of the loading. Sometimes 
designers treat the dead load of deck and stringers as a series of con- 
centrated loads applied at the centers of the stringers, and of course 
this is more accurate if the dead-load reactions from the stringers are 
accurately known. 

Little need be said regarding the design of stringers and floorbeams 
for railroad bridges. The stringers form a series of deck girder bridges 
supported by the floorbeams, while the floorbeams are girders sub- 
jected to known loads (the stringer reactions) at fixed points. Unless 
floor depths must be kept small the favorable depth for stringers may 
be estimated by the methods presented in Chapter III. 

Floorbeams for single-track bridges with open timber decks are 
best made deep enough so that the stringers may be framed directly 
to the web between the flange angles, as in Fig. 216. For double-track 
bridges the floorbeams will have to be much deeper to keep the flange 
areas within reasonable hmits; the favorable depth may be estimated 
with sufficient accuracy by the methods given in Chapter III although 
the constants used there are not strictly apphcable to floorbeams. 

If ballast decks are used it is desirable that the stringers be framed 
as close up under the outstanding legs of the top flange of the floor- 
beams as is practicable to prevent undue interruption of the ballast 
trough. 

In through bridges it is generally best to frame the floorbeams with 
their bottoms flush with the bottom of the lower chord, as indicated 
in Fig. 216 and on the stress sheet, Plate V. 

In deck bridges the floorbeams are generally framed directly under 
the top chords and the stringers placed on top of the floorbeams as 
indicated on the stress sheet, Plate VI. Special conditions may make 
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it necessary or desirable to modify the relative position of floorbeams 
and stringers, but those noted represent the usual arrangements. 

The flanges of floorbeams in through bridges should be kept as nar- 
row as is practicable to reduce stresses due to elongation of the chord. 




Fig. 215. — Conventional Loading Diagram. 


The situation is illustrated to a greatly exaggerated scale in Fig. 217. 
The elongation of the bottom chord under stress causes the panel points 
to move from the no-stress positions shown in Fig. 217 (a) to the stressed 
positions shown in Fig. 217 (b). Since the stringers do not change 
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length under load the floorbeams are forced into the bent positions 
shown in Fig. 217 (5). The situation is relieved somewhat by yielding 
of the stringer connections, but in long spans expansion points must be 



Fig. 216. — Cross-Section of Typical Single-Track Through Titrsg Bridge. 


provided in the floor system to prevent overstressing the floorbeam 
flanges. For ordinary spans in which floor expansionas not provided 
some bending of the floorbeams is inevitable and the resulting stresses 



(b) 


Fig. 217. — Floorbeam Deformation. 

will be smaller if the flanges are made as narrow as is convenient. In 
deck spans with stringers resting on top of the floorbeams the difficulty 
mB>y be overcome by, providing slotted holes at one end of each stringer 
winch permits relative movement of stringers and floorbeams. 
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161. Design of Truss Spans: Trusses.— The design of tension 
members and compression members was fully discussed in Chapter IV, 
and it is proposed in this article merely to make some comments on the 
proportions of the various members and the relations between them. 
In designing the members of a truss it is necessary to keep all members 
in mind when designing one; failure to do so will result in difficult 
splices and joints, awkward and troublesome erection, and an appear- 
ance of the various members not really belonging together . 

The student should refer again to Figs. 96 and 97, showing the more 
common types of truss members, in connection with the following com- 
ments. 

The design of a truss should begin with the heaviest members which 
are composed of channels (rolled or built) with flanges turned in, such 
as those at {%) and (i) in Fig. 96. The clear distance between the toes 



of the flanges should not be less than 5 to 7 in. Establishing the clear 
distance between the toes of the flanges in the heaviest member with 
flanges turned in will fix the least distance between gussets, and the 
distance between gussets should be constant throughout the truss 
whenever possible. Following this principle usually requires that the 
design of a through truss begin with the bottom chords, and the design 
of a deck truss with the web system. 

The method of approach may be illustrated by briefly considering 
the truss shown in Fig. 218. The design stresses are shown on the 
various members, tension indicated by + and compression by 
Unless otherwise noted the stresses are the sums of live load, impact, 
and dead load; the bottom chords and the end posts are increased in 
area by the stresses due to lateral forces and these are separately indi- 
cated. 
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The first step in the design of the bottom chords is to locate the 
field splices, and a decision on the matter will be influenced by four 
factors: (a) convenience in fabrication, (b) convenience in shipping, 
(c) convenience and capacity of equipment for erection, and (d) con- 
venience in making additions in area from chord to chord. The first 
three factors are somewhat variable and depend on the organization 
and equipment of the shops, on the location of the shops with respect 
to the bridge site, and on the erection equipment. The fourth factor 
depends of course on the variation in stress from chord to chord and on 
the type of members chosen. In this particular case the splices were 
located as shown in the figure. 

It is desirable in proportioning the lower chord that the same type 
of member be used throughout and that the changes in area be made by 


Lo-Lj-Lz 


L2-L3 


Is~L4 


U-Ls 
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1 
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Lo-Li-Lz lz-l3 L 3 -L 4 


r 
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L 

J 






(b) 


U-Ls 



Fig. 219 . 


the addition of plates to the base section without change in general 
form. For example, in the truss under consideration the section is 
composed of two built channels for L0L1L2, as shown in Fig. 219 (a). 
The change in area from L0L2 to L2L3 is made by the addition of two 
full-depth web plates, and it is very desirable that the thickness of the 
added web plates be the same as that of the angles in the base section 
L0L2. The change in area from L2L3 to L3L4 is made by the addition 
of plates between the angles (which can be done without either a shop 
or field splice at Z/3), and here also it is desirable that the thickness of 
these added plates be the same as^the angles between which they are 
placed if possible; if the added plates from L0I/2 to L2L3 and from 
L2L3 to LzLa are not equal in thickness (at least within 1/16 in.) to 
the angles, troublesome fillers will be necessary at the splices. The 
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change in area from L 3 I /4 to ^ 4^5 is made by the addition (in this case) 
of narrow plates inside of the ribs, as shown in Fig. 219 (a) : since these 
plates may be cut off at joint I /4 before the splice there is no necessary 
relation, as to thickness, between them and the other base material. 

The general procedure is the same for all chords, but the details will 
differ in accordance with variations in stress and depth of members. 
For example, the lower chords for the truss in DP21 are built up as 
shown in Fig. 219 (b) and on the calculation sheets. 

The process is necessarily one of cut and try, and sometimes many 
combinations will have to be tried before a satisfactory * make-up can 
be selected. Of course experience in design will gradually develop a 
sense of proportion and suggest suitable preliminary choices. 

Study of the lower chord of the truss in Fig. 218 suggests the follow- 
ing design (based on the specifications in Appendix A) which the student 
should try to improve. 


L0L2 

1168 

at 22.5 t == 51.95 sq. in. net 

4 angles 6 in. by 6 in. by 1/2 in. == 23.00 — 4.00 = 19.00 sq. in. net 

2 plates 28 by 11/16 = 38.50 - 5.50 = 33.00 

Total = 61.50 sq. in. gross = 52.00 sq. in. net 

L2LZ 

1690 

at 22.5 — 75.20 sq. in. net 

Same as L 0 L 2 = 61.50 sq. in. gross = 52.00 sq. in. net 

Add 2 plates 28 by 1/2 — 28.00 — 4.00 = 24.00 

Total = 89.50 sq. in. gross = 76.00 sq. in. net 

* Students often raise the question of what is a satisfactory make-up, and the 
answer is that no hard and fast rule can be laid down. In general the author sug- 
gests that no section be allowed to fall short of the required area by more than 1 
per cent (preferably | per cent) or exceed the required area by more than 1 or 2 
per cent. Sometimes it is impossible to proportion so closely. When there are large 
variations in stress in the chords securing suitable make-up for the heavy-stress 
members may compel considerable excess area in the light-stress members. In 
general it may be said that the heavier the structure the more accurately it may be 
proportioned. 

t The intensity has been increased 25 per cent because of the inclusion of stress 
due to lateral forces. See Art. 213, Specifications, Appendix A. 
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LsL4: 


L4L5 


1976 

at 22.5 = 87.90 sq. in. net 
Same as L2Z/3 = 89.50 sq. in. gross = 76 00 sq. in. net 

Add 2 plates 16 by 7/16 = 14.00 — 1.75 = 12.25 

Total = 103.50 sq. in. gross = 88.25 sq. in. net 

2117 

at 22.5 = 94.20 sq. in. net 

Same as L3L4 = 103.50 sq. in. gross = 88.25 sq. in. net 

Add 2 plates 9 by 7/16 = 7.88 — 1.75 = 6.13 

Total = 111.38 sq. in. gross = 94.38 sq. in. net 


Figure 220 shows the riveting in the body of the member L4i/5, and 
examination of the sketch will show the proper number of holes to be 



L4-L5 

4- is 23.00 - 4.00 ^ mo°"Nef 

Z-P/s 28^^ 38.50 - 530.^ 33.00 

2 -P/s 28 28.00 - 400 24.00 

Z-P/s. /6^h 14.00 - /J5 = 12.25 

Z-P/s. 9 7.88 - 1.75 = 6.13 

Totals //L38°"Gr. S4M°"Nef 

Fig. 220. 



deducted from each piece except that it does not show the hole in each 
outstanding angle-leg which should be deducted because of batten 
plates, or batten plates and lacing. 

Having selected the bottom chords the designer should proceed with 
the top chords and the end posts. The same general method of pro- 
portioning should be followed for the top chords as for the bottom, 
i.e., a base section should be selected for the minimum-stress chord and 
the heavier sections built up of the same form either by increasing the 
web thickness, the addition of plates between the angles, or both. In 
general the cover plate should be as thin as the specifications will 
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permit, and, with the angles, kept constant throughout the chords; some- 
times changes in angle thickness cannot be avoided. It is necessary that 
the width of the chord between webs be at least as great as the minimum 
permissible width of the bottom chord (or web members if the bottom 
chords have flanges turned out) plus the thickness of the gusset plates 
— or 20f in. + ij in. = 22 in. for the truss under consideration, 
assuming 5/8-in. gusset plates (see Fig. 220). It is desirable that the 
relations between depth and width stated in Chapter IV be maintained 
and that the depth be great enough to provide a value of r which will 
permit the maximum intensity of stress for a compression member, 
but the latter may be impossible in bridges having long panels and light 
loads. Care must be taken in proportioning compression members that 
the limits on web and cover plate thicknesses are met. 

To illustrate the points mentioned consider the member U 1 U 2 in 
the truss of Fig. 218, the base section for the top chord. The width 
between webs must be 22 in., and since this should not be less than 3/4 
of the depth the maximum web depth will be 

•I X 22 = about 29 in. 

The maximum permissible stress occurs for L/r ? 56, and r should 
preferably be such that L/r > 56. Therefore 


r < 


m 

56 


or 6.6 


If r = 0.4d (see table of approximate radii of gyration, page 421) 

6.6 

or about 17 in, 

0.4 


With these limits in mind the chords may be proportioned by trial and 
correction. 

Study of stresses and trial make-ups suggest the following design 
(based on the specifications in Appendix A) which the student should 
try to improve. 

U 1 U 2 

1210 

at 15,05 = 80.4 sq. in. gross 

1 cover plate 32 by 11/16 = 22.00 sq. in. 

2 top angles 4 by 4 by 1/2 = 7.50-29.50 

2 bottom angles 6 by 6 by 7/8 = 19.46-48.96 
2 web plates 26 by 5/8 = 32.50-81.46 


Total = 81.46 sq. in. gross 
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U2UZ 


1393 


and C/46'5 
1470 


at 15.05 = 92.6 sq. in. gross 

Same as U 1 U 2 = 81.46 sq. in. gross 
Add 2 plates 16 by 3/8 = 12.00 

Total = 93.46 sq. in. gross 


at 15.05 = 97.7 sq. in gross 

Same as U 1 U 2 — 81.46 sq. in. gross 
Add 2 plates 16 by 1/2 = 16.00 


C/iLo 


Total = 97.46 sq. in. gross 


1238 


at 15.05 = 82.3 sq. in. gross 


or 


1299 


+ 


291 X 12 X 17.9 


15.05 X 1.25 15.68 X 1.25 X 10.98^ 


= 95.5 sq. in. gross 


Same as U 1 U 2 = 81.46 sq. in. gross 
Add 2 plates 16 by 7/16 = 14.00 


Total = 95.46 sq. in. gross 


The student should note that the end posts^ which are preferably 
the same depth as the top chords, may in some cases have a permissible 
intensity of stress less than the chords because of their greater length 
and therefore greater L/r ratio. It is necessary to estimate the permis- 
sible stresses for the design of the end post from approximate L/r and 
L/h ratios and correct these if necessary when definite sections give 
definite values of r (about both axes) and h. 

With the chords proportioned the truss design is completed by 
working out the make-up for the web members. The same general 
procedure should be followed. It should be noted that if the diagonals 
near the center are subjected to reversal of stress it will be necessary 
to provide counters* or to satisfy the limits on L/r ratio. Because of 
the small stress and considerable length the design of compression 
members in the web often resolves into selecting the most favorable 
member having satisfactory radii of gyration — sometimes this results in 
unavoidable excess area. 

♦See Arts. 118 and 125, “Theory of Simple Structures,” Shedd and Vawter, • 
John Wiley & Sons. 
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Consider the diagonal U^Ls of the truss in Fig. 218. Maximum 
L/r permitted is 120. (See Specifications, Appendix A.) 


and 


Assume Ifi-in. web plates. 


r < 


700 

120 


5.84 


5 S-l: 

d < = about 164 in. 

0.36 ^ 

Then 


d = 

k == 

r 


16 J in. 
700 


5.95 


= 118 


r= approx. 0.36 X 16§ = 5.95 
p = 9.64 kips per sq. in. 


285 kips at 18 kips per sq. in. = 15.82 sq. in. net 
198 kips at 9.64 kips per sq. in, = 20.52 sq. in. gross 

2 web plates 16 X | = 12.00 — 1.50 = 10.50 sq. in. net 

4 angles 4 X 3§ X f = 10.67 — 3.00 = 7.67 

Total = 22.67 sq. in. gross = 18.17 sq. in. net 


The student should check the radii of gyration and note that the 
44n. legs of the angles must be against the web and have gage lines 
2f in. from the backs in order to satisfy the limit on web thickness. 

In designing the verticals it is important to keep in mind that all 
intermediate hoorbeams should have the same connection * and to 
proportion the members to permit this. 

162. Truss Bracing. — Space would not permit a thorough discussion 
of the design of bracing even if the subject were one permitting a 
theoretical presentation. There is no part of the design of a structure, 
whether bridge or building, more dependent on judgment and experi- 
ence, particularly for ordinary structures such as are dealt with in this 
text. But it is also true that adequate bracing is one of the most 
important requirements in a good design; some designers would con- 
sider it the most important. 

The principal difficulty in designing bracing is due to the very 
small stresses which result from the assumed lateral forces. This is 
particularly true of highway bridges and of the unloaded chords of 
railway bridges of moderate spans. In such cases the stresses are 

* Floorbeam and stringer connections, as well as truss member connections, are 
often made by drilling the holes through metal templets, and to keep the number of 
templets small all connections having the same stress should have the same number 
and arrangement of rivets so far as is practicable. 
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likely to be so small that almost any section chosen will be more than 
adequate so far as area is concerned, and members which are in com- 
pression must be proportioned to satisfy L/r requirements while ten- 
sion members should bear some relation to the size and importance of 
the structure. Study of existing structures designed by, and of designs 
prepared by, recognized engineers will aid in forming good judgment. 
The illustrations in Chapter II will furnish helpful ideas as to what 
has been done in bracing some structures. 

The bracing between the loaded chords of railway bridges generally 
will have calculated stresses sufficient in magnitude to lead to satis- 
factory choice of mem- 
bers, at least in the 
panels near the ends. 

In railroad bridges 
longitudinal forces re- 
sulting from accelerat- 
ing or braking trains on 
the structure may result 
in rather severe bend- 
ing stresses in the flanges 
of the floorbeams, at 
right angles to the 
plane of the web, un- 
less such forces are 
transmitted to the 
main trusses by means 
of traction frames. In 
single-track bridges it 
is sufficient to provide 
a transverse strut be- 
tween the points where 
the main truss laterals cross and are connected to the stringers. Such 
a strut is shown in Fig. 221 (a) as ab, and with the laterals, floor- 
beam, and stringers forms a queen post truss Lo-a~b-Uo-c-d which 
transmits longitudinal forces to the main trusses. A traction truss in a 
double-track bridge may be formed, as shown in Fig. 221 (5), by the addi- 
tion of members a, b, c, d; e, c; f,b; g, c; and h, b. When the floorbeams 
in a double-track bridge are so deep that the bottoms of the stringers 
are a considerable distance above the bottoms of the floorbeams it 
may be necessary to raise the plane of the main truss laterals from 
the bottom of the floorbeams (the usual level) to the bottom of the 
stringers. If this cannot be done a complete and separate traction 



Fig. 221. — ^Traction Frames for Single-Track and 
Double-Track Bridges. 
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frame may be provided either in the plane of the tops of the stringers 
or in the plane of their bottoms. 

In single-track railroad bridges the struts, such as ab, in Fig. 221 (a) 
should be provided in each panel as shown in the figure. In double- 
track bridges one traction frame may be provided in each panel, as 
has been done in Design Problem DP21. Although a frame in each 
panel is not necessary it is desirable that such frames be provided at 
intervals not exceeding about 100 ft. In double-track deck bridges 
the introduction of traction frames is relatively simple, but in through 
bridges they may result in troublesome details. 

The forces for which traction frames are designed are applied along 

the stringers, and their mag- 
nitudes will be determined 
by the number of panels of 
tractive or braking force 
which the frames are assumed 
to provide for. When one 
frame is designed to provide 
for several panels the forces 
may become fairly large. 
The forces acting on a 
frame for one panel of 30 ft. 
in a bridge designed for E-60 
on two tracks may be as 
shown in Fig. 222; the 
forces in (a) will determine 
the design stresses for the 
chords and the diagonals 
except fb and gc, and the 
forces in (b) will determine 
the stresses for the latter. 
These forces are based on the braking effect given in the specifications 
of Appendix A. 

163. Illustrative Material. — To supplement the foregoing discussion 
there are presented for further study the design calculations, DP21, 
two railroad bridge stress sheets, and some typical joint details for 
the bridge designed in DP21. Lack of space prevents the inclusion 
of highway bridge material or the details for an entire structure. The 
student will do well to redesign typical members, using different design 
specifications, to detail some joints other than those shown, and to 
study the designs as a whole with a view to improvement. 

The design calculations, DP21, are for the bridge crossing shown 




(b) 

Fig. 222. 



Assumed Ai/era^e Pier | 


ILLUSTRATIVE CALCULATIONS DP21 



T. M. and H. Raifroad Br/olge at M.P. 168,35 


Z 3 


DP 21 

Double Track 
Railroad Bridge 
r928 I zc.s. 
Sheet / ofWi-3 


e'-6" . I 

c.tos. eirders 
or Striugfers 


Mom. J --m.S 

say SxfO T/es /2'^c. too. Wdo/70 


Raiis efo. 


Ties S^ySxW^SSi 

GuarciTim6ers-^^xZxS= 40 


Specdicafiors 
A.S.C£. WZ3 ^ 


live load: 

R- 60 Double 
Track 


Rook Bolts etc. 


= 7 

Total - 580 ^ of Track 


. , . TZ-n60*/r of Bridge of Span i Fixed by 

Determmat/op of Approaoh opans -< Street and Railroad Clearance 

FpproaoJ, Spaas: Sirders on Piers [ ^%irRlfiil'and PJap P/afeM 

^Base ofRallR/0.0^ 
rfopof 

: ^ Y - r Masonry ^565' 

cznil j. R/er Holume 

1 5'-o\ under 5x27.5 ^137.50' Coping 6xZ8.5xl5xif 9.5 yds.^ 

Coply 12x34.5^ 4 J4°^ Base 13x36.5 x4x-if $1.5 

I 1 5haftCJ37.5r4r4i- Vd7.5x474)^x^ - 497 

I I 1 ^ Bxaavatior? Holume dds.^ 

^ 16x38.5 xZSxjf^SZSyds.^ 




t -Averaye Cround 
linellev. Abt 465X5 


^ (Suitable foundation 
^WSedElev. Abtt42.6' 



Tier Cost 

598 yds. cone. & ^75.50 - ^$270 
5ZS '' exc. e T.Z5 = 660 
^8980 


Cost of girder spans, Su j 
3/00 per ton. 

Cost of I- Span = Cost of t- Pier ^ ’tfo^ooo 

Wt. of hSpan, Z- Tracks = = 700 Tons 

n n /- 9 * , I -Track - 700,000^ 

7512 = 700,000"^ Approx. 

L = ..SIS' spaa ieagfh 


^ The student should note particularly that these are NOT the specifications printed 
in Appendix A. 

t See Szlapkas"* formula. Art. 153. 


DP21. 
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Track » £80^/ (Sheet J) 
Stee/ ^r26C -^I£l 


Totat ^ t840t^/f 

•^■/= S204f/rcf^/r£ar 


Max. Mcme/rt 

l.l.^3533'k 

7S7cImp.^Z7S6 
877 

Totat 


Max. P/er /teactha Mar. Shear 


Sf^J6‘J£x-^^U.9 


7U6'f( 

8ez8f/0.St. 
& m ^ S3.9‘^f^/7et 
ei4J^ £7.8°f'ffr 


jL,L = 3/S.3 
££%/mp.- 173.3 
P.i. * 78.9 
Total « £67.Sf< 
ff46°^'a/7 
masonry 


l.L = 794,Zff 
79% Imp. = 7S3.Z 
D.L 33.8 


Total = 386.0k 


(S> W 
®7Z * 
@24 = 
@744-^ 
@70.5^ 


Weh Sp/ice 


3Z.Z^"/7et 

7 6.7 teas 
26.8R7vs.as. 

36.8 " ha.w. 

.6= ers.^^on 

masonry 


j — ^ 


'C.0.f/ar7gre 


Mom. P7s, 


\ 




£99.3 Y 
( 74.0 J 


74.0 J 


'x6.2£^'^--77.2£^7r„et 


■^7^7.67'', £X 


lif- 


ts 


7.63" 


T/se Z-Mom.p/s. 70x-% =-Zx7x-%=77.38^"nef 

- ^^- ^ ^ --/ZJ'^tSr/yets each s/c/e ofcaf 
70.6 

S/7ear P/s. 


f/aj70e 


(m-Z4)xi ..SS.O‘’"nef 


ad Span 


l£r/Vets eac£ s/c7e a feat 
7"‘6 3-rowS ** ** 


l/ae Z-S/reerrP/. fSVx^" 


DP21. 




ILLUSTRATIVE CALCULATIONS DP21 


77 M. and H. Ra//roacf 8r/c/cfe af- M.R 168.35 

Approach ^pa/ 75 : (Co/ii) 


GirtSf/ers 


r-Weh lOO/j 
Z - doH ^ 8 kSx-% 
/- n f8x-% 

/- P/. (Ao 

1- Top 8x8x^ 

J- ** PL 18x-% 

1 - PL uLo 

8 - End Stiffs. 6x4x-^ 
4 - End f/ f/s I4x-% 
3Z- fnt Stiffs. exSixi 
4 . - /nt. Pi I Is 8ix-§ 
4~5pLPJs. fOx^ 

Z- « " isixis 

Z - SoLe F/s. /8xi 

Piv. Lids, etc Zi% 


3i % excess = 

= SO.OO^^^gr. ^ = 8.28°" i =^8.33 G>I700*Ar8£.Z'^ 

^ 24 68- 3.2S=Z/43+ eZS=Z768 &> 42 0 x 8S 2 -- 
^ 14 63- 1.63^ J300-h2768 =4068 e 49 7 xS52 = 
= do = J3 00 i-40 68 = 53 68‘^"net & 49 7 x4SS = 


= Z4 68-h 3.33=3301 
= 14 63 4 33.01 = 47 64 
= 74.63+47.64 = 62.27 
= 4 X 5.38 X. 75 = W.J4‘^"o.s/egs 

Sr/mp. ex. at. or. frames 


(?420 X3S2 
(§>497 X85Z 
(§497 X48.5 
(§236 X 82 
§387 X 7.0 
§ 77 7 X 82 
(§97 X 74) 
§27.6 / 30 
§275 X S3 
§536 X 7.2 


Wind 30x7ix9.5=430 


DP 21 

Doub/e Track 
Ra/Lroad Bridge 

~ 7928 I TC.S. 
Sheet 3 of 76+3 

= 570 

'= 74,480 
= 7750 
= 4240 
= 2410 
= 7150 
= 4240 
= 2410 
= 1620 
= 7080 
= 3070 
= 270 

= 230 

= 290 

= 730 I 

50,700= 707,4004^ 


Top latera/s 

a±^x4.56x-^-- 

75 6.50 


.7x6000 = 600 X 5.6 '=4.56 Vpanei 

= ± 42.2^ § 6 = 7P 7-L 5x3ixf § 16.8x6.4'x2 = 275 

± 36.6 § 6 = 6R 7~L5x3ixi & 73.6x do =175 

±37.4 § 6 = 6R 7-L5x3jxje §72 Ox de =755 

±26 5 §6 = 5R 7-L5x3ix^ & 10.4x do =135 

± Z2.7 §6 = 4R 7-L do § WAX do =735 

± 18.7 §6^3P) 

± 74 5 3RY7-L 3ix3ixi § 8.5x6.4'x5 = 270 
± 77.3 3R] 

Oefai/s =835 


Bott latera/s 


ALL 7-l3ix3rxi § 8.5 


Cross frames 


Oefai/s =835 

7920 xl 

X6.4'X75 =815 
Oefai/s =575 

7390 X 7 


= 7,920 


Sfrafs Each 2-ls 3-kx3ix^ § 8.5x 6.2x4 - 270 
Dlags. l-L 6x4x^ §72.3x70 3x 2 = 255 

Sefa/Zs - 725 

~WxZ 


/nr. 

Struts Eac/i 7-1 SjxSixi § 8 5x 6.2x2 = 705 
/Oia^s. " 7-1 do § 8.5x70.3x2= 775 

Details - 700 


7bta/ £xc/ud/ng Bgs. fO\ 
Bay mjOOf 


DP21. 
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T. M. and H. Rail road Br/c/^e af- M.R 168.35 


Yruds Spar/7 FJoor 


S iring(?rs 


DP 21 


Doub/e Track 
Ra//road Bnc/ge 


1928 I Tas. 


Sheets orfS±3 




j 30'~0^'c toe. 



Mom. 

l.L. = 6J5.8'^ 

704% 647.0 
ix30^X.S7D.L - 64J 
To fa/ -7320.9'^ 

-r- 4.ss^m^ 

P 76.0 = I8.06°"ne/ 
P 74.6 = 79.78°"s^r. 


Assumed Dead Loac/ 

Trac/( = S80 
5 tee 7 ^ 860 
rofa7 -7740^// ^ 

2 -S704// of s/r. 


//fax. S/rear 

LL = 94.6 
704%/mp- 98.5 
^x.57D.L == 8.6 
Tota/ =Z0LF 

P JO -20.77^fr. 

P 7Z ' J6.80°'Pet 

p /4j^ J4 web r/vs. ds.P7.83~26r7os.5p. web 
P 6,0^34 f/e/d 5-5. 



P 28.7X29.9'- 

1720 

PZ4.ZX 

4.8'^- 

470 

P 23. Ox 

3.9'= 

360 

P 10.4X 

4.8'= 

650 

P 8.9x 

3.9'= 

30 



Z40 

14,800* 

= 2 X 

7400* 


7 -Web 58x4 ^ 27.8°''0r.A8.O’’'Wis-2.72°'''i =3.6Z P 74.0x29.9'- 2210 

Z - Botf. 19 6x6 xi; = 76.88 -7.50^ 75.88 i- 2.72 ^ JS.IO‘"def P Z8. 7x29.9'- 1720 

2- Top ^ do = 16 SB 73.62 = 20. 50O"^r. 

4 - Bad Com. 79 6x6x4 
4- Bad Ft 77s 9x4 

13- 7nt. SHffs. 5 X 3^x4 cr/mped except 1 af C.F. 

/“ F777. 3rx4 

7?7x.Fds.etc. 37o 

3rac7n0 

477 7atera7s 7-134 x3ix4- P 8.577% x 6.9' x 6 ^ SSO 

beta 7 7s - 210 
5604 

Cross Frame 

2 -For. IssixSjX^ P 8.5 x 6.2' = 

2-P7aa. is do P 8.5 x 7.9' « 135 
De/ai/s - 700 
340 


560 


340 

75,70077x20^ 374,000 

■^30 '-‘525*% 



T^ex/sed D. I . 

TracTc 580 
3 tee 7 525 

7705*% ^ 2 -553*% ofsfr. 

say 555 *// ofstr. 

Stringer SracTrets 


7 -Web i"T7?7(. - 80 

2- For. 3 6x4x-§ P 12.3x2.2 - 55 
2- Vert. F do P 12.3x4.8^-720 
2- Biag.F 3ix3jxiP 8.5 x4.7=^ 80 
F77fs - 75 

Fiy. Fds. etc. „ - 70 

4204x8= 


3,360 


Sheet 377,360* 


DP21. 




ILLUSTRATIVE CALCULATIONS DP21 467 


Truss span : Floor (Cont) 
Infermecf/afe Floorbecrm 


I I I 


\6’-3'’ 


T I 
3@Sie'W9'-S''\ 




LL =/2$A^ 
'67%Jmp,^ 86.B 
P.L = 16.7 
232.9^ 


DP 2/ 


Double Track 
Raf/roacf Bridge 


1928 


T.C.S. 


Sheet 7 of 76 +3 


Forward 3/7,360 


32-0'^c.loc.Trusses ^ | 


Max.Mom. LL = 2453'^ 
/mp. ^1648 
CorJoD.L^ 3/8 
64 

Total =^4488^f< 

4-7.30' = S/S^F/g.St 
@76.0 ^ 38.45 

76.0-.iSr^@75.7 ^ 40.85 °"gr. 


/ir/ax. Shear LL^ 2S8.8 
7mp.=^ 773.6 
, Coj?c.D.L— 33.4 
.Jx# UnIf.D.L = 8.0 


L L J L JL_ 

r r ijr ijr 


Total = 473.8^ 

@70 ^47.38°"gr. 

@72 = 39.4°" net 

@74.4 = 33 yVelf rfys. d.s. 
@77.8 ^40 ” « bg. 

@6.0 =-79-80 f/elcl rws. s.s. 


/‘7Veb 88 = 49.50°"gr., 39.9°"net i= 6.79, i=8.25 

2- Bolt. IF Sx6x§ = 78.78- 3.25 =74.93 + 6.79 =27.72 
/- Boff.Pl. 73x§ = 70.56- 7.63 = 8.93 +27.72 = 30.04 

7- do do = do = 8.93 +30.04= 38.97°"net 
2’ Top IS Sx6x§ = 78.78 + 8.25 = 26.43 
7 - Top P7. 73x3 = 70.56 +26.43 = 36.99 

7- do do =70.56+36.99 =47.55 °"gr. 

4- EndCQnn.75 SxOxa- 

4‘£/?dF777s. 9x§ 

4 “ 7nt. Stiffs. 5 x3^x^ Cr/mped 

8 - Seat 75 4x4xi 
8 - ^ Stlf7s.3zx3^x4- 
8- ^ Fills. 3kx-j§- 
Ptv. lids., etc. 2^% + 


3% excess 760 
@ /68.3-x 30.7 = 57704h 
@ 37.0 X 30.7 = 

@ 35.9 X 30.7 = 

@ 35.9 X 78.0 = 

@ 37.0 X 30.7 = 

@ 35.9 x30.7 = 

@ 35.9 X 78.0 = 

@ 24.2 X 7.3 = 

@ 24.9 X 6.4 = 

@ 70.4 X 7.3 = 

@ 9.8 X 7.7 = 

@ 8.5 X 7.8 = 

@ 9.7 X 7.7 = 


EfFectrve Floor D- L on’ Truss 

2x75,700 = 37,400 
75,000 


7-!ntF7bm. 


7 -Str. Panel 
7 Int. F/bm. 



X 9 = 735,000 


46,400"^ Total Int. Panel 

4-30 = 7545 
Say 7550tt/r of Bridge 


Sheet 


452,360 


DP21. 
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DESIGN OF STRUCTURAL STEEL FOR BRIDGES [Chap. 7. 


T- M. and H. Ra/froae/ Bridcte af M.P. 168.35 


Truss Spar? Floor (Co/tcJ. ) 


^W4JLL 
8670 LL = 90,0 Imp. 


DP21 


Double Track 
Rail road Bridge 


1928 


zc.s. 


Sheets oflSrS 



Forward 4SZy3S0'^ 


Max. Mom. L L - 1989 
$670 /mp=l7n 
.^2 Coro. O L.= J8J 
Ax^-l/wf. D.L^ SI 

Total ^393Z'I< 

-r 7.30^- S39f^ 

<? 16.0 = 33.66^"ret 

eiS.I = 3S.7OO»0r. 


Max. Shear LL = 709.4^ 
86 7o Imp^ 180.0 
Core. 9.L- 19.0 
,4X^ (Jnif. D.L= 6.4 
Total = 4l4.8f< 


(? 10.0 * 
IS> 1Z.0 « 
<? 14.4 = 
(® 10.5 = 

e 6.0^ 


41.48^^'ar. 
M.SI^^'pet 
ZSrivs.incorn. 19 
40rus.8g. orweh 
70fieMrivs.s.$. 


37o exoess - 135 

88x-k ^ 44.0^^'^r.,36.50^"/?etJ^5JO^';i-^7.33*'^(^l49.6x30.0^4490 
6x6 xde * ^6.56 -2. 75-12.81, i- S50 ^18.31 (® 26. 5x30.0^ 1590 

$.94-1.38- 7.56,-118.31-25.87 30.4x30.0=^ 910 

cto ^ 756,-^Z5.87^33.4€^^/7et & 30.4x17.5^ 530 




erSxff 

do 


-15.56, 17.33^22.89 
= 8.94,122.89-31.33 
= 8.94, 131. 83 ^40. 77°"gr 


1-Web 
Z- Soft, is 
l-Bott.PI. 

1- do 

2- Top I9 
1- Top PI. 

1- do 

4 ~ FrrdCopp. & 6x6x4 
4- End Fills 9x-% 

4- Seert l9 4x4x4 
8 -Stiffs. SixJjxi 

8" Fit Is. 3iX-^ 

4- Irt. Stiffs. 5x3-5 x4 (See Int. fIFm.forIocatIo/7)CrImp 
kiv. Hds. etc. aH 3-5 % 

Tblal for TEnd FI bn?. 


& 265X30.0=1590 
e 30.4x30.0= 910 
(s> 30.4X17.5= 

&> 24.2 X 7.3- 
<P Zf.OX 64= 

@ 9.3 X 1.7= 

(s> 8.5x 78= 

<s> 8.ZX 1.1= 

(9> 10.4X 78= 



- 25,800 


Floor Total = 478,160^ 
(Exo/ad In^ Traction Frames) 


DP21. 




ILLUSTRATIVE CALCULATIONS DP21 


77 M, an<^ //. Railroad Bndae af M.R I 68.35 


Truss Span Assumed Deac 


Trusses 


, odldltr^ 


Member D.L 
UiLo -€99 
U 1 U 2 -692 
UzU3 - 800 


Assumed Dead Load 
Track * 1160^' 

Floor = 1550 
Tn&Br. » 5/ 00 

Total = 7810*A of Bridge 


DP21 


Double Track 
Railroad Bridge 
J928 I T.c.s. 
Sheet 9 of 16 i- 3 


LoU 'l2 13 l4 is 


LL 

Imp. 

Totals 

Design St 

Vr 

5, 

Req. Area 

-1240 

-224 

-2/63 

-2/63 

5/ 

13.42 

l6I.Z°"gr. 

-1201 

-2/6 

-2/09 

-2/09 

33 

1430 

/47.4°"gf- 

-1382 

-247 

-2429 

-2429 

34 

14.30 

I69.8°"gn 

-1440 

-259 

-2550 

-2550 

U 

14.30 

/78.Z°"gn 

-1438 

-259 

-2567 

-2567 

34 

14.30 

/79.8^"gr. 

F 806 

F/45 

F 1411 

F 14/ / 


16.00 

883°"net 

FII70 

F2/1 

F2057 

F2057 


16.00 

/28.Z°"net 

F1363 

FZ45 

F2397 

F2397 


16.00 

I49.6°"net 

F1435 

F256 

F2538 

F2538 


/6M 

/58.3°'det 

F 259 

F 174 

F 5/2 

F 5/2 


16.00 

3Z.0°'^net 

- 390 

F 148 

- 94 

F 80 

- 660 

F 52 

- 686 

F 78 

59 

/2’JZ 

S4.0°"gr. 

- 302 

F 230 

- 82 

F 101 

- 465 

F 250 

- 590 

F 375. 

66 

12.10 

16.00 

48J8^'^gr. 

23.4°'^net 

- 245 
-F 299 

- 78 
Fin 

- 337 

F 396 

- 506 

F 565 

77 

l/./Z 

16.00 

45S°''gr. 

35.3°"net 

F 96 

F 17 

F 133 

F 133 


/6U)0 

8.3Z°fnet 

F 661 

fI39 

F 1135 

Fl/35 


16.00 

71.0°"net 

F 494 
- 134 

F//9 
- 73 

F 8/0 
- 10 

F 8/5 
- 15 

70 

16.00 

50.S°%et 

F 402 
- 209 

F 161 
- 92 

F 672 
- 192 

F 768 
- 288 

80 

16.00 

10.86 

48.0°’'net 

26.5°"gr. 

F 338 
- 278 

F108 

-103 

F 490 
- 337 

F 659 
- 506 

85 

16.00 

10.43 

4l.2^^net 

4SS°"gn 


DP2L 






DESIGN OP STRUCTURAL STEEL POR BRIDGES [Chap. 7. 


77 M. anJ H. Pai/roac/ Bric/cre af M.P. IS 8.35 Uyeload 




Stresses 



Railroac/ Bridge 
1928 I r.c.s. 
Sheet 9cr of 16 -tS 


.Fl/ ^10^ 780^ 35.0 ' ^ 


/L / ' 

/SO =ZO.SS' 
10 ^ 180 * 35.0 


^ {Dead Loaef 78l0*/r of Br, 

'§1 ^z^3m*/fofrr. 

<S I 

H x30 = 33.Z 332 


load 21 & 240=7200*/r ' 

'^X 230.9 ^91.8 

X 7.2 ^631 3 Teas. ^1 


Load 13 & 60 “ 8480*/r 

dfx7S=/t.S ,s.0'/V, 
X848=148>^refff^/ (/ 


}Lxiil^A66 

10^ 180 


= 40.7 

T. 38.Z 3.78.9 
38.2 

'80 = niJh 


Infersect/on Ofs-fances 

UWZ (^-1)30== 120' 
Load IS 8c 210 =7420d/r \ 

. UzUsm-zjso^ WZ' 

X22S=SZ.3 

X7.42^390’^Con7p. d3l/4 (-j'-3j30- 380' 
U4US {^^-4)20-^1380' 


X 30^ 12.69'/ 


, 10 282 42 jOO 


Load l^Sc 60^8580*// 1 

■429^J^y^f>^ KH 
•^X/2.7-15.0 2 ^492 ^D.61 _ 

j X 8.38^734'^ COfOp. 10^ 282^ 42.00 


[<^£x—=.409 
1/7^ 10^ 282 


resets., S' 


Load 17 & 210 * 740047/f 

'iMx 2273 ^66.6 

x 7.4 =494* Teas. 


Load IS & 180 = 7€Wd/f 

'^x 193.2 =39.6 

x7.61 =302* Comp. 
Load 17 & 90 =8ZZ0^/r 

X 106.3 = 27.9 
X 8.22 =230* Teas. 


■ X 30 =14.17/ 


\^£^mx^x.S41 

^ 10^ 500^ 47.00^ 


Load 16 Sc 180 *= 7S80*/t 


Load 14 &90 = 82904 /(^H 

I ASA. 

^X104.2=ZS.Z 
^ X 8.29= 209* Comp. 


\lxi££x^=484 
10 500^ 47.00 ^ ^ 


'-X 193.8 =33.0 
X7.38 =402*Teps. 


^±x^=.S80 
. 10 300 


Load 12 & ISO = 7830*/f 


Load IS & 120 = 7SSO*/r 
'i^X 1377 =37.4 
^ X 7.98 = 299* Tens. 


-,X30=12.35' 


\£rm 344 

10 300 


''-X 162.3 =30.8 


x7.es =i4St Comp. 


DP21. 





ILLUSTRATIVE CALCULATIONS DP21 


77 M, and H. Railroad Bridge at M.P. 168.35 


Live Load Sfresses (Cone!) 








DP2I 

Double Track 
Railroad Bridge 
1928 \ T.C. S. 
Sheet 9 Cz of/6i-3 


10 U LZ L3 14 L5 


5 ^ 1380 ^ SB. 3! _ r;>;c 
JS30 ^ SO.OO^ 


10 1530 50.00^ ^ 

load J5 and /20 = 8040*/> 

-^x !34.S = 34.6 
^ x8.04 ^ 278 Comp. 


Load 15 and 150 = 7780^/' 


765.2 =43.4 
^ X 7.78 = 338^ Tens. 


UrU 43.7 x6 = 258.6^ Tens. 


Loll = i.806^ 


35.0 30.00 


1213 -h7'770^ 


8180 X 6 ^ 30.83 


42.0 30.00 


x4^= -7207*^ 


L3L4 A?4 - f = -^1363^ 

_»= 4Z0 


U2U3 B€375l. X MdL = .^1382^ 

47.0 30.00 


L4L5 = 47435^ 

==* 50.0 


U37J4 -^7440^ 

50.0 30.00 


U5L5 ^x7438xZ= 4 96^ 


72,200x6.. 30.02 


57.0 30.00 


-1436^ 


DP21. 
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DESIGN OF STRUCTURAL STEEL FOR BRIDGES [Chap. 7. 





ILLUSTRATIVE CALCULATIONS DP21 


4 : 


77 M. and H, Railroad Br/dae af M.P, 168.35 


Truss Spar 


Bof-fom Chord 


DP2I 

Double Track 
Railroad Bridge 
J9Z8 I y:c,s. 

Sheet 10 ofI6-h3 


"V 1471^ 

€>76^8e.ZS^"/?el 

2 -Webs 27x-% = 43. 8 B - 6.50 = 37.38 

2- " 27 X 5 “ 40.50 - 6.00 ^ 34 50 

4- B 6x4 x-^ = 21.24 - 4.60 == 16.74 

705. 62 °"gr. 88. 62 

x3.4^359*/f x60' 



73f\o.foo. 


= 27,5404!^ 

x4 = 


86,760=4^ 


+ 2057h 

<s>76^728.2<^''nef # 

Same as I 0 L 2 = 705.62‘^'^n-77.00 - 88 . 62 °^'/ 7 ef 
2- Webs 27x4 = 30.38 - 4M « 25.88 'If | 

2- P/s. 74 yx4 ^ 76.32 - 2.25 - 14.07 ^ 

752. 32^^0-23. 75 * 728.57°"/id [SL 

X 2.4^ SIS*/, X 30^ ^15,540 


75 o.foo. 


~1-2357P 

<?> 76^ 745.6 

Same as IZ 23 = 752. BZ^^gr-ZS. 75 = 728.57 o»/ 7 e/ 

2- P/s. 25xi - 35.00 - 4.00 ^ 21.00 

n7.32°'^0f:-Z7.75 - 745.57^^'/7el 

xS.4 ^ 6544//f x30' 



L4L5 

T2538/^ 

(p>76=^158.3°f'r?ef 

Same as l3l4 *= l/Z.BZ'^^ar-Z/./S * 745.57°''re/ 
Z-P/s. 5xf = 17.25 - 2.50 = 3.75 

- 788.57^"^r.-30.25 = 758.32^f^m/- 
X 3.4 -64247// x20' = 



llllLI J 

I 79i'l\o.foo. 


Sheet 297,840* 


ajf The student shou/d rote lhaf p/ac/re the shoe pin befoi// the /nterseoHor point 
(See P/ateiM) resu/ts ir be/rd/rp stress In loiZ and IhlO under t/ie action of 
longitudinal forces: he should make an estimate of the probable and possible 
mapn/tudes of these stresses and for/n an op/m'on as to fhe/r importance. //? 
some cases area must be added fo the members concerned to care for the 
stresses, /r this bridpe the norma/ members v\/ere found to be ade/Yuate. 


DP21, 
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DESIGN OF STRUCTURAL STEEL FOR BRIDGES [Chap. 7. 


77 M, ancf N. R^^i/road Bridge af M.R WS.35 

Truss Spa/7 

Top Chord a/u/ Posh 
UiLo 

(i^/3.4Z^/ar =/<f/ Z°^'ar. 

f-Cov. PI SZx^ = Z4:00°^' 

Z-Topl^ 4r4x-§ = 3.2Z 
2- BoH 14 $x6xi - 79.46 
2-BoHfIs. Bx-% ^ 77.26 
Z- Web Pis. 29x 4 -- 43.$0 
do 29 X-^ = 39.88 

2- Side FIs. 7Sixf = 73.88 

767.79^'^^r. 


DP2J 


Doub/e Track 
Railroad Bridge 


1928 


T.C.S. 


Sheet 17 of 16 -h 3 


Forward 297^840^ 


rs^fKB 





^^betweld^^' 


XS.4= S48=7t/, X 46.7' *= 26r800 


x4 = 


lOiaOO^h 


(/7ll2 

-2109^ 

(? 74.30Vrff- 74l4'^'^ffr. 

1- Cov.PK 32x4 ^ 24.000^' 

2- Top IS 4x4x4 = 9.22 
2-BoHLs 6x6x4 = 79.4$ 

2- » FIs 6x44 « 11.26 

2' Web Pis. 29x4 = 43.60 

2- " ZSxJjL = 39.88 


rs ^77.8 



r^^I7.4 


U7.37or'0r. 

XS.4- 607*/r X 30.8' 76,430 


7/27/3 

-2429^ 

74.30 2/vfr^ 169.8 7^" 

Same as i/iSz ^ 747.37 
Z- Side P/s. 76ixf ^ Z3.7Z 

770.43'7''ar. 


x4 = 
.rs^77.9 


67,7272 


n 

4 





1 

/ 





X3.4^ 6S0*/r X 304' ^ 77,620 


7/31/4 8c U4US 
-26674 

<S? 74.30 IM * 77S.8^"ffr 
Same as i/i7Jz -747.37°" 
2-S/deP/s. 784x4 ^ $2.38 



70,460 


J79.6$°"0r 

X3.4= 677*/r X 30.1'av. = 78A00* 

X4 « 7/37/4 


^ 73,600 
604,84046 
7/47/6- 73,600 
678,44041= 


DP21, 



ILLUSTRATIVE CALCULATIONS DP21 


T. M, and H, Rafiroacf Bric/ae af M.P. 168.35 


Truss Spar? 


DJaaona/s 



Double Track 
Railroad Bridge 
1928 I T.C.S. 
Sheet 12 of 16 i- 3 

Forward 678^440^ 


7J3Sf< 

710^" ref 


4- Webs 27x4 
4~ 6r4x. 


= 60. 7S°^>' - 6.78 = S4.00 
= 2J.Z4 - 4.50 ~ J6.74 

81.99 - 11. 25 = 70. 74 


x3.4 ^278=^/f x4610^ = 72,820^ 


1/213 

V- 815 h 76h/ar = 50. 94 °''ret 
- 15 

2 - Webs 26/4 ^ 39.00 - 4.50 = 34.50 

4-15 6 x 4 x 4 ^ 21.24 - 4.50 = 16.74 

60.24 - 9 . 00 = 51.24 


X4 = 
^rg—S.88 


r^=9.08-^ 


- 9.00 =51.240'^ret i 
2054b/f XS7.6' = 70,600 


1/324 

1 768 16^/ar =s 45 00 - 

-288 

2- Webs 24x4 ^36.00 -4.50=21.50 

4- 15 6x4x4i = 21, 24 -4.50 = 16. 74 

57.24 - 9. 00 * 48.24 ^"re/ 

X34 =1854t/r X55.8' = 


1S4'\o too. 


x4 = 

^rg =8.86 


1/415 

7659 Pl6.0h/aff =41.20 °"nef 
-506 610.4 48.70 


0^8.21 


2- Webs 23 xi =28.75 -3.75=25.00 

4- 15 5x4xfg = 2124 -4.50=16.74 

4899^''51/:-8.25 =47.740''r7€i- 
X3.4 =170F/f X58.3' = 


rg = 8.88 


855,860 



DP2L 
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DESIGJv^ OF STRUCTURAL STEEL FOR BRIDGES [Chap. 7. 


T. M. and H. Railroad Bridcje of M.P. 168.35 
Truss Span 


DP2I 


Double Track 
Ra/lroad Bridge 


ms I 


Sheet 13 of /S -p 3 


i/erffcafs 


UlLr 


Forward 855^260 


@16^/°^'= 32.00 ^"net 

/‘Web /Oxi = 7.J3°'^- 0.75 = 
30.24 -4.50 = 


6.38 

25.74 


S'^/egs.-^ 

o.s. 


37.37 - 5.25 = Sl.lZ^'^net 
xB.4==127Wt X 35.0* 


-T 

\j9t 


^ 4450^ 


UzLl 


686^ €> 72.72^/°*^== 54.0°**gn 
f 78 

2~Webs 24 = 36.00 
4-l§ 4x4x-^= 18.44 


r. = 8.5$ 


54.8S°*’gr. 

x3.4 = 787=^7! X 42.0* 



7850* 


U3L3 


’-530^ <P 72.70^°*^- 48.75 °”9r. 
■h375^ @ 76.00 = 23.42°'dei 


'ne7 

Z-mbs Z4xji = 33.00 - 5.50 - 27.50 
4- IS 4x4x§zz 76.7Z - 4.50 = 72.22 


rg-8.88-^^ 

r,=6.55^ ' 


49.71 - 70.00 - 39.7Z°"net 
x3.4 = 769*/' X 47.0' = 7950* 


p.foo. 


U4L4 


506^ @ 77.72^/°^== 45.50°** an 
-hS£5^ @76.00 = 35.30°'^ net 


Z-mbs 22 x^ = 30.25 - 
4-10 4x4xi^ 75.00^ 


r^=^7.8Z-^ 


5.50 = 24.75°'* 
4.00 = 71.00 


45.25ll-9.50 = 3S.75°**net 
x3.4 = 754*/> X 50.0* 


r 

1 

- 

L 

J 



79^o.foo. 


= 7690* 


i/sLS 


4 733^ @ 76.00=- 8.3Z°**net 




4-79 8x6x§ = 23.72-3.50== 20.ZZ°"net 


79r[\ 


X 3.4 = 80.8*^* X 57.0* = 4730* 


77,800 


X 4 = 31,400 


4 = 31,800 


X 4 = 30,760 


X 2 = 8,250 


Sheet = 975,380 
Tota7 For Trusses Wfthoui Detaits 


DP21. 



ILLUSTRATIVE CALCULATIONS DP21 


DP 21 

r. M. onJ H. Rmi road Bridge af M,R 168,35 ~D ouFfe 1 yack 

Railroad Bridge 

1928 I T,C.S, 

lalera/ Porces Top Chord BoH. Chord Sheet J4 of 78 r3 

Wind on Truss 27(dt/f 27Cdt/r 

» w Floor 270 

From Train 600 10% of BOOO'^/r 

Totals Z70*/f 1140^/r 

xSO^ = 8.1 Vpunel 84.Zh/panel 

10(P30'^300' ^ 


Truss Span 
Bottom laterals 

30^=^ 300 
32^ = 1024 
43.$^= W24 


Lo Li L2 13 L4 \L5 L6 L7 l8 19 Uo 


to 3876^43270 
S3 43 36 28 27 75 10 6 3 7 


Consfa/!f*=^x^x^^2.34 Max. unsupported ren0:^J?=e.Sx-^-S.9t'=WT'> 
a=ZS4x4d=-trOSX0 6.O = rsfle/dr/ys. {%%_7i^2F7l] 

b= » X3e = ± S4 <?e.0^>4 ” t, 71] 

C= >. X 28 ^± ee & 6 . 0 =n » » [VfJJZ, i-^Sxm^F, ^] JL 

d- •’ x21-± 49 &e.0^S ” {%%7J7.s Fr] } -IL 

e^ « X15=± 3S &6.0- S ’> .. {%’f,iJFzF]- S'* 


1- Fane/ a 4- P 3x6x4- ^ 14.9*/rx 41.1'av. = 24304 = 
/- rr b 4~19 6x4x4 e 7L8 X47.7 - 2020 

/- c 4-lS 3x3jx4^ 70.4 X41.1 n 7710 

/- d do @ 10.4 X4U » = niO 

/- e do (P T0.4 x47J « « 7770 

Peta/ls afyera 0 e aht. tSOtXper panel •= 3730 


= 3730 
13430* 

xZ = 


Traction Frames 

£2 ^ Fr^ ^ s 

L V £i Strlngel^ p 

\/'\ MT-i Truss '\i 

^Fach diagonal l-lSj-xS-fX^- 
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by Plate IV. The specifications for design * may be found in the 
Transactions of the Am. Soc. C.E., VoL 86 (1923), page 471. 

The design of the single track through truss span, shown by the 
stress sheet Plate V, was governed by the General Specifications for 
Steel Railway Bridges issued by the American Railway Engineering 
Association, 1910 Edition; they may be found in the 1915 Manual of 
that society but are more generally available in the Structural Engi- 
neers^ Handbook’^ f by M. S. Ketchum. 

The design of the double-track deck truss span, shown by the stress 
sheet Plate VI, wns governed by the General Specifications for Steel 
Structures” of the Southern Railway* Company, 1911 edition. These 
specifications are not generally available but are substantially the 
equivalent of the A.R.E.A. 1910 referred to in the preceding paragraph. 

* It should be particularly emphasized that these specifications are not those 
printed in Appendix A: the permissible unit stresses and other requirements are 
materially different, and it is important that the student familiarize himself with 
them in connection with his study of the design calculations of DP21. 

t McGraw-Hill Book Company, New York. 



CHAPTER VIII 


STRUCTURAL WELDING 

164. The practice of making connections between parts of steel 
structures by structural welding has developed almost entirely within 
the last twenty years. Structural welding, in the modern sense, first 
became of practical importance about 1915,* and since that time has 
become a recognized and widely used tool of the structural engineer. 

It is the purpose of this chapter to present very briefly the con- 
ventional methods of designing the simpler forms of welded connections. 
It is not the author’s intention to enter into a discussion of the accuracy 
of the conventional methods so far developed; in spite of their defects 
and approximate character they perhaps do not suffer in comparison 
with the conventional methods of design of riveted joints except in the 
amount of accumulated experience with the product. 

The art of structural welding is in the process of development and 
its experience record is still for the most part to be found in the pages of 
technical magazines and society publications, but two recent books, 
“Arc Welded Steel Structures,” f by Gilbert D. Fish, and the “ Pro- 
cedure Handbook of Arc Welding Design and Practice,” t have begun 
the systematic recording of data and design methods. The Journal of 
the American Welding Society is also a fruitful source of information, 
and the student of the subject must keep in touch with the publications 
of that organization. 

166. Types of Welding. — Welded joints in the modern sense are 
almost universally produced by fusion welding. Fusion welding is 
defined as “ The process of joining metal parts in the molten or molten 
vapor states, without the application of mechanical pressure or blows.” § 
At present, fusion welds are most commonly made by means of an elec- 
tric arc which locally melts the parts to be joined and also melts the 

* See paper presented before the Philadelphia Section of the American Society of 
Civil Engineers on March 14, 1928, by Frank P. McKibben, entitled ^‘Arc Welded 
Steel Buildings at West Philadelphia Works of the General Electric Company.” 

t McGraw-Hill Book Company, New York, 

t The Lincoln Electric Company, Cleveland, Ohio. 

§ “Code for Fusion Welding and Gas Cutting in Building Construction,” 1930 
Edition, American Welding Society. 
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weld-rod which is used to add metal to the joint. There are two types 
of electric arc welding: the more common uses the weld-rod as an elec- 



Courteay of H. M. PriesL 

Fig. 223. — Methods of Structural Welding 




Wel(s/ fncf Welcf 

Fig. 224.— FiUet Welds. 


trode and is known as the metallic arc method; the other uses a carbon 
electrode for melting the parts locally as well as the weld-rod, and is 
known as the carbon arc method 
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Oxyacetylene or gas welding is used to some extent; the method 
makes use of heat derived from the combustion of acetylene gas (or 



SECTION A-A 


Fig. 225.— Fillet Welds. 


\^EE'-Weld 

Dimensions^ 


1 illllillilllllllllllilllllllllllllilll 


j Roof— 

L._ j 
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j<— We fcf Length ">j 
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1 i m j 
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r ^ 

- Weld Length — > 

(a) 

We/d 
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rl"”n \ 

1 

1 j:r Roof-^^ 




(b) 

^ Thraaf^<^ 

(See also defwWon ) 

1 under 3, page 508} /• 


Fig. 226. — ^Fillet Weld Terms. 
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some other fuel gas) in a stream of oxygen or air at the tip of a blow- 
pipe or torch, in place of the electric arc. Gas welding is similar to the 
carbon arc method in that the flame is used merely to melt locally the 
parts to be joined and to melt the weld-rod which adds metal to the 
joint. 

The methods of welding just described are illustrated in Fig. 223.* 

166. Types of Welded Joints.— Structural welds generally fall in 
one of two classes: (a) fillet welds, and (b) butt welds. 

Fillet welds are illustrated in Figs. 224 and 225, and in Fig. 226 are 
illustrated the terms commonly used in describing them. Fillet welds 



i 0) 


Fig. 227. — Butt Welds. 

may be deposited along the sides of the parts to be connected, and are 
then referred fco as side welds, or along the ends of the parts and then 
called end welds. Side and end welds are used to some extent in com- 
bination although some designers consider this an undesirable practice, t 

* Reproduced by permission from a paper ‘^The Practical Design of Welded 
Steel Structures” by H. M. Priest, Journal of The American Welding Society, 
August, 1933. 

t The objection which some engineers have to combining side and end welds is 
based on the belief that the end welds (owing to smaller elongation in the direction 
of stress) will resist the major portion of the load and that the side welds will be 
relatively ineffective until failure of the end welds occurs. That there may be some 
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uTTt! 


I 


Butt welds, as the name implies, are used to join the edges of plates 
in alignment as illustrated in Fig. 227 (a, 6, and c). Butt welds may 
also be used to join parts at right angles to each other as shown in 
Fig. 227 (d). The edges 
to be joined may be 
prepared for welding 
by forming single or 
double vees as illustrat- 
ed, or they may be 
joined by an open- 
square butt weld. The 
author is indebted to 
Mr. H. C. Boardman of 
the Chicago Bridge and 

Iron Works for the information that that organization has found it 
feasible to weld 3/4-in. plates together with a square butt weld, with 


(a.) S/ot We/d (b) Plug or Rivet Welds 

Fig. 228. — Slot Welds and Plug or Rivet Welds. 




(a) 


r [RirnTmTiTl 

Fig. 229. 


X 


(c) 


no gap between the abutting edges, with one pass on each side using 
the carbon arc process and adding practically no metal. 

In addition to fillet and butt welds structural practice makes some 

use of slot welds and 
plug or rivet welds. 
These forms are illustrat- 
ed in Fig. 228, and Fig. 
229 shows how weld 
metal may be deposited 
in the slots or holes. 

167. Welding Clear- 
ances and l^sitions. — In 
depositing welds it is considered desirable that the electrode be held at 
an angle of about 45° with the work. Also it is necessary that there be 

basis for the belief is indicated by test results given in the “Report of Structural 
Steel Welding Committee of the American Bureau of Welding, published by the 
American Welding Society. The committee reported tests on 105 specimens with 
side and end welds combined. Of the 105 specimens 23 broke in the main bar and 
82 through the welds: “Where fracture took place in the weld, in all four series, the 
end weld ruptured first, after which the side welds sheared through.” Quoted from 
page 68 of the report. 









486 


SmUCTURAL WELDING 


[Chap. 8. 


clearance between the side of the electrode and nearby metal of about 
1/4 to 3/8 in. These requirements place restrictions on the location 
of welds and width of slots with respect to thickness of metal; which 
must be kept in mind in designing welded joints. The points mentioned 
are illustrated in Fig. 230. 

In addition to the matter of clearance it is important to remember 
that the welder should be able to get a clear view of the joint he is 
welding. The easiest welds are made downward, i.e., on top of a hori- 
zontal plane. Vertical and horizontal welding are said to be fairly easy, 
though not so fast as welding downward on a horizontal surface. Over- 
head welding is slow and difficult and should be kept to a minimum. 

The various types of welds and location terms are illustrated by the 
sketch shown in Fig. 231. 



Fig. 231.— Types of Welds and Location Terms. 

168. Strength of Ordinary Welds. — ^Present design methods assume 
the strength of a weld to be proportional to its throat area, i.e., the 
product of the throat width and the length of the weld. (See Fig. 226.) 
The strength of the weld is then the product of the throat area and the 
permissible intensity of stress. The '‘Code for Fusion Welding and 
Gas Cutting in Building Construction '' gives widely accepted allowable 
intensities of stress which have been established as a result of the 
experimental investigation of welding sponsored by the American 
Welding Society. These stresses are quoted at the end of this chapter. 

All fillet welds, whether end, side, or combined, are treated as shear 
welds and are designed for a permissible intensity of stress of 11.3 kips 
per sq. in. of throat area. It would seem that end fillet welds (see 
Fig. 224) might be classed as tension or compression welds, and the 
experimental studies referred to indicated that in general end welds 
are about 35 per cent stronger than side welds, but these studies further 
indicated the strength of end welds to be more erratic than that of side 
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welds, and in some cases minimum values for the two types differed by 
only 8 per cent.* 

Butt welds are designed in accordance with the character of the 
stress to which they may be subjected — shear, tension, or compression. 

169. Strength of Shielded Arc Welds.— The intensities of stress 
given at the end of the chapter are intended for ordinary welding with 
bare electrodes. Welds made by the shielded arc f process are claimed 
to have a strength 20 to 50 per cent greater than that of ordinary welds 
and a ductility from 100 to 200 per cent greater. Some designers allow 
intensities of stress 20 to 30 per cent greater than those given at the end 
of the chapter when the welding is done by a shielded arc process. 

170. Fillet Welds: Direct Stress. — The design of fillet welding for 
members in direct stress is very simple in principle. The stress in the 
part to be attached divided by the safe stress per inch of weld gives the 
number of inches of fillet weld required to make the connection. 

The relation 

Sw = SD kips per in. (149) 

in which Sw = the permissible stress per linear inch of fillet weld, 

D = the dimension of the fillet, 

is very convenient in computing the strength of fillet welds and should 
be kept in mind. The relation is shown in Fig. 232. 

* “Report of Structural Steel Welding Committee of the American Bureau of 
Welding/^ page 103. 

t Shielded arc welding is a term applied to a process of fusion welding in which 
the arc is surrounded by, and the molten metal bathed in, hydrogen or other suitable 



gases. The gaseous shield for the arc and weld is generally produced by the use of 
coasted electrodes- Figures A and R, taken by permission from the “Procedure 
Handbook of Arc Welding Design and Practice” by the Lincoln Electric Company, 
illustrate the difference between ordinary arc welding and shielded arc welding. 
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= 24 of we/c/ 'r-4 = strength 

T crater 

SY'welct length each side 
Fig. 233. — ^Fillet Weld Design. 





FILLET WELDS: DIRECT STRESS 


489 


The proportioning of fillet welds for two simple cases of direct stress 
will be found in Figs. 233 and 234, The notation of the welds is in 
accordance with the report of the Committee on Nomenclature; Defini- 
tions, and Symbols of the American Welding Society. The committee 
recommended a series of symbols and notes for use on drawings of arc- 


ABBREVIATIONS AND IMPORTANT NOTATIONS 


5W-Shop Weld FW- Field Weld CW- Continuous We/d 
Continuous WeJd - Des/pncde when length is not given 
Genera! t/ote {On Vrwgs) - AH Fillet We/ds ■§■" unless noted 


SYMBOLS 


WELD 


FI/WDAMEWm 
SYMBOL 


METHOD USED 
FOR SECTIONS 


SYMBOL AS USED 
IN PLAN OR ELEYA T/ON 


NearSide 






Mm . 


Length 


— vn TTT /A — 

FarSide 






3 




Length 


GizeCf" . 
understood! ^ 


VJ 


Both Sides 





SYMBOLS FOR CHAIN INTERMITTENT WELDS 


Size (Omit if | 

Length\ 


iy^S(P6- 


f C- C. spacing of We/ds 


k 



Show section through we/d giving 
necessarg^ information for preparation 
of the Joint, its assemhig and wetding. 


ABBREVIATIONS AND SYMBOLS 
FOR USE ON DRAWINGS OF 
BUILDINGS, BRIDGES AND OTHER FRAMED STRUCTURES 
(ARC AND GAS WELDING) 

Approved hg American Welding Sociefu Nomenclature Committee JuneW33 
E^cecut/ve Commitfee June 1033 


Fig. 235. 


and gas-welded steel structures. The recommendations are reproduced 
in Fig. 235. 

The welding in Figs. 233 and 234 is distributed in each case in 
accordance with the principle that the centroid of the resisting forces 
developed by the welds should coincide with the center of gravity of 
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the member. This is obvious in Fig. 233, and a little reflection will 
show that in Fig. 234 the resisting capacity of the welds on the 

backs and toes of the angles 
should be inversely proportional 
to their distances from the cen- 
troid of the angles. A simple 
and convenient graphical method 








f 




-J 

1 

i 


to t^s U- 60.6^fobacks -->J 



Fig. 236. 



the backs and toes of the angles 
is shown in Fig. 236 for the mem- 
ber of Fig. 234; it is applicable in 
any case. 

171. Fillet Welds: Bending. — A simple case of fillet welds in 
bending is shown in Fig. 237. Assuming that the bracket plate is 
not in actual contact with the column flange (contact should not be 






Fig. 237. — Fillet Welds in Bending. 


assumed unless positive measures are taken to ensure it) the distribu- 
tion of bending stress over the height of the welds will be as shown in 
Fig. 237 (5) if the beam formula is accepted; distribution of shear over 
the height of the welds will then be as in Fig. 237 (c).* The student 

* It is important for the student to see clearly that the distribution of shear 
shown in Pig. 237 (c) follows as a necessary consequence of statics if the distribution 
of bending stress is as shown in Fig. 237 (6). It is known, however, that the beam 
formula as ordinarily stated is not applicable at an abrupt change in cross-section, 
and that at a section where such a change occurs there will be a concentration of 
stress on the outer fibers. Since the total tension must still equal the total com- 
pression, and since the product of either total tension or total compression and the 
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should particularly note that the relations (see Fig. 237 [6] and [c]) 


_ ^ 


distance between their centroids must stiU be equal to the bending moment at the 
section, we may expect the distribution of bending stress at the section to be some- 



what as shown at (a) in the accompanying figure. Assuming that the equation of 
the curve of stress distribution may be taken as 

y — ciSy 

as shown at (b), and adopting the notation of the figure, we may derive, if M — 
bending moment 

M 

5 ^ = F2(n+2) — 

When A; ~ 1, i.e., y — this becomes 

s = 2 (n 4- 2) (a) 


The accompanying distribution of horizontal shearing stress must be as shown 
in (c) and may be expressed by 


(n 


+ 2 


+ 1 




The maximum of course occurs at the neutral axis and is 



WTien n = I the relations (a) and (6) necessarily reduce to the commonly stated 
formulas for rectangular beams. 

The reader will note that as n becomes large the bending stresses are concentrated 
more and more in the outer fibers and that the distribution of horizontal shear 
approaches uniformity. 

The amount of stress concentration to be expected depends on the ratio of the 
increased depth to the original depth, and on the ratio of the dimension of the fillet 
connecting the different depths to the original depth. The matter has been inves- 
tigated and discussed by applied mathematicians and experimenters, and their 
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and 


Vw = 


3 F 
2 h 


give the maximum bending stress and the maximum shearing stress 
per inch of height. It is assumed for purposes of design that the corre- 
sponding intensities of bending stress and shearing stress may be 
found by dividing these stresses per inch of height by the throat area 
per inch of height of the welds. This may be illustrated by assuming 
the following data in Fig. 237 : 

P = 40 kips 
e = 6 in. 

A = 16 in. 

Then 

il/ = 40 X 6 = 240 in.-kips 

and 

Sw = — 77 ::; — = 5.63 kips per m. of height 

16 " 

X f = 3.75 kips per in. of height 

If the welding consists of two f-in. fillets the corresponding intensities 
are then assumed to be 

5 63 

Bending stress = ^ == 10.6 kips per sq. in. 

^ 2 X 0.375 X 0.707 

3.75 

Shearing stress ~ ; = 7.1 kips per sq. in. 

^ 2 X 0.375 X 0.707 ^ 


conclusions are well summarized in “Advanced Mechanics of Materials,” by F. B. 
Seely, published by John Wiley & Sons. 

The character of the material is a significant factor in determining the importance 
of the stress concentration from the viewpoint of the designer; and the same is true 
of the character of the load. For ductile material and quiescent loads the stress 
concentration may be relatively unimportant, but for brittle material, or ductile 
material under vibrating loads it is likely to be important. The material used by 
the structural engineer is in general ductile, but deposited weld-metal may lack 
ductility unless special care (such as the use of coated electrodes) is taken. The 
author tentatively suggests for welded bracket connections similar to the one in 
Fig. 237 that n = 2 be used for fixed loads, and ri = 3 orn = 4 be used for repeated 
loads such as would occur if the bracket supports a crane runway girder. 

It should be clearly understood that formulas (a) and (6) are not presented as 
exact solutions (the author does not know how the bending stress is actually dis- 
tributed in cases such as are considered here) but merely as an approximate method 
of estimating the stresses at sections of abrupt change. Of course the formulas as 
given are applicable only to rectangular homogeneous sections. 
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The preceding paragraph illustrates the analysis of stress in welds 
resisting bending. The design process will generally require the calcula- 
tion of h for a given weld size. For example, assume the same load and 
eccentricity and calculate h given that the welding is to consist of two 
3/8-in. fillets. Then: 


Moment = 6 X 40 == 240 in.-kips 
Permissible = f X 0.707 X 13.0 * == 3.45 kips per in. per fillet 


h 




6 X 240 


6.9 


= 6.9 kips per in. for two fillets 
= 14.5 in. — say 15.0 in. 


Similarly for shear: 

Permissible Vu, = f X 0.707 X 11.32 = 3 kips per in. per fillet 


A = X f = 10 in. 


= 6 kips per in. for two fillets 


The depth determined by bending is the larger and should be used. 

It will be of interest to redesign this connection making use of the 
method of allowing for stress concentration suggested in the footnote 
on page 490. Assuming that the curve of stress distribution may be 
represented by the relation given in the footnote, with n = S, we have 


and 


sb 


lOM 


h 


4 


10 X 240 
6.9 


18.7 in. — say 19.0 in. 


Investigation for shear will give a shorter length than in the previous 
solution. From (b) in the footnote 


Then 

A = ^ X I = 8.67 in. 

Based on stresses given on page 508 under Permissible Unit Stresses,^' 
^'Maximum fiber stresses due to bending shall not exceed the values prescribed 
above for tension and compression respectively." 



494 


STRUCTURAL WELDING 


[Chap. 8. 


In a connection of the kind under discussion the height should be 
computed on the basis of both shear and moment and the larger height 
used. If the height is determined by 


1.^ 

e 

' 

^ shear the critical intensity will be at 

the neutral axis. If the height is de- 
^ termined by moment there may be 


1 

^ shearing stresses near the top or bottom 

■NX 

1 

t of the beam (not horizontal) having 


I 

-N an intjeiibiuy gieauer T/iian bnaij ar une 

II 


1' be less than the I'-ntf^-npity 


t 

I' In some cases it may be desirable 


I 

to make a deep bracket with inter- 


I 

^ mittent wields as shown in Fig. 238. 


1 

^ It should be clear that the number of 



1 weld lengths required may be esti- 


1 

mated in the same way as the number 



of rivets required to resist a given 
moment. The relation given in 
Chapter V 


Ism n — 1 

n - -yJ X 

» Wp n 

Fig. 238 . 


may be applied if 

n == number of weld lengths in a line; 

p — pitch of weld lengths, i.e., distance center to center weld lengths 
(see Fig. 238) ; 

W = strength of one weld length. 


Application of this procedure may be illustrated by assuming the 
following data in connection with Fig. 238 : 

P = 70 kips 
p = 4 in. 
e = 2 ft. 


w = weld length = 2 in. actual, if in. effective (f in. for crater) 
Assume f-in. fillet welds on each side of plate. 

Then; Moment = 70 X 2 = 140 ft.-kips 

= 1 X 0.707 X 13 X 2 X If = 13.8 kips 


^4 


140 X 12 X 6 n - 1 
X 


13.8 X 4 


n 


13 
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172. Welded Connections: Beams and Columns. — The types of 
connections for beams and columns used for welded construction are 
illustrated by Figs. 239, 240, and 241 which were taken from a paper 
by Frank P. McKibben presented before an annual meeting of the 



Fig. 239.— Structural Details. Sketches of Connections of Beams to Beams 
in All-Welded, and in Shop-Riveted, Field-Welded Buildings. 


American Welding Society; they are reproduced here through the 
courtesy of the author and the society. The following comments on 
the details shown are quoted from the original paper: * 

* Journal of the American Welding Society, May and June, 1933. 
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Structural Details for Buildings 

Typical connections of beams to beams illustrated in Fig, 239 require no milling 
of beam ends, except perhaps at the right end of that at B where two webs are welded 
together directly- In general, beams are ordered with the usual mill tolerances as 
shown at left end of A. 



Fig- 240-— Structural Details. Sketches of Column Splices in All-Welded 
and in Shop-Riveted, Field-Welded Buildings. 


In designing bracket angle supports as in D, provision must be made for the shear 
and for bending in the outstanding leg near the angle fillet, or rather in the vertical 
leg at the base of angle fillet because the moment is really a maximum there. An 
interesting but simple study may be made of this by equating the slope of outstanding 
1^ to that of the supported beam. 

As a matter of fact, if the angle’s outstanding leg and the beam’s bottom flange 
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be welded sufficiently as in C, the state of stress in the outstanding leg is materially 
altered because it becomes essentially a part of the beam but bending remains in the 
vertical leg. 



Figure 240 illustrates column splices with intervening bearing plate at D between 
upper and lower column sections of different sizes, also with direct bearing at F for 
column of siTTnlar sizes. Attention is called to the arrangement in upper sketch at 
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H for simplifying field welding of column splice plates on the rear side of a column 
located against a masonry wall of an existing building. By using, on the rear flange, 
a splice plate wider than the flange, the field welding is easily accomplished from the 
front. 

Figure 241 depicts connection of beams to columns for all- welded, as well as for 
shop-riveted, field-welded buildings, most of w^hich are typical of designs suitable 
for carrying vertical loads and bending moments. For example, at E the “wind'' 
brackets consist of upper and lower tees cut from I beams as commonly used in similar 
riveted construction. The vertical loads in this case are carried by the lower tee, 
the outstanding stem of which is strengthened by tw^o 6 in. by f in. plate stiffeners. 
At F, two connecting plates are used at the top flange instead of a tee. This sketch 
also shows plate stiffeners under the lower tee at C. In top flange of sketch J a slot 
weld is utilized to increase the length of the weld. Attention is called to the existence 
of a patent claim on the angle seat supporting the beam between the column flanges 
at D. 

Although nearly all building connections shown in Figs. 239, 240, and 241 require 
erection bolts, it is of interest to state that two patented details, utilizing welded 
interlocking devices in place of bolts, are available for erection purposes, and are so 
arranged that holes in beams and columns are largely if not entirely avoided. 

In the same paper Professor McKibben gave some valuable data from 
actual welded buildings; these data are reprinted in the following table. 

Through the courtesy of Professor McEubben and the General 
Electric Company, Figs. 242, 243, 244, and 245 are presented. Figures 


Courtesy of Frank P. McKibben and The General Electric Company. 

Fig. 242. — Dallas Power and Light Company Building, Dallas, Texas. 
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* Field connections for all lateral, including seismic forces, arc-welded. Direct loads carried on shop-riveted connections, 
t In tower, 17. 
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242 and 243 show actual welded connections in the 28-story Dallas 
Power and Light Company Building at Dallas, Texas; Figs. 244 and 
245 show actual welded connections in the 14-story Edison Electric 
ULuminating Company building at Boston, Massachusetts. 

It is important for the student to note that continuity in welded 
connections may be inevitable unless special care is raken to provide 
flexibility. For example, in the connection shown in Fig. 246, com- 
plete continuity is present and should be designed for. It would be 
incorrect in this case to design the flange connections for the wind 


Courtesy of Frank P. McKibben and The General Electric Company ‘ 

Fig. 243. — Dallas Power and Light Company Building, Dallas, Texas. 

moment only; since complete continuity is present the moments due 
to both vertical and lateral loads must be provided for. The web 
connection generally would be designed under the assumption that its 
sole duty is to resist the end shear. Of course the web connection 
actually resists some moment but its amount is insignificant in com- 
parison with the total; it may be taken into account, however, and the 
method of doing so is suggested in Fig. 246 (6). Although the maximum 
shear per inch of height must be as shown in Fig. 246 (h) if the beam 
formula holds the height h would generally be determined under the 
assumption that the shear is uniformly distributed along the web con- 
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nection. Such a design procedure is in a sense consistent with the 
method by which the working stresses for welds were established, 
but it is important for the designer to recognize the approximate nature 
of the procedure. It is essential that there be some provision for 
supporting such a beam until the welding can be done, and this may 
be accomphshed by some such detail as that shown in Fig. 246 (c). 



Courtesy of Frank P. McKibben and The General Electric Company, 

Fig. 244. — Edison Electric Illuminating Company Building, 
Boston, Massachusetts. 


173. Welded Plate Girders. — Plate girders of moderate size may be 
fabricated by welding the parts together. The general arrangement 
and connection of the parts may be as indicated in Fig. 247. The 
proportioning of the section may be carried out by the same methods 
employed for riveted girders whether the design is made by the approx- 
imate flange area method or the more exact moment of inertia method. 
Or the flange area method may be modified by the procedure discussed 
in Chapter III, Art. 80, and the accuracy of the design will be com- 
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parable with that of the moment of inertia method, with considerably 
less computation. Of course the student will notice that 1/6 of the 
web may be considered as flange area in designing by the flange area 
method, since no holes need be deducted. 

The welding of the flanges to the web may be continuous or inter- 
mittent; if the former is used the rate of change of the flange stress 



U A ^ 


Courtesy of Frank P. McKibben and The General Blectric Company^ 

Fig. 245. — Edison Electric Illuminating Company Building, 

Boston, Massachusetts, 

will determine the minimum size fillet, and if intermittent welding is 
chosen the pitch for a given weld size and length may be calculated 
by the same methods used for riveted girders. 

When two or more cover plates are needed the added plates may be 
made wider than the base cover, as in Fig. 248, or narrower as in Fig. 249. 
If the width of a cover is more than about 20 or 30 times its thickness it 
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should be connected to the base cover by means of plug or rivet welds as 
shown in Fig. 248. 

Stiffeners may be single flats welded to the web continuously or 
intermittently. Intermediate stiffeners may be designed and spaced 




by the usual rules. End stiffeners should be designed as columns rather 
than by bearing on the ends : design by the latter method, though satis- 
factory for riveted girders, is not suitable when the entire stiffener is 



Fig. 247. — Typical Welded Girder. 


bearing and does not engage a large mass of additional metal. The 
length of the column may reasonably be taken as half the depth of the 
girder, and if the outstanding width of the stiffener flat is not more than 
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12 times its thickness the radius of gyration may be taken about an 
axis coincident with the center line of the web. These requirements 
for end stiffeners are illustrated in Fig. 250; in all but the most excep- 
tional cases compliance with 
these requirements will result 
in a design stress for end 
stiffeners of 15,000 lb. per sq. 
in. under the A.I.S.C. Speci- 
fications.” 

Plug We/ils:^ 


r ofsftffener co/. equal 
to r of shaded areas 
about this axis 

Fig. 250. 

Welded crane girders having a cross-section like that shown in 
Fig. 251 are ideal for cranes and spans of moderate size. The design 
may be carried out by the same methods used for similar riveted girders. 
Calculation Sheet DP22 illustrates the design of a welded crane 
girder similar to that shown in Fig. 251. 

174. Welded Trusses. — The discussion of welded trusses 
in this text will be restricted to moderate-size building trusses. 
Welded trusses of large capacity may be and have been de- 
signed, but the complications and difficulties involved can- 

j not be properly discussed in the limited space of this chapter. 

The design of welded trusses differs from the design 

i of riveted trusses in that the selection of shapes and ar- 
rangement of joints generally will require more careful 
^ study. The ideal toward which the designer of a welded 
Fig. 251 . truss works is the elimination of all gusset plates. The 
attainment of this ideal is often difficult and in many cases 
requires such sacrifices of convenience in fabrication as to seem not 
worth while. 

The use of T chords made by longitudinal splitting of a wide flange 
beam, or by building up from two plates, will in some cases make 
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MaKimum Momeni - 

LL = 722'^ 

Imp. 2S% = J8I 

aL.23>c^ = 18 
Total = 9ZI 

■I■4.4S'= 206^ 

@18 =11.44°" net 
fe/7s. f/g. 


@16.67 ^J2.3S 
/ AMjLMj=l0.7g 

.84 ie.67>c4.9. 

23.13 ""net 
comp. fig. 


Lateral Momeni 

.2 K SOT ^ /or 

2.5'</ivheel 

■SrrX 722=40.2*= 482'* 
4S 

L _ 25)^12 _ 20 
h /5 ^ 

S, =s 16.67 


Maximum Shear 

LL. 7=4 
Imp. 25% ^^32 
O.L..23x^^ 3 

Total 163^ 

@IZ « i3.6°'^gr. web 
(S/5 = /0.9°’'gr. end sHffs. 

= 54.4 Un. inches 
we id for 
end stiffs 


Material for ]-Girder‘^^ 


i-Web 54 xf = 20.25°'‘gr. 4 = 3.33^" 

hTopC 14.64- i.Z5^l3.39:,-h 3.38 ^16.77 

i-TopPi 14 xi = 7.88- .98 ^ 6M..+ 16.77 7:4 2367°”n 

1- BoitPI. 13% 4- = 8.13-0 ^ 8.13.. -h 3.38 I/.5i°" n 

4-Bnd Stiifs. 6%-^ = 2 % 6 x-% = ! LZS^’^r. o.s. stiimiegs 

14 '/nt Stiffs 5 x% 

2- Sole Pis. 13 x} 

Weld metal + excess, say li%± 


PI.excessZi% * 45 

& 68.9 X 25.5'^ 7755^ 
@50.0x25.5^ /Z7S 
<® 26.8 X 25.5 = 685 

& 27.6 X 25.5 = 705 

<g> iS.f X 4.5 = 345 

& 6.4 X 4.5 = 405 

@33.1 X .5 = 35 


Total for I- Girder = 53404f 


Fiar7ge Weld in a 


3" Chain welds — Zi^'effectwe 
2x2i-x3 = 15 h/ weld length 

= 3. 03 approx, rate of change Cff fig. stress 

S3. 8 

-j^= 4.95^^ Say 5'^ spacing of weld lengths to ^ point. 

Shear at Quarter Point = i06^ 

»■ a= 7.6" Say 7" spacing of we/d lengths between ^ points. 

^The student will do well to study the effect of the correction implied in the footnote on page 180; 
not oniy on this girder, bat on those designed in DP 11^ pages 185- 188. 


DP22. 
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possible joint connections without gusset plates. A joint in a truss of 
this type is shown in Fig. 252. The student will notice that the area of 
the chord is considerable, rather more than is ordinarily required in a 
roof truss, and the use of this sort of section may result in waste of 
metal in the chords if the vertical leg of the T is kept within reasonable 
limits as to’thickness. The thickness of the vertical leg of the T should 



never be less than 1/16 of its width and preferably should be not less 
than 1/14 of the width. A further objection to the T chord is that the 
width needed for the web connections is likely to be so great as to result 
in excessive secondary stresses in trusses with the short panels common 
to roof construction. The Pratt truss may be found more favorable 
for a welded truss with T chords, and the use of small channels and 




rolled T^s for the web members may be helpful because of the symmetry 
of the resulting members. 

If the design of a truss using T chords seems to be impracticable it 
may be possible to use H chords with the web placed in a horizontal 
position; the use of the Pratt system is almost essential for such con- 
struction. If the truss for which an L joint is shown in Fig. 252 is rede- 
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signed as a Pratt truss using an H chord the corresponding joint may be 
detailed as in Fig. 253. The truss is now a double-plane truss and the 
web members must have the two ribs properly connected by batten 
plates, or batten plates and lacing. 

The author thinks that the effort to eliminate gusset plates may be 
overdone in many cases and suggests that it may be better to design 
the truss in the ordinary way; if this is done the joint of Fig. 252 may 
be detailed as in Fig. 254. 

The detailing of joints in welded trusses with the members failing to 
intersect at a common point (by several inches in some cases) and the 
use of single-angle web and chord members, as has been done in some 
welded structures, cannot be defended, and justifies the observation 
that in some cases much of the economy claimed for welded construc- 
tion is due to design which would not be tolerated in a riveted structure. 

The student is referred to the larger treatises devoted exclusively to 
welding and to the publica- 
tions of the American Welding 
Society for further information 
on design procedure and sug- 
gestive details of construction. 

175. Stresses in Welds. — 

Lack of space makes it im- 
possible to reproduce a com- 
plete specification for welded 
structures, but it seems desir- 
able to give some information 
on current practice and to 
that end there are presented herewith brief abstracts from the ^^Code 
for Fusion Welding and Gas Cutting published by the American Weld- 
ing Society. These abstracts include some definitions, permissible 
intensities of stress, and details regarding design and workmanship. At 
certain points there are interpolated quotations from Major Provisions 
of An Arc-Welding Specification” prepared by Frank P. McKibben, 
and published in Engineering NewS'-Record for March 14, 1929. 

Definitions 

The definitions of welding terms, as approved and published by the American 
Welding Society, shall govern for any welding terms appearing in this code. 

For convenience, some of the more common terms have been included herein, 
and their specific applications under this code are defined as follows. 

1. Fusion Welding.— The process of joining metal parts in the molten, or molten 
and vapor states, without the application of mechanical pressure or blows. 

Under this code, fusion welding is restricted to the arc and gas welding processes. 
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2. Root — The zone at the bottom of the cross-sectional space provided to contain 
a fusion weld. 

3. Throat — ^The minimum thickness of a weld along a straight line passing 
through the root. 

Under this code the throat of a fillet weld shall be the distance along a line from 
the root to the hypotenuse at right angles thereto, of the largest isosceles right triangle 
that can be constructed in the cross-section of the fillet weld; and the throat of a 
butt weld shall be equal to the thickness of the thinner part joined. 

4. Fillet Weld. — A weld of approximately triangular cross-section, whose throat 
lies in a plane disposed approximately 45° with respect to the surfaces of the parts 
joined. 

The size of a fillet weld shall be expressed in terms of the width in inches of its 
adjacent fused sides. 

5. Butt Weld.— A weld whose throat lies in a plane disposed approximately 90° 
with respect to the surfaces of at least one of the parts joined. 

The size of a butt weld shall be expressed in terms of its net or unreinforced throat 
dimension in inches. 

6. Weld Length. — ^The length of a weld shall be considered to be the unbroken 
length of the full cross-section of the weld exclusive of the length of any craters. 

7. Wdd Dimensions. — Under this code the dimensions of a weld shall be expressed 
in terms of its size and length. 

8. Gas Cutting. — ^The process of severing ferrous metals by means of the chemical 
behavior of oxygen, in the presence of ferrous metals at high temperatures, to produce 
a kerf or cut of uniform width without burning the edges of the kerf or cut. 

Peemissible Unit Steesses 

1. Welded joints shall be proportioned so that the loads specified in the Building 
Code shall not cause stresses therein to exceed the following amounts in pounds per 


square inch: 

Shear on section through throat of weld 11,300 

Tension on section through throat of weld 13,000 

Compression on section through throat of weld 15,000 


Maximum fiber stresses due to bending shall not exceed the values prescribed 
above for tension and compression respectively. 

FiUet welds placed transverse to the direction^of stress shall be considered as 
under shear. 

2. In designing welded joints adequate provision shall be made for bending 
stresses due to eccentricity, if any, in the disposition or section of base metal parts. 

Design 

1. The architect or engineer designing or supervising a welded structure shall 
be experienced and skilled in such work. 

2. Pkde Girders. — Girders shall be proportioned either by their moments of inertia 
or by the flange area method. In applying the flange area method to welded girders 
having no holes in the web, one-sixth of the web area may be considered a part of 
each flange area. 

Stiffeners may be either angles or flat bars, welded to the top and bottom flanges. 
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and to the web, by continuous or intermittent fillet welds designed to transmit the 
stresses. 

Connection of component parts of flanges to each other and of flanges to web 
shall be by continuous or intermittent fillet welds designed to transmit the stress. 

3. Beams . — The use of continuous beams and girders, designed in accordance 
with accepted engineering principles, shall be permitted provided that their welded 
connections be designed to transmit the stresses to which they may be subjected. 

The connection at the ends of non-continuous beams shall be designed so as to 
avoid excessive secondary stresses due to bending. 

4- Columns . — ^FiHet welds connecting the component parts of a built-up column 
may be either continuous or intermittent. If intermittent, the length of each weld 
at the ends of the column shall be equal to the least width of the column. The 
length of the intervening welds shall be not less than in., spaced not more than 
4 in. in the clear. The size, length, and spacing of the fillet welds shall be such as to 
provide the same strength, per unit of column length, as the rivets specified elsewhere 
in the Building Code. 

Lattice bars and tie plates, if used, shall be welded so as to secure strengths equal 
to those of the rivets specified therefor elsewhere in the Building Code. 

5. Butt Joints . — One or both edges of base metal parts, J in. or more in thickness, 
transmitting stress by means of butt welds shall be beveled. For single and double 
vee joints, the bevel of each part shall be not less than 30®, thus forming an open 
space with an angle of not less than 60®. For single and double bevel joints, the 
bevel shall be not less than 45®. 

Before welding, the root edge or face of one part shall be separated from the root 
edge or face of the other part by the spacing given for butt joints in the '‘Code for 
Fusion Welding and Gas Cutting in Building Construction’’ published by The 
American Welding Society. 

All butt welds shall be reinforced by depositing additional metal on tne weld 
to a height extending beyond the surface of the thinnest part joined. The height 
of said reinforcement shall be not less than the following percentages of the thickness 
of the thinnest part joined: — 20 per cent for single vee and single bevel butt welds, 
and 12| per cent, on each side, for double vee and double bevel butt welds. 

6. General . — Intermittent welds shall be not less than 2 in. long, exclusive of 
crater, spaced in the clear not exceeding sixteen times the thickness of the thinnest 
piece connected, nor more than 4 in. in the clear. 

Fillet welds of lengths less than four times their width shall not be figured as 
part of any connection. 

To the calculated length of each weld, \ in. shall be added to allow for the crater. 

Workmanship 

1. Contractors for welded structures shall be required to satisfy the Superintend- 
ent of Buildings as to their ability to produce satisfactory welded joints of the forms 
specified, and with the process (arc or gas), materials and equipment to be used on 
the proposed work. 

2. The quality of welds permitted under this code shall conform to the practice 
recommended in the "Code for Fusion Welding and Gas Cutting in Building Con- 
struction” published by The American Welding Society. 

3. Surfaces to be welded shall be free from loose mill scale, rust, paint, or other 
foreign matter. A thin coat of linseed oil or equivalent, over the surfaces to be 
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welded, need not be removed. This provision applies both in the case of new struc- 
tures and where new steel is to be welded to steel in an existing structure. 

4. In assembling and during welding, the component parts of a built-up member 
shall be held by suiScient clamps, or other adequate means, to hold the parts in 
proper relation for welding. 


Erection 

1. Structural steel parts shall not be painted before they are welded. Parts that 
are welded in the shop, to be erected by bolts or rivets, shall receive the usual painting 
after the shop welding is finished- Parts to be field welded shall receive a coat of 
linseed oil after shop work is completed, and after erection and field welding, they 
shall receive as many coats of paint as the total number specified elsewhere in the 
Building Code for shop and field painting. 

2. For all welded structures over 30 ft. in height, erection bolts, or equivalent 
means shall be employed for temporarily supporting the members and for ensuring 
proper alignment. 
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GENERAL SPECIFICATIONS FOR THE DESIGN OF 
STEEL RAILWAY BRIDGES 

These specifications were taken, in large part, from those prepared by the con- 
ference committees of the American Society of Civil Engineers and the American 
Railway Engineering Association, published in the Proceedings of the American 
Society of Civil Engineers for December, 1929. The author has modified the speci- 
fications to suit his own views with respect to allowable intensities of stress, loading, 
provision for net section, and in some other matters of minor importance. 


PART I.— DESIGN AND MANUFACTURE 
Section A. — ^Proposals and Drawings 

Definition of Terms. 

1. The term “ Company ” means the Railway Company party to the contract. 
The term “ Engineer ” means the Chief Engineer of the Company or his sub- 
ordinates in authority. The term Inspector means the inspector representing 
the Company. The term Contractor ” means the manufacturing or fabricating 
contractor party to the contract. 

Proposals. 

2. Bidders shall submit proposals conforming to the terms in the letter of 
invitation. The proposals preferably shall be based on plans and specifications 
furnished by the Company. The plans will show the conditions determining the 
design of the bridge, the general dimensions, stresses, and typical details. 

Invitations requiring the Contractor to furnish the design shall state the general 
conditions at the site, such as track spacing, character of foundation, presence of old 
structures, traflS.c conditions, etc. 

Shop Drawings. 

3. After the contract has been awarded and before the work is begun, the Con- 
tractor shall submit to the Engineer for approval, prints in duplicate of stress sheets 
and shop drawings, unless such drawings shall have been prepared by the Company. 

Shop drawings shall be made on the dull side of the tracing cloth, 24 by 36 in. 
in size, including margins. The margin at the left end shall be in. wide, and 
the other margins 1/2 in. The title shall be in the lower right-hand corner. 

No change shall be made on any approved drawing without the consent of the 
Engineer, in writing. 

The tracings of the drawings shaU be the property of, and be delivered to, the 
Company after the completion of the contract. 

4. The Contractor shall be responsible for the correctness of his drawings, and 
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for shop and field connections, although the drawings may have been approved by 
the Engineer. 

5. Ordering of material by the Contractor prior to the approval of the drawings 
shall be at his risk. 

Drawings to Govern. 

6. If the drawings and the specifications differ, the drawings shall govern. 
Patented Devices. 

7. The Contractor shall protect the Company against claims arising from the 
use of patented devices or parts proposed by him. 

Notice to Engineer. 

8. No material shall be rolled nor work done before the Engineer has been 
notified where the orders have been placed. 


Section 1. — General Features of Design 

Materials. 

101. Bridges shall be made wholly of structural steel, except where otherwise 
specified. Rivet steel shall be used for rivets. Castings shall be of steel unless cast 
iron is specifically authorized by the Engineer. 


Types of Bridges. 

102. The types of bridges to be used for various span lengths may be as follows: 
Rolled beams for spans up to 40 ft. 

Plate girders for spans up to 125 ft. 

Riveted trusses for spans 100 ft., or longer, 
w r [single-track spans 250 ft. or longer 

Pm-comected trusses for 200 ft. or longer 

cally authorized by the Engineer. 


Spacing of Trusses, Girders, and Stringers. 

103. The distance between centers of trusses or girders shall be sufficient to 
prevent overturning by the specified lateral forces. In no case shall it be less 
than one-twentieth of the span for trusses, nor one-fifteenth of the span for girders. 

The girders of deck spans and the stringers of through spans shall be spaced not 
less than 6 ft. 6 in, between centers. If four stringers are used under one track 
they shall be arranged in pairs, each pair symmetrical about a rail. 


Depth Ratios. 

104. The depth of trusses preferably shall be not less than one-tenth of the 
span. The depth of plate girders preferably shall be not less than one-twelfth of 
the span. The depth of rolled beams used as girders and the depth of solid floors 
preferably shall be not less than one-fifteenth of the spans. If smaller depths are 
used, the sections shall be so increased that the deflection will not be greater than 
if these limiting depth ratios were not exceeded. 


Clearances. 

105. The clearances on straight track shall not be less than those shown in 
Pig. A-1. On curved track the clearance shall be increased to allow for the over- 
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hang and the tiiting of a car 80 ft, long, 60 ft. between centers of trucks, and 
14 ft. high. 

Unless otherwise specified the superelevation of the outer rail shall be taken as 
1 in. per degree of curvature. The distance 
from the top of rail to the top of tie shall be 
taken as 8 in. 

Dimensions for Calculation. 

106. For the calculation of stresses the 
length shall be: 

For trusses and girders, the distance 
between centers of bearings. 

For floorbeams, the distance between 
centers of trusses or girders. 

For stringers, the distance between 
centers of floorbeams. 

and the depth shall be: 

For pin-connected trusses, the distance 
between centers of pins. 

For riveted trusses, the distance between centers of gravity of chords. 

For plate girders, the distance between centers of gravity of flanges, but not 
exceeding the distance out to out of flange angles. 

Ambiguity of Stress. 

107. Bridges shall be so designed as to avoid, as far as practicable, ambiguity in 
the determination of the stresses. 

End Floorbeams. 

108. Spans with floor systems preferably shall have end floorbeams. 

Skew Bridges. 

109. In skew bridges the ends of the supports for each track shall be square with 
the line of track. 

Floor. 

110. Ties shall be not less than 10 ft. long, and spaced not more than 6 in. apart 
in the clear. They shall be secured against bunching. 

Section 2. — ^Loads and Stkesses 

Loads and Stresses. 

201. Bridges shall be proportioned for the following loads: 
a. Dead load. 
h. Live load, 

c. Impact or dynamic effect of the live load. 

d. Centrifugal force, including impact. 

e. Other lateral forces. 

/. Longitudinal force. 

Stresses from each of the loads or forces a, 5, c, and d shall be shown separately on 
the stress sheet. If forces e or / produce stresses requiring additions to the area of 
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any members, such stresses shall be shown on the stress sheet for the members 
affected. 


Dead Loads. 

202. In estimating the weight for the purpose of computing dead load stresses, 


the following unit weights shall be used: 

Steel 490 lb. per cu. ft. 

Concrete 150 " “ 

Sand, gravel, and ballast 120 

Asphalt-mastic and bituminous macadam 150 

Granite 170 " “ 

Paving bricks 150 “ 

Timber 5 ft. B. M. 


The track rails, inside guard rails, and fastenings shall be assumed to weigh 
200 lb. per lin. ft. for each track. 


Live Load. 

203. The live load for each track shall consist of typical engines followed by a 
uniform train load, according to either class E series, or Class M series, as may be 
specified by the Engineer. It shall be a multiple of one or the other of the loads 
with wheel spacings, as shown in Figs. A~2 and A-3. 


Loading E-TS or Loading M--65 is recommended for main-line bridges of 
American railways. 


E~fO Engine Loocfing 




JzJL 

( 


N 

5 i! 

[) 0 

M 



d 

H 

H 

M 

) (])(] 

M 


umforn 

'L^m. 



d' 




d' 










W 


or 


_£ 







Fig. A-2. 


In special locations, where conditions limit the loading to light engines, a lighter 
loading, as stipulated by the Engineer, may be used, but in no case less than three- 
fourths of that already recommended; the live load assumed shall be proportional 
to the loading recommended, with the same wheel spacing. 
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Fig. A-S. 


For girders and trusses of spans carrying more than one track, live loads shall 
be assumed as follows: 

For two tracks, full live load. 

For three or more tracks, full live load on the two tracks nearest the girder or 
truss, and 75 per cent of full live load on all other tracks. 
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Impact. 

204. The stresses due to the dynamic effect of the live load shall be added to 
the maximum computed live load stresses and shall be determined by the formula, 

I 

400 -- 

in which S = maximum computed live load stress for a single track; 

/ = impact stress, dynamic effect of the live load; 

I = length, in feet, of the span which is loaded to produce the live load 
stress. 

For girders and trusses of double-track bridges, the impact shall be taken from 
the full live load on one track only. The impact shall be only that from the live 
load on the track nearest the girder or truss. 

For bridges with three or more tracks the impact shall be computed from the 
load on the track which, when loaded, produces the greatest live load stress in the 
member. 

For bridges designed exclusively for electric traction, the impact shall be taken 
as one-third of that given by the impact formula. 

Centrifugal Force. 

205. On curves the centrifugal force shall be taken as a percentage of the live 
load, including impact, and assumed to act 6 ft. above the top of the rail. The 
percentages to be applied shall be as given in Table A-a. 

TABLE A-a 


Degree of curve 

0° 20' 

0® 40' 

I'* 

2 ° 

3° 

40 

5 ° 

6° 

70 

8°i 

9° 

10° 

11° 

12° 

Speed, in miles per hour 

72 

72 

72 

59 

53 

46 

41 

38 

35 

33 j 

31 

29 

28 

27 

Percentage for centrifugal force . 

2 

4 

6 

8 

10 

1 

10 

10 

10 

10 

10 

10 

10 

10 

10 


Lateral Forces. 

206. Wind on Loaded Bridge. 

The wind shall be considered as a moving load acting in any horizontal direction. 
The wind force on the bridge shall be taken at 30 lb. per sq. ft. of : 

(а) one and one-haff times the floor system as seen in elevation; 

(б) the projection of all trusses; 

but not less than 200 lb. per lin. ft. of loaded chord and 150 lb. per lin, ft. of 
unloaded chord. 

The wind force on the train shall be taken as 300 lb. per lin. ft. on one track, 
applied 8 ft. above the top of the rail. 

207. Wind on Unloaded Bridge. 

If a wind force of 50 lb. per sq. ft. of surface as defined in Art. 206, on the un- 
loaded bridge, would produce greater stresses than the combined wind forces speci- 
fied, those stresses shall be used in the members where such greater stresses occur. 

208. Stability of Spans and Towers. 

In calculating stability, spans and towers shall be considered as loaded on the 
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leeward track with, empty cars weighing 1200 lb. per lin. ft., and subjected to a wind 
force of 300 lb. per lin. ft., applied 8 ft. above the top of the rail. 

209. Sway of Engines. 

The lateral force to provide for the effect of the sway of the engines, in addition 
to the wind loads specified, shall be a moving concentrated load of 20,000 lb., which 
may be applied at the base of rail in. either horizontal direction at any point of the 
span. 

Longitudinal Force. 

210. The longitudinal force resulting from the starting and stopping of trains 
be 20 per cent of the load on the engine drivers, and 5 per cent of the load on 

the remainder of the train. This force shall be taken on one track only, and shall 
be assumed to act 6 ft. above the top of the rail. 

In bridges where, by reason of continuity of members or frictional resistance, the 
longitudinal force will be directed largely to the abutments (such as ballasted deck 
bridges of only three or four spans), the longitudinal force shall be taken as one-half 
that specified. 

Reversal of Stress. 

211. Members subject to reversal of stress under the passage of the live load shall 
be proportioned for the stress requiring the larger section. 

The stress for designing the connections for such members shall be determined 
by obtaining the resultant stress of each kind, tension, and compression, and adding 
50 per cent of the smaller stress to each. 

Combined Stresses. 

212. Members subject to both axial and bending stresses (including bending of 
posts due to floorbeam deflection) shall be so proportioned that the combined fiber 
stresses will not exceed the allowed axial stress. In members continuous over panel 
points, only three-fourths of the bending stress computed as for simple beams shall 
be added to the axial stress. 

213. Members subject to stresses produced by a combination of dead load, live 
load, impact, and centrifugal force, with either lateral or longitudinal forces, or with 
bending due to lateral forces, may be proportioned for unit stresses 25 per cent 
greater than those specified in Art. 301; but the section of the member shall not be 
less than that required for the combined dead load, live load, impact, and cen- 
trifugal force. 

Secondary Stresses. 

214. Secondary stresses shall be avoided as far as practicable. In trusses 
without sub-paneling, secondary stresses due to distortion need not be considered 
in any member the width of which, measured parallel to the plane of flexure, is less 
than one-tenth of its length. Other secondary stresses shall be considered. 

Section 3. — ^Unit Stresses 

Unit Stresses. 

301. The allowable unit stresses to be used in proportioning the parts of a bridge 
shall be as follows: 
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(a) Structural and Rivet Steel: 

Axial tension, net section 

Tension in extreme fibers of rolled shapes, built sections, 
and girders, net section 

Axial compression, gross section 

but not to exceed the value for Z/r = 56 


Kips per 
square-inch* 

18.0 

18.0 

18.0 


^'^16,000r2 


in which I = length of the member, in inches; 

r == least radius of gyration of the member, in 
inches. 


Compression flanges of plate girders or beams; 


when Z/fe :< 10 18.0 

when l/h > 10 18.9 


in which Z = the length, in inches, of the unsupported p 

flange between lateral connections or knee- 1 • 

I JuUUO”^ 

braces; 

h = the flange width, in inches. 
l/h shall not exceed 40 


Tension in extreme fibers of pins 27.0 

Shear in plate girder webs, gross section 11.2 

Shear in power-driven rivets and pins 13.5 

(Rivets driven and bucked by pneumatically or electri- 
cally operated hammers are considered power-driven.) 

Shear in turned bolts and hand-driven rivets 11.2 

Bearing on power-driven rivets, pins, outstanding legs of 

stiffener angles, and other steel parts in contact 27.0 

Bearing on turned bolts and hand-driven rivets 22.4 

Bearing on expansion rollers, per linear inch 0.6cZ 

in which, d == diameter of rollers, in inches. 

For cast-steel shoes and pedestals, the allowable unit stresses 
in structural steel shall apply. 

(6) High-Tension Steel: 


For members composed of steel of greater strength than 
structural grade the allowable stresses may be increased 
in proportion to the specified minimum yield point of the 
stronger steel, provided such yield point is not more than 
70 per cent of the ultimate strength. In the compression 
formulas the fractional term of the denominator shall be 


increased in the same proportion. 

(c) Wooden Cross-Ties: 

Tension in extreme fibers: 

White oak and dense yellow pine 2.0 

Dense Douglas fir 1*4 

White pine, ordinary yeUow pine, and spruce 1*1 


The maximum wheel load with 100 per cent impact shall 
be considered as distributed over three ties. 


* 1 kip equals 1000 lb. 
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(d) Masonry: 

Bearing pressure: 

Granite 

Sandstone and limestone 0.45 

Concrete 0-07 


Provision for Overload. 

S02. Members shall be so proportioned that an increase of live load which will 
increase the total unit stresses in the chords or flanges 30 per cent will not produce 
total unit stresses in the other members or details more than 30 per cent greater than 
the designing stresses. 

Effective Bearing Area. 

303. The effective bearing area of pins, bolts, and rivets shall be the diameter 
multiplied by the length in bearing; except that for countersunk rivets, one-half the 
depth of the countersink shall be omitted. 

Effective Diameter of Rivets. 

304. In proportioning rivets, the nominal diameter of the rivet shall be used. 
Slenderness Ratio. 

305. The slenderness ratio (ratio of unsupported length to corresponding radius 
of gyration) shall not exceed: 

100 for main compression members. 

120 for riveted tension members subject to live load reversal of stress. 

120 for wind and sway bracing. 

140 for single lacing. 

200 for double lacing. 

200 for riveted tension members not subject to live load reversal of stress. 
Section 4. — Details of Design 

Thickness of Material. 

401. The minimum allowable thickness of material shall be in., except for fillers. 
Gussets shall not be less than f in, thick. 

Metal subject to marked corrosive influences shall be thicker than otherwise 
would be required, or else protective measures shall be provided. 

Open Details. 

402. Details shall be so arranged as to give free access for inspection and painting. 
Water-pockets shall be avoided. 

Eccentric Connections. 

403. Eccentric connections shall be avoided if practicable, but, if they are un- 
avoidable, the members shall be so proportioned that the combined fiber stresses will 
not exceed the allowed axial stress Members shall be so arranged that their axes 
intersect in a point. 

Compression Members. 

404. Compression members shall be so designed that the metal will be concen- 
trated, so far as practicable, in the webs and flanges, and so that the center of gravity 
of the section will be near the center line of the member. 
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The thickness of each web shall be not less than one-thirtieth of the distance 
between the lines of rivets connecting it to the flanges. The thickness of the cover- 
plates shall be not less than one-fortieth of the greatest distance between adjacent 
rivet lines. 

Outstanding Legs of Angles. 

405. The width of the outstanding legs of angles in compression, except those 
reinforced by plates, shall not exceed the following: 

(а) For stringer flange angles, ten times the thickness. 

(б) For main members carrying axial stress, twelve times the thickness. 

(c) For bracing and other secondary members, fourteen times the thickness. 

Rigid Members. 

406. The two end panels of the bottom chords at each end of single-track pin- 
connected bridges, and the hip verticals and members with similar duties in all 
bridges, shall be rigid. 

Strength of Connections. 

407. Connections shall have a strength at least equal to the calculated stresses 
in the members connected. If all the members have excess area all the connections 
shall be increased in strength, beyond that required by the calculated stresses, in the 
ratio : 

Capacity of member having least excess area 
Calculated stress in member having least excess area 

Transverse bracing and sway bracing members shall have connections designed 
for the calculated stresses therein, but no such connection shall have less than three 
rivets for a single angle member or four rivets for a double angle member. 

Net Section. 

408. In proportioning tension members the diameter of the rivet holes shall be 
taken f in. larger than the nominal diameter of the rivet. 

The net section of riveted tension members shall be the least area found as follows: 
(a) A right section with the holes in that section only deducted. 

(5) A zigzag section with all holes in the zigzag section deducted and the net diago- 
nal distances taken at ■§• of their values; except that the area thus found is not to be 
used if less than a right section with the holes cut by the zigzag section deducted. 

Effective Sections of Angles. 

409. If angles in tension are connected so that bending cannot occur in any direc- 
tion, the effective area shall be taken as the net area of the angle. 

If angles in tension are connected on one side of gusset plates, provision shall be 
made for the resulting bending stresses. 

Section at Pin Holes. 

410. In pin-connected, riveted, tension members the net section beyond the pin 
hole, parallel to the axis of the member, shall not be less than the net section of the 
member. The net transverse section through the pin hole shall be at least one-third 
larger than the net section of the member. Riveted tension members shall be stitch- 
riveted where necessary, to make a compact member. 
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Maximum Length of Rivets. 

411. If the grip of rivets carrying calculated stress exceeds four and one-half 
times the diameter, the number of rivets shall be increased at least 1 per cent for each 
additional ^ in. of grip. If the grip exceeds six times the diameter of the rivet, 
specially designed rivets shall be used. 

Spacing of Rivets. 

412. Rivets shall be proportioned by their nominal diameter. They shall be 
spaced not less than three diameters apart, center to center. 

In the direction of stress they shall be spaced not farther apart than sixteen times 
the thickness of the thinnest plate connected; and at right angles to the direction of 
stress, not farther apart than thirty times that thickness, except in the cover plates 
of compression members, where the spacing may be forty times the thickness of the 
thinnest plate. 

When two or more plates are in contact and riveted for compactness, the stitch 
rivets shall not be farther apart in any direction than twenty-four times the thick- 
ness of the thinnest outside plate connected. At the ends of built compression mem- 
bers the pitch of rivets in the direction of stress shall not exceed four times the diam- 
eter for a distance one and one-half times the width of the member. 

At the edge of a gusset plate the rivets connecting a tension member to the gusset 
plate shall not be spaced further apart, in a row at right angles to the line of stress, 
than ten times the nominal diameter of the rivet. 

Edge Distance of Rivets. 

413. The distance from the center of a rivet to a sheared edge shall not be less 
than one and three-quarter times the diameter, nor to a rolled or planed edge less 
than one and one-half times the diameter, except in flanges of beams and channels, 
where the minimum distance may be one and one-quarter times the diameter. 

The distance from the edge of a plate shall not exceed eight times the thickness of 
the plate. 

Size of Rivets in Angles. 

414. The diameter of the rivets in angles whose size is determined by calculated 
stress shall not exceed one-fourth of the width of the leg in which they are driven. 
In angles whose size is not so determined, 1-in. rivets may be used in 3|-in. legs, 
|-in. rivets in 3-in. legs, and |-in. rivets in 2j-in. legs. 

Compression Splices. 

415. Members subject to compression only, if faced for bearing, shall be spliced 
on four sides suflSciently to hold the abutting parts true to place and to transmit at 
least 25 per cent of the stress through the splice material. The splice shall be as 
near the panel point as practicable. Members not faced for bearing shall be fully 
spliced. 

Extra Rivets Through Fillers. 

416. If splice plates are not in direct contact with the parts which they connect, 
rivets shall be used on each side of the joint in excess of the number required for 
direct contact to the extent of two extra lines for each intervening plate. 

If rivets carrying stress pass through fillers, the fillers shall be extended beyond 
the connected member and the extension secured by enough additional rivets to 
carry one-half the stress passing through the fillers. 
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Stay Plates. 

417. In compression members the open sides shall be provided with lattice bars 
and shall have stay plates as near each end as practicable. Stay plates shall be pro- 
vided at intermediate points where the latticing is interrupted. In main members 
the length of the end stay plates shall be not less than one and one-quarter times the 
distance between the lines of rivets connecting them to the outer flanges, and the 
length of intermediate stay plates shall be not less than three-quarters of that dis- 
tance. Their thickness shall be not less than one-fiftieth of the same distance. 

In tension members composed of shapes the separate segments shall be connected 
by stay plates, or by stay plates and lattice bars. Stay plates for tension members 
shall have a length not less than two-thirds of the lengths specified for compression 
members, and shall be spaced not more than 5 ft. center to center. There shall not 
be less than three rivets connecting the stay plate to each segment. 


Latticing. 

418. Lattice bars of compression members shall be so spaced that the l/r of the 
portion of the flange included between the lattice-bar connections will not be greater 
than two-thirds of the l/r of the member, and in no case more than 50. 

419. The latticing of compression members shall be proportioned to resist a 
shearing stress normal to the member, not less than that given by the following 
formulas*. 


V 


lOOVfiO r 


24 

L/r 


( 1 ) 


V = 


100 UOO L/r) 


( 2 ) 


in which V = normal shearing stress, in pounds; 

P = capacity of the member, in pounds; 

L = the length of the member, in inches; 

r = the radius of gyration of the member about an axis perpendicular to 
the plane of the latticing. 

Formula (1) shall be used for values of L/r greater than 49, and formula (2) for 
smaller values of L/r. 

420. In compression members with cover plates, the cover plates shall be assumed 
to take one-half the shear. 

421. The diameter of the rivet shall not exceed one-third of the width of the 
lattice bar. Lattice bars connecting to flanges more than 5 in. wide shall have at 
least two rivets in each end. 

422. The angle between the lattice bars and the axis of the member shall be not 
less than 45° for double latticing, and 60° for single latticing. 

The thickness of lattice bars shall be such that the requirements of Art. 305 are 
met, taking the length as the distance between rivets connecting them to the member. 

Double latticing shall be riveted at intersections. 

Reinforcing Plates at Pin Holes. 

423. Where necessary to give the required section or bearing area, the section at 
pin holes shall be reinforced on each segment by plates. One plate on each side 
shall be as wide as the outstanding flanges will permit. These plates shall contain 
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enough rivets, and he so connected, to transmit and distribute the bearing pressure 
uniformly over the full cross-section and to reduce the eccentricity of the segment to 
a minimum. At least one full-width plate on each segment shall extend to the far 
edge of the stay plate and the others not less than 6 in. beyond the near edge. 

Forked Ends. 

424. Forked ends of compression members shall be avoided if practicable. Where 
forked ends are used, enough pin plates shall be provided to give each jaw the full 
strength of the compression member. At least one of these plates shall extend to the 
farthest edge of the stay plates, and the others not less than 6 in. beyond the near 
edge of the farther stay plate. 

Floorbeam Connections. 

425. Floorbeams preferably shall be square to the girders or trusses, and shall be 
riveted directly to the girders or to the posts of the trusses. 

End-Connection Angles. 

426- Stringers in through spans shall be riveted between the floor beams. The 
connection angles shall he not less than 4 in. wide and f in. finished thickness. Solid 
floors shall be connected to the girders or trusses by angles not less than | in. finished 
thickness. 

Plate Girders. 

427. Design. 

Plate girders shall be proportioned by the moment of inertia of their net sections, 
including the compression sides; or by assuming that the flanges are concentrated 
at their centers of gravity, but not beyond the backs of the flange angles. In the 
latter case, one-eighth of the gross section of the web, if properly spliced, may be con- 
sidered as flange section. For girders having unusual forms of section, the moment 
of inertia method shall be used. 

The gross section of the compression flange of a plate girder or a rolled beam shall 
not be less than the gross section of the tension flange. 

428. Flange Plates. 

Flanges of plate girders preferably shall be made without cover plates or side 
plates unless angles of greater section than 6 by 6 in. by | in. would otherwise be 
required. 

Flange plates shall be equal in thickness, or shall diminish in thickness from the 
flange angles outward. No plate shall have a thickness greater than that of the 
flange angles. 

When flange plates are used, at least one plate on each flange shall extend the full 
length of the girder, and on through bridges, an end and corner cover plate shall he 
used. Any additional flange plates shall be of such length as to allow two rows of 
rivets of the regular pitch to be placed at each end of the plate, beyond the theoretical 
point required, and there shall be a suflGlcient number of rivets at the ends of each 
plate to transmit its stress before the theoretical point of the next outside plate is 
reached. 

429. Flange Splices. 

Flange members that are spliced shall be covered by extra material equal in sec- 
tion to the member spliced. There shall be enough rivets on each side of the splice 
to transmit the stress of the parts cut. 

Flange angles shall be spliced with angles. 
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No two members shall be spliced at the same flange cross-section. 

430. Web Plates and Web Plate Splices. 

The thickness of web plates shall not be less than 1/170 of the clear distance be- 
tween flange angles or side plates. 

Sphces in the webs of plate girders shall be designed for both shear and bending. 

431. Flange Rivets. 

The flanges of plate girders shall be connected to the web with enough rivets to 
transfer to the flange section the horizontal shear at any point, combined with any 
load that is applied directly on the flange. Where ties rest on the flange,- one wheel 
load shall be assumed to be distributed over three ties. 

432. Stiffeners. 

Stiffener angles shall be placed at end bearings and at points of concentrated load. 
Such stiffeners shall not be crimped. The outstanding legs shall be proportioned 
for bearing and shall extend out as nearly as practicable to the edge of the flange 
angles. 

433. Intermediate Stiffeners. 

Webs of plate girders shall be stiffened by pairs of angles approximately at dis- 
tances given by the formula, , 

^ /l8,000 

d = 1 

in which d = the clear distance, in inches, between the stiffeners; 
t = the thickness, in inches, of the web; 

s = the intensity of shearing stress on the gross vertical section, in pounds 
per square inch, obtained by dividing the sum of the live load 
shear, impact shear, and the dead load shear, by the gross area of 
the web, 

but the distance shall not exceed (a) 6 ft., or (6) the depth between the flanges. 

If the depth between the flanges is less than sixty times the thickness of the web, 
intermediate stiffeners may be omitted. 

The thickness of intermediate stiffeners shall be not less than one-sixteenth of 
the width of the outstanding legs. The outstanding leg shall reach as near to the 
edge of the flange angle as practicable. The widths shall not be less than 2 in. plus 
one-thirtieth of the depth of the web between flanges. 

434. Brackets. 

The top flanges of through plate girders shall be rigidly braced laterally, at panel 
points of the bridge, by brackets with web plates. The brackets shall extend to the 
top of the main girders and shall be as large as the clearance will allow. They shall 
be attached rigidly to the web plate of the girder and to the top flange of the floor- 
beam. In sohd floors these braces shall be not more than 12 ft. apart. 

Lateral Bracing. 

435. Bottom lateral bracing shall be provided in all spans except deck plate 
girder spans less than 50 ft. long. Continuous steel or concrete floors shall be con- 
sidered as lateral bracing. 

Top lateral bracing shall be provided in deck spans, and in through spans having 
suflSicient headroom. 

Portal and Sway-Bracing. 

436. Through truss spans shall have portal bracing, with knee-braces, as deep as 
the specified clearance will allow. 
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Through truss spans shall have sway-bracing at every intermediate panel point 
if the height of the trusses is enough to allow a depth of 6 ft. or more for the bracing. 
When the height of the trusses will not allow that depth, the top lateral struts shall 
be of the same depth as the chord, and shall have knee-braces as large as the clearance 
will allow. 

Deck truss spans shall have sway-bracing at every panel point. The top lateral 
loads shall be carried to the supports by means of a complete top lateral system in 
the planes of the top chords and the end posts. 

Rigid Bracing. 

437. Lateral bracing shall be rigid, with not less than three rivets in each end 
connection. 

When a double system of bracing is used, both systems may be considered effec- 
tive simultaneously, if the members meet the requirements as both tension and com- 
pression members. 

Cross Frames. 

438. In deck plate girder spans there shall be cross frames at both ends propor- 
tioned to resist centrifugal and lateral forces, and intermediate cross frames at 
intervals not exceeding 18 ft. 

Viaduct Towers. 

439. Viaduct bents preferably shall be composed of two supporting columns, and 
towers shall be formed by uniting these bents in pairs. 

The towers shall be braced both transversely and longitudinally with a double 
system of rigid diagonals, and shall have longitudinal and transverse struts at caps 
and bases and at all intermediate panel points. 

In double-track towers, the bracing shall be designed to transmit the longitudinal 
force to both sides. 

Where long spans are supported on short single bents, such bents shall have 
hinged ends, or else the columns and anchorage shall be proportioned for the bending 
stresses produced by temperature changes. 

The bottom struts of viaduct towers shall be proportioned for the calculated 
stresses, or for stresses in tension or compression not less than one-fourth the dead 
load reaction on one pedestal. The column bearings shall be designed to permit 
expansion and contraction of the tower bracing. 

The columns preferably shall have a batter transversely of 1 horizontal to 6 
vertical for single-track viaducts, and 1 horizontal to 8 vertical for double-track 
viaducts. 

Eye Bars. 

440. The thickness of eye bars shall be not less than 1 in., nor greater than 2 in. 
The thickness plus f in. shall not be less than one-eighth of the width. The section 
of the head through the center of the pin hole shall exceed that of the body of the 
bar by at least 37| per cent. The diameter of the pin shall be not less than three- 
fourths of the width of the bar. 

The form of the head shall be submitted to the Engineer for approval before the 
bars are made. 

Eye Bar Packing. 

441. The eye bars of a set shall be symmetrical about the plane of the truss and 
as nearly parallel as practicable. The inclination of any bar to the plane of the truss 
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shall not exceed Ke to the foot. The bars shall be packed close, held against 
lateral movement, and so arranged that those in the same panel will not be in contact. 

Expansion. 

442. Provision shall be made for expansion and contraction of spans at the rate 
of 1 in. in 100 ft. In spans more than 400 ft. long, provision shall be made for expan- 
sion in the floor. 

End Bearings. 

443. In spans more than 70 ft. long there shall be rollers at one end. Shorter 
spans shall be arranged to slide on smooth surfaces. 

Bearings and ends of spans shall be secured against lateral movement. 

Rollers. 

444. Expansion rollers shall be not less than 6 in. in diameter. They shall be 
coupled together with substantial side-bars and geared to the upper and lower plates. 
The parts shall be so arranged that the rollers can be cleaned readily. 

Pedestals and Shoes. 

445. Pedestals and shoes preferably shall be made of cast steel. The difference 
in width between the top and bottom bearing surfaces shall not exceed twice the 
distance between them. For hinged bearings, the distance shall be measured from 
the center of the pin. In built pedestals and shoes, the web plates and the angles 
connecting them to the base plate shall be not less than f in. thick. If the size of 
the pedestal permits, the webs shall be rigidly connected transversely. The minimum 
thickness of the metal in cast-steel pedestals shall be 1 in. Pedestals and shoes shall 
be so constructed that the load will be distributed uniformly over the entire bearing 
surface. Spans more than 70 ft. long shall have hinged bearings at both ends. 

Inclined Bearings. 

446. For spans on an inclined grade and without hinged bearings, the sole or 
masonry plates shall be beveled so that the masonry surfaces will be level. 

Anchorage for Towers. 

447. Anchor bolts for viaduct towers and similar structures shall be designed to 
engage a mass of masonry the weight of which is at least one and one-half times the 
uplift. 

Anchor bolts for trusses and girders shall not be less than 1 J in. in diameter and 
extend into the masonry not less than 12 in. 

Camber. 

448. The length of truss members shall be such that the camber will be equal to 
the deflection produced by the dead load plus full train load without impact; ordi- 
narily this will be effected by increasing the length of the top chord 1/8 in. for each 
10 ft! 


Section 5. — ^Workmanship 

General. 

501. The workmanship and finish shall be equal to the best general practice in 
modern bridge shops. Material at the shops shall be kept clean and protected from 
the weather as far as practicable. 
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Straightening. 

602. Material shall be straight before being laid off or worked. Straightening 
shaU be done by methods that are not injurious. Sharp kinks or bends shall be 
cause for rejection. 

Shearing. 

503. Shearing, chipping, and flame cutting shall be done neatly and accurately. 
If carrying calculated stress, structural steel exceeding 3/ 4 in. in thickness, and alloy 
steel exceeding 1/2 in. in thickness, shall have 1/4 in. of metal planed from the 
sheared or burned edges. Re-entrant angles shall be filleted before cutting. 

Punching and Reaming. 

504. Material, forming parts of a member composed of not more than five 
thicknesses of metal, may be punched 1/16 in. larger than the nominal diameter of 
the rivets, whenever the thickness (of the metal) is not greater than 3/4 in. for 
structural steel, or 1 /2 in. for alloy steel. When there are more than five thicknesses, 
or when any of the main material is thicker than 3/4 in. in structural steel, or 1/2 in. 
in alloy steel, all the holes shall be punched 3/16 in. smaller, and after assembling, 
reamed 1/16 in. larger, than the nominal diameter of the rivets; except that when 
the metal is thicker than the diameter of the rivet minus 1/8 in., the holes shall be 
drilled. 

505. The diameter of the die shall not exceed the diameter of the punch by more 
than 3/32 in. If any holes must be enlarged to admit the rivets, they shall be 
reamed. Holes must be clean cut, without torn or ragged edges. Poor matching 
of holes may be cause for rejection. 

Reaming after Assembling. 

506. Reaming shall be done after the pieces forming a built member are assembled 
and so firmly bolted together that the surfaces are in close contact. Burrs on the 
outside surface shall be removed. The pieces shall be taken apart before riveting, 
if necessary, and any shavings removed. When it is necessary to take the members 
apart for shipping or handling, the pieces reamed together shall be so marked that 
they may be re-assembled in the same position in the final setting up. No inter- 
change of reamed parts will be permitted. 

Reamed Holes. 

507. Reamed holes shall be cylindrical, perpendicular to the member, and not 
more than 1/16 in. larger than the nominal diameter of the rivets. Reamers pref- 
erably shall be directed by mechanical means. Outside burrs shall be removed. 

Drilled Holes, 

508. Drilled holes shall be 1/16 in. larger than the nominal diameter of the rivet. 
Burrs on the outside surfaces shall be removed. Drilling shall be accurately done. 
Poor matching of holes may be cause for rejection. 

Reaming and Drilling. 

509. Reaming and drilling shall be done with twist drills. 

Shop Assembling. 

510. The parts of riveted members shall be well pinned and firmly drawn together 
with bolts before riveting is commenced. The drifting done during assembling shall 
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be only such as to bring the parts into position and not sufficient to enlarge the holes 
or distort the metal. 

Field Connections. 

511. Solid floor sections shall be assembled to the girders or trusses, or to suitable 
frames, in the shop, and the end connections made to fit. 

512. Riveted trusses shall be assembled in the shop to line and fit and the holes 
for field connections drilled or reamed while so assembled; or these connections may 
be reamed to proper metal templates so placed as to result in fair holes for the con- 
nections. Holes for other field connections, except those in lateral, longitudinal, and 
sway-bracing, shall be reamed or drilled to a metal template. 

Match-Marking. 

513. Connecting parts assembled in the shop for the purpose of reaming or 
drilling holes in field connections shall be match-marked, and a diagram showing 
such marks shall be furnished the Engineer. 

Rivets. 

514. The size of rivets called for on the plans shall be the size before heating. 

515. Rivet heads shall be of approved shape and of uniform size for the same 
diameter of rivet. They shall be full, neatly made, concentric with the rivet holes, 
and in full contact with the surface of the member. 

Riveting. 

516. Rivets shall be heated uniformly to a light cherry red and driven while hot. 
They shall be free from slag, scale, and carbon deposit. When driven, they shall 
completely fill the holes. Loose, burned, or otherwise defective rivets shall be 
replaced. In removing rivets, care shall be taken not to injure the adjacent metal 
and, if necessary, they shall be drilled out. Caulking or re-cupping shall not be done. 

517. Rivets shall be driven by direct-acting riveters where practicable. The 
pressure shall be continued after the upsetting has been completed. 

518. When rivets are driven with a pneumatic riveting hammer, a pneumatic 
bucker shall be used for holding up, when practicable. 

Field Rivets. 

519. Field rivets shall be furnished in excess of the nominal number required to 
the amount of 15 per cent, plus ten rivets for each size and length. 

520. Field rivets shall be free from fins on the under side of the head. 

Turned Bolts. 

521. Where turned bolts are used to transmit shear, the holes shall be reamed 
parallel and the bolts shall make a tight fit with the threads entirely outside the 
holes. A washer not less than 1/4 in. thick shall be used under each nut. 

Lacing-Bars. 

522. The ends of lacing-bars with single rivets shall be neatly rounded, unless 
otherwise specified. 

Fit of Stiffeners. 

523. Stiffeners under the top flanges of deck girders and at all bearing points shall 
be milled or ground to bear against the flange angles. Other stiffeners must fit 
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sufficiently tight against the flange angles to exclude water after being painted. 
Fillers and splice plates shall fit within 1/4 in. at each end. 

Web Hates. 

524. Web plates of girders which have no cover plates may be 1/8 in. above or 
below the backs of the top flange angles. Web plates of girders which have cover 
plates may be 1/2 in. less in width than the distance back to back of flange angles. 

525. If web plates are spliced, there shall be not more than 3/8-in. clearance 
between ends of plates. 

Facing Floorb earns, Stringers, and Girders. 

526. Floorbeams, stringers, and girders having end connection angles shall be 
made of exact length. If facing is necessary, the thickness of the end connection 
angles shall not be reduced more than 1/8 in. at any point. 

Finished Members. 

527. Finished members shall be true to line and free from twists, bends, and 
open joints. 

Abutting Joints. 

528. Joints in compression members and girder flanges, and where so specified on 
the drawings, in tension members, shall have the abutting surfaces faced and brought 
to an even bearing. Where joints are not faced, the opening shall not exceed 1/4 in. 

Eye Bars. 

529. Eye bars shall be straight, true to size, and free from twists, folds in the 
neck or head, and other defects. The heads shall be made by upsetting, rolling, or 
forging, and not by welding. The form of the head will be determined by the dies 
in use at the works where the eye bars are made, if they are satisfactory to the 
Engineer. The thickness of the head and neck shall not overrun more than 1/16 in. 

530. Eye bars that are to be placed side by side in the structure shall be bored so 
accurately that upon being placed together, pins 1/32 in. less in diameter than the 
pin holes will pass through the holes at both ends at the same time without driving. 

Annealing. 

531- Before boring, all eye bars shall be annealed or heat-treated to produce the 
required physical qualities, and shall be straightened. 

532. Other steel which has been partially heated shall be annealed unless it is to 
be used in minor parts. 

Boring Pin Holes. 

533. Pin holes shall be bored true to gage, smooth, straight, at right angles with 
the axis of the member, and parallel with each other, unless otherwise required. 
The variation from the specified distance from outside to outside of pin holes in 
tension members, or from inside to inside of pin holes in compression members, shall 
not exceed 1/32 in. In built-up members the boring shall be done after the member 
is riveted. 

534. The diameter of the pin hole shall not exceed that of the pin by more than 
1/50 in, for pins 8 in. or less in diameter, nor 1/32 in. for larger pins. 

Pin and Rollers. 

535. Pins more than 7 in. in diameter shall be forged and annealed. 

Pins and rollers shall be turned accurately to gage. 
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They shall be straight, smooth, and free from flaws. 

For pins 9 in. or more in diameter there shall be a 2-in, hole bored longitudinally 
through the center. 

Upset Ends. 

536. Bars with screw ends shall be upset so that the section at the root of the 
thread will be at least 15 per cent greater than in the body of the bar. 

Screw-Threads. 

537. Screw-threads shall fit the nut-threads. They shall be U. S, Standard, 
except that for pin ends of diameters greater than if in., they shall be made with 
six threads to an inch. 

Bearing Surfaces Planed. 

538. The top and bottom surfaces of base plates and cap plates of columns and 
pedestals, except surfaces to be in contact with masonry, shall be planed or else hot- 
straightened. The parts of members in contact with them shall be faced to fit. 
Connection angles for base plates and cap plates shall be riveted to compression 
members before the members are faced. 

539. Sole plates of plate girders shall have full contact with the girder flanges. 
Sole plates and masonry plates shall be planed or else hot-straightened. Cast 
pedestals shall be planed on the surface in contact with steel. The bottom surfaces 
to rest on masonry shall be rough-finished. 

Pilot Nuts. 

540. Two pilot nuts and two driving nuts for each size of pin shall be furnished, 
unless otherwise specified. 

Shop Painting. 

541. Unless otherwise specified, steel work shall be thoroughly cleaned and given 
one coat of approved paint, after it has been accepted by the Inspector and before 
leaving the shop. The paint shall be applied in a workmanlike manner, and well 
worked into joints and open spaces. Cleaning shall be done with steel brushes, 
hammers, scrapei-s, and chisels, or by other equally effective means. Oil, paraffin, 
and grease shall be removed by the use of benzine or gasoline. Loose dirt shall be 
brushed off with a dry bristle brush. Surfaces not in contact but inaccessible after 
assembling shall be painted. 

Machined Surfaces. 

542. Machined-finished surfaces of steel, except abutting joints and base plates, 
shall be coated with white lead and tallow applied hot as soon as the surfaces have 
been finished and accepted by the Inspector. 

Facilities for Inspection. 

543. The Contractor shall afford the Inspector, without charge, facilities for 
inspection of materials and workmanship in the shop. The Inspector shall be 
allowed free access to the necessary parts of the works. 

Material Orders and Shipping Statements. 

544. The Contractor shall furnish to the Engineer as many copies of material 
orders and shipping statements as the Engineer may direct. The weights of the 
individual members shall be shown on the statements. 
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Notice of Beginning Work. 

54:5. The Contractor shall give ample notice to the Engineer of the beginning of 
rolling in the mill, and of work in the shop, so that inspection may be provided. No 
material shall be rolled, nor work done in shop, before the Engineer has been so 
notified. 

Inspector’s Authority. 

546. The Inspector shall have authority to reject materials or workmanship 
which do not meet the requirements of these specifications. In case of dispute, the 
Contractor may appeal to the Engineer, whose decision shall be final. 

Rejection. 

547. The acceptance of any material or jfinished members by the Inspector shall 
not be a bar to their subsequent rejection, if found defective. 

Rejected material and workmanship shall be replaced promptly or made good 
by the Contractor. 


Section 6. — ^Full-Size Tests of Eye Bars 

Eye Bars. 

601. The acceptance of the eye bars shall depend upon the results of full-size 
tests. 

Number of Full-Size Tests. 

602. The number and size of the bars to be tested shall be stipulated by the 
Engineer before the mill order has been placed. The number shall not exceed 5 per 
cent of the whole number of bars ordered, with a minimum of two bars on small 
orders. 

Selection of Test Bars. 

603- The test bars shall be of the same section as the bars to be used in the 
structure and of the same length, if within the capacity of the testing machine. 
They shall be selected by the Inspector from the finished bars. Test bars repre- 
senting bars too long for the testing machine shall be selected from the full-length 
bar material after the heads on one end have been formed. Then they shall be cut 
and the second head formed, making a bar of the greatest length that can be tested. 

604. The minimuai requirements for full-size eye-bar tests shall be as follows: 


Yield point, in pounds per square inch 35,000 

Ultimate strength, in pounds per square inch 65,0Q0 

Elongation in 18 ft., percentage 12 


The elongation shall be measured in the body of the bar, including the fracture. 
The fracture shall show a silky or finely granular structure throughout. 

Retests. 

605. If a bar fails to meet the requirements of Art. 604 two additional bars of 
the same size and from the same mill heat shall be tested. The bars represented by 
the test may be re-annealed before the additional bars are tested. If two of the 
three bars tested fad, the bars of that test and mih heat shall be rejected. 

606. A record of the annealing charges showing the bars in each charge and 
details of the treatment as to temperature and time, shaU. be furnished to the 
Engineer. 
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Payment for Test Bars. 

607. Bars tested full-size shall be paid for by the Company at the same rate as 
the bars accepted, if they meet the requirements of the specifications. Bars which 
fail to meet these requirements, and bars rejected as a result of tests, shall not be 
paid for by the Company. 

Section 7. — ^Weighing and Shipping 

Pay Weight. 

701. The payment in pound-price contracts shall be based on the scale weight of 
the metal in the fabricated structure, including field rivets shipped. The weight of 
the field paint and cement, if furnished, boxes and barrels used for packing, and 
material used for staying or supporting members on cars, shall not be included. 

Any weight in excess of l| per cent more than the computed weight shaU not be 
included. 

Variance in Weight. 

702. If the scale weight of any member is less than 97 J per cent of the computed 
weight, it shall be cause for rejection. 

Weight of Steel and Iron. 

703. The weight of steel shall be assumed as 0.2833 lb. per cu. in. The weight 
of cast iron shall be assumed as 0.2604 lb. per cu. in. 

Computed Weight. 

704. The weights of rolled shapes, and of plates up to and including 36 in. in 
width, shall be computed on the basis of their nominal weights and dimensions, as 
shown on the approved shop drawings, deducting for copes, cuts, and open holes. 
For plates more than 36 in. in width, there shall be added to the nominal weight 
one-half the allowed percentage of over-run in weight given in the American Society 
for Testing Materials Specifications for Steel for Bridges, Serial Designation: A7. 

The weight of the heads of shop-driven rivets shall be included in the computed 
weight. 

The weights of castings shall be computed from the dimensions shown on the 
approved shop drawings, with 10 per cent added for fillets and over-run. 

Weighing. 

705. The finished work shall be weighed in the presence of the Inspector, if 
practicable. The Contractor shall furnish satisfactory scales and do the handling 
of the material for weighing. 

Marking and Shipping. 

706. The weight shall be marked on members weighing more than 5 tons. Bolts 
and rivets of one length and diameter, and loose rivets and washers of each size, 
shall be packed separately. Pins, other small parts, and small" packages of bolts, 
rivets, washers, and nuts, shall be shipped in boxes, crates, kegs, or barrels, but the 
gross weight of any package shall not exceed 300 lb. On the outside of each package 
shall be marked plainly a list and description of the material contained therein. 

Loading Long Girders. 

707. Long girders shall be so loaded and marked that they will arrive at the bridge 
site in position for erection without turning. 

Shipment of Anchorage Material. 

708. Anchor bolts, washers, and other anchorage or grillage materials shall be 
shipped in time to be built into the masonry. 
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TABLE A~1 

Working Stresses for Compression Members, s 
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168 

6 510 

78 

13 040 

117 

9 700 

170 

6 410 

79 

12 950 

118 

9 620 

172 

6 320 

80 

12 860 

119 

9 550 
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186 

5 690 
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90 
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91 
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130 
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93 
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94 
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DESIGN OF STEEL RAILWAY BRIDGES 


533 


TABLE A-2 
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4 
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6 
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44 

.851 

135 
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7 
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45 
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8 
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46 
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9 
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47 
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10 
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48 
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49 
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12 
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15 
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56 
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.223 

16 
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58 
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17 
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18 
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62 

.799 
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19 
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64 
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.500 

470 
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20 

.929 

66 
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205 
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21 

.925 

68 
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22 
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70 
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23 
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72 
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24 
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74 
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540 
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.912 

76 
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78 
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80 
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31 
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88 
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90 
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.045 

33 
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92 
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34 
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94 
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35 
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GENERAL SPECIFICATIONS FOR THE DESIGN OF 
STEEL HIGHWAY BRIDGES 

In order to save space it has seemed best not to reprint a complete set of specifica- 
tions for the design of highway bridges. Accordingly these specifications have 
been arranged for use in conjunction with those printed in Appendix A for the 
design of railway bridges. 

In using these specifications for the design of steel highway bridges it is to be 
understood that in addition to the requirements printed in this appendix, all articles 
in the specifications in Appendix A beginning with 301 are operative in controlling 
the design, except those modified by articles printed in this appendix, and those 
obviously applicable only to railway bridges. 

The requirements printed in this appendix are in general taken from the specifica- 
tions prepared by representatives of the American Association of State Highway 
Officials and the American Railway Engineering Association, printed in Bulletin 314, 
Vol. 30, of the latter organization, for February, 1927. 

The clearance diagrams have been modified to more nearly represent the author’s 
views, and minor modifications have been made in some other instances. 

Section 1. — General Features of Design 

Materials. 

Castings shall be steel or malleable castings, or cast iron. Cast iron shall be 
used only where specifically authorized by the Engineer. 

Phosphor-bronze may be used in expansion bearings. 

Width of Roadway and Sidewalk. 

102. The width of roadway shall be the clear width measured at right angles to 
the longitudinal center line of the bridge between the tops of curbs or guard timbers. 
If there are no curbs or guard timbers, it shall be the clear width inside to inside of 
the handrails or other guards along the sides of the structure. 

The width of the sidewalk shall be the clear width, measured at right angles to 
the longitudinal center line of the bridge, from the extreme inside portion of the 
handrail to the face of the curb or guard timber, except that if there is a truss, girder, 
or parapet wall adjacent to the roadway curb, the width shall be measured to its 
extreme outside portion. 

Clearances. 

103. The horizontal clearance shall be the clear width, and the vertical clearance 
the clear height, available for the passage of vehicular traffic, as shown on the 
clearance diagrams. 

Unless otherwise provided the several parts of the structure shall be constructed 
to secure the following Kmiting dimensions or clearances for traffic. 
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The clearances and width of roadway for two-lane traffic shall be not less than 
those shown in Fig. B-1. The roadway width shall be increased at least 9 for 
each additional lane of traffic. 

Bridges constructed for the combined use of highway and electric rail- 


way traffic shall have clearances not 
less than those shown in Figs. B-2 and 
B-3. But the clear width between 
curbs shall never be less than: (a) for 
two lanes of traffic — the paved width 
of highway leading up to the bridge 
plus 4 ft. (5) For three or more lanes 
of traffic — the paved width of highway 
leading up to the bridge plus 3 ft. 

In cases involving curved tracks, 
the horizontal clearances shall be in- 
creased an amount corresponding to 
that required to maintain the specified 
clearances. If the outer rail is super- 
elevated, the clearances shall be cor- 
respondingly increased. 

Curbs. 



Horizontal Clearance 


Fig. B-1. 


104. The face of the curb shall be not less than 6 in. and preferably not less than 
9 in. from that portion of the railing, truss, or girder nearest the roadway. The 
curb height shall be not less than 9 in. above the adjacent finished roadway 
surface, when not otherwise determined, or provided by law. 

Concrete curbs shall be 

20-0'XHot/e6s) ->^3-0^ designed to resist a lateral 

I I I I force of not less than 500 lb. 

I I I §~T per hn. ft. of curb, applied 

y 1 I I \ 5 ! at the top of the curb. 


i j h 411 Railings. 

|| ^ Substantial railings 

^ ^ along each side of the bridge 

^ ^ shall be provided for the pro- 

I I '1^ tection of traflfic. The top 

! I 1 T i railing shall not be 

“" [ I I I ( 3 ^ ^ less than 3 ft. above the 

^ h Cart> I ^ ! ^arb--^ finished surface of the road- 

13-6"- -A\<—iO-0"\ way adjacent to the curb, 

< J$-0"(Hof/ess) ^~(Notfess)^ or if on a sidewalk, not less 

Ze-O'X/iot less) >J than 3 ft. above the side 

Horizontal Clearance walk floor. 

Fig. B-2. HaiHngs shall be designed 

to resist a horizontal force of 
not less than 150 lb. per lin. ft. applied at the top of the railing, and a vertical 
force of not less than 100 lb. per lin. ft. 

In general, railings shall be of two classes, as follows: (1) Railings for the pro- 




T- X [- 

'ot/ess) 


- J3-0"(Hotiess) 

Ze'-O'X/iotiess) — 

Horizontal Clearance 

Fig. B-2. 


7-0" 

(Not less) I 


tection of pedestrians on bridges in cities and villages. (2) Railings for use on 
country bridges not subject to general pedestrian traffic. 
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Metal railings of the first class shall consist of an upper and a lower horizontal 
rail connected by a suitable web. The clear distance between the top of the curb 
or the sidewalk and the lower rail shall not exceed 6 in. Metal railings of the second 
class may consist of not less than two lines of horizontal rails of approved section. 
In each connection of the railing to the posts, truss members, etc., there shall be 



not less than two rivets or bolts. Provision shall be made for movement due to 

temperature. . • ^ j 

Openings in concrete railings of the first class shall be proportioned with due 
regard to the safety of persons using the structure. Provision shall be made for the 
expansion and contraction of concrete railings at intervals consistent with the 
design. 

Drainage 

106. The transverse drainage of roadways shall be secured by means of a suitable 
crown in the roadway surface. If necessary, longitudinal drainage shall be secured 
by means of scuppers, which shall be of suflSicient size and number to drain the 
gutters adequately. If drainage gutters and downspouts are required, the down- 
spouts shall be of cast- or wr ought-iron pipe not less than 4 in. in diameter, provided 
with suitable cleanout fixtures. The details of floor drains shall be such as to 
prevent the discharge of drainage water against any portion of the structure. Over- 
hanging portions of concrete and timber floors preferably shall be provided with 
drip beads. 

Paved Floors. 

107. Pavements other than wood block shall be supported by reinforced-concrete 
slabs carried on steel or reinforced-concrete floor members. Wood block pavements 
may be supported by a creosoted plank base. 

Blast Protection. 

108. On bridges over railroad tracks, metal likely to be injured by locomotive 
gases shall be protected by concrete. Concrete surfaces less than 20 ft. above the 
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tracks shall be protected by cast-iron blast plates located over the center line of each 
track. The plates shall be not less than 3 ft. wide and not less than 3/4 in. thick 
and so supported that they may be replaced readily. Pockets which will hold 
locomotive gases shall be avoided if practicable. 

Utilities. 

109. Where required, provision shall be made for trolley wire supports and poles 
for lights, and suitable spaces shall be made available for electric conduits, water 
pipes and gas pipes. 

Types of Bridges. 

110. The different types of bridges may be used within the following limits, due 
consideration being given to transportation and erection conditions in selecting the 


type to be used. 

Rolled beams for spans up to 60 ft. 

Plate girders for spans 30 to 125 ft. 

Riveted half-through trusses for spans 45 to 100 ft. 

Riveted trusses for spans above 100 ft. 


Pin-connected trusses for exceptionally heavy spans, when specifi- 
cally authorized by the engineer. 

Classification of Bridges. 

111. The classification of bridges with reference to traffic shall be as follows: 
Class AA. Bridges for specially heavy traffic units in locations where the passage 
of such loads is frequent. 

Class A. Bridges for normally heavy traffic units and the occasional passage of 
specially heavy loads. 

Class B. Bridges for light traffic units and the occasional passage of normally 
heavy loads. Class B bridges should be considered as temporary or semi-temporary 
structures. 

Class C. Bridges for electric railway traffic in addition to highway traffic. The 
latter may correspond to any one of the classes described above. 


Section 2. — ^Loads 

Loads. 

201. Structures shall be proportioned for the following loads and forces: 


(а) Dead load. 

(б) Live load. 

(c) Impact or dynamic effect of the live load. 

(d) Lateral forces. 

(e) Other forces, when they exist, as follows: Longitudinal force; centrifugal 

force; and thermal forces. 


Members shall be proportioned for the combination of loads and forces producing 
the maximum total stress, except as otherwise provided herein. 

Upon the stress sheets a diagram of the assumed hve loads shall be shown, and 
the stresses used in design, due to the various loads, shall be shown separately. 


Dead Load. 

202. The dead load shall consist of the weight of the structure complete, including 
the roadway, sidewalks, and car tracks, pipes, conduits, cables, and other pubhc 
utility services. 
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The snow and ice load is considered to be offset by an accompanying decrease 
in live load and impact and shall not be included except under special conditions. 

In the case of structures having concrete slab floors, an adequate allowance shall 
be made in the design dead load to provide for the weight of a wearing surface. 
This allowance will depend upon the type of wearing surface contemplated: it shall 
be in addition to the weight of any monolithically placed concrete wearing surface, 
and shall be not less than 15 lb. per sq. ft. of roadway. 

The following weights are to be used in computing the dead load: 

Weight per cubic foot, 


pounds 

Steel 490 

Cast iron 450 

Timber (treated or untreated) 60 

Concrete: Stone or gravel, plain or reinforced 150 

Concrete: Coarse Haydite and sand, plain or reinforced. 125 

Concrete: All Haydite, plain or reinforced 105 

Loose sand and earth 100 

Rammed sand or gravel, and ballast 120 

Macadam or gravel, rolled 140 

Cinder filling 60 

Pavement, other than wood block 150 

Railway rails and fastenings 150 lb. per lin. ft. of track 


Live Load. 

203. The live load shall consist of the weight of the applied moving load of 
vehicles, cars and pedestrians. 

Highway Live Loads. 

204. The highway live load on the roadway portion of the bridge shall consist of 
trains of motor trucks, or equivalent loads, as hereinafter specified. Each loading 
is designated by the letter H, followed by a numeral indicating the gross weight in 
tons of the heavier-loaded truck in the train. 

Traffic Lanes 

205. The truck trains or equivalent loads shall be assumed to occupy traffic 
lanes, each having a widtn of 9 ft. corresponding to the standard truck clearance 
width. Within the curb to curb width of the roadway, the traffic lanes shall be 
assumed to occupy any position which will produce the maximum stress but which 
will not involve overlapping of adjacent lanes, nor place the center of the lane 
nearer than 4 ft. 6 in. to the roadway face of the curb. 

Truck. ^ 

206. The wheel spacing, weight distribution, and clearance of the trucks used 
for design puiposes shall be as shown in Fig. B~4. 

Highway Loading. 

207. The highway loading shall be of three classes: namely, H20, HI 5, and HIO, 
and may be either truck train loadings or equivalent loadings. Loadings H16 and 
Hi 0 are 75 and 50 per cent, respectively, of loading H20. 
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id) Truck Train Loadings. The truck train loading shall be as shown in 
Fig. B-5 and shall be used for loaded lengths of less than 60 ft. It shall consist of 
one truck of the gross weight indi- 
cated by the loading class followed 
by, or preceded by, or both followed 
and preceded by, a line of trucks of 
indefinite length, each of the follow- 
ing or preceding trucks having a 
gross weight of three-fourths of 
the gross weight indicated by the 
loading class. 

Trucks in adjacent lanes shall be 
considered as headed in the same 
direction. 

(&) Equivalent Loading. The 
equivalent loading shall be as shown 
in Fig. B-6, and shall be used only 
for loaded lengths of 60 ft. or 
greater. It shall consist of a uni- 
form load per linear foot of traflSc 
lane combined with a single con- 
centrated load so placed on the 
span as to produced maximum 
stress. The concentrated load shall 
be considered as uniformly distributed 
across the lane on a line normal to 
the center line of the lane. For the 
computation of moments and shears, 
different concentrated loads shall be 
used as indicated in Fig. B-6. 


Width of each rear Hre t 

eciuafc I inch per tan of ---t j 
fotai weight of loaded r 

track. I 




-0.4W-V~ 




S -0 "Clearance 
-and lane Width 


Fig. B-4. 




Selection of Loadings. 

208. Bridges of the different classes shall be designed for the loadings as follows : 


Class of Bridge 
AA 
A 
B 


Loading 

H20 

H15 

HIO 


Application of Loadings. 

209. The loadings shall be applied by that one of the following methods which 
produces the greater maximum stress in the member considered, due allowance 
being made for the reduced load intensities hereinafter specified for roadways having 
loaded widths in excess of 18 ft. 

(1) Each trafilc lane loading shall be considered as a unit, and the number and 
position of the loaded lanes shall be such as will produce maximum stress. 

(2) The roadway shall be considered as loaded over its entire width with a load 
per foot of width equal to one-ninth of the load of one traflBlc lane. 


Reduction in Load Intensity. 

210. If the loaded width of the roadway exceeds 18 ft., the specified loads shall 
be reduced 1 per cent for each foot of loaded roadway width in excess of 18 ft. with 
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a maximiun reduction of 25 per cent, corresponding to a loaded roadway width of 
43 ft. If the loads are lane loads, the loaded width of the roadway shall be the 
aggregate width of the lanes considered; if the loads are distributed over the entire 


I 
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^1 

\Z0TonTruck[ 

([), 
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■ 6 . ■■- ■ jIl-. 


30'-- >i<- H'-A< — 30'- — — 30'- 'A<34 — 30'- — >U7-5^^>4<- -30" 

HW LOADING 


Fig. B-5. 


width of the roadway, the loaded width of the roadway shall be the full width of 
roadway between curbs. 

Electric Railway Loading. 

211. If highway bridges carry electric railway traffic, the railway loading shall 
be determined on the basis of the 
class of traffic which the bridge may 
be expected to carry. The possibility 
that the bridge may be required to 
carry the freight cars of steam rail- 
roads shall be given consideration. 

When not otherwise specified, the 
electric railway loading on each track 
shall be a train of two electric cars 
followed by, or preceded by, or both 
followed and preceded by, a uniform 
load. The cars shall be of one of the 
classes shown in Fig. B”>7. The class 
is designated by a numeral indicating 
the total loaded weight of each car. 

The uniform load per foot of track 
following or preceding electric cars 
shall be the uniform load correspond- 
ing to the class of highway loading 
specified (640 lb. per lin. ft. for H20 
loading). The electric railway loading shall be assumed to occupy 10 ft. of the 
roadway width. 

For freight car loading, one of the classes of cars shown in Fig. B~8 may be 
assumed in the absence of more exact data. 


> 

^ f UgoOO for MomeffI 

-^-Cooceotrated Load ]zsoOO for Shear 

f^Urlform load 640 Id per //near fh of lane 


1 

. j 

HZO LOADING 

. I nnrJ forMotpenh 

^-Concentrated Load \js^oo forShear 

^ ^'Uniform had 460 lb. per linear ft. of fane 



HIS LOADING 

^ 1 6000 forMofrwfjf 

^-Concentrated load \13000 for Shear 

(sfl/nlform Load 3Z0 /b. per /hear ft. of /ane 



H JO LOADING 
Fig. B-6. 
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The railway loading used shall be shown on the stress sheets. 

212. Highway bridges carrying electric railway traffic shall be designed for the 
following loading conditions: 

(1) The highway loading on any portion of the roadway area including that 
portion occupied by the railway. 

(2) The electric railway loading on the car tracks and the highway loading on 
the remaining traffic lanes. 

CLASS 


60 -Ton Cars — 
50 -Ton Cars — 
40-700 Cars — 

30 -Ton Cars 

ZO - Ton Cars 


, 5 ^' ^ 38 '-— 

, 53^. ^ 

-(< 46 '- 46 '- ^ 

44 ' 44 ^- ^ 

43 ^, . 


-I-- 


Uniform Load ~ |~ 


tz 


.({)c|)- c} )c| :) (j ^ 


ifo’U\ j j j I j 





40- Ton Cars 

30- Ton Cars 

20- Ton Cars A-/(? 


UnifornJ 

load 


CLASS 
60- Ton Cars 

50- Ton Cars 


Fig. B-7. 


Sidewalk and Foot Bridge Loading. 

213. Sidewalk floors, stringers, and their immediate supports shall be designed 
for a live load of not less than 100 lb. per sq. ft. of sidewalk area. 



lofai loaded iveighi per car, 
inclc/ding^ iO percenroyer/oad 
40 Ton Capaciiv-iSZOOO ib. 
70 Ton Capacity ~'Z1ZOOO Id 


Fig. B-8. 


Girders or trusses of bridges with sidewalks shall be designed for a sidewalk live 
load determined by the following formula: 

in which F — live load, in pounds per square foot of sidewalk area, but not to 
exceed 100 lb. per sq. ft.; 
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L — loaded length of sidewalk, in feet; 

W — width of sidewalk, in feet. 

In calculating stresses in structures which support cantilevered sidewalks, the 
sidewalk shp^l l be considered as fuUy loaded on only one side of the structure if this 
condition produces maximum stress. 

All parts of foot bridges shall be designed for a live load of not less than 100 lb. 
per sq. ft. 

Impact. 

214. Live load stresses, except those due to sidewalk loads and centrifugal, 
tractive, and wind forces, shall be increased by an allowance for dynamic vibratory, 
and impact effects. 

The amount of this allowance or increment is expressed as a fraction of the live 
load stress, and for both electric railway and highway loadings shall be determined 
by the formula: _ 

7 = 

L + 125 ft. 


in which 7 ~ impact fraction; 

L = the length, in feet, of the portion of the span which is loaded to 
produce the maximum stress in the member considered. 

Longitudinal Force. 

215. Provision shall be made for the effect of a longitudinal force of 10 per cent 
of the live load on the structure, acting 4 ft. above the floor. 

Lateral Forces. 

216. (a) The wind force on the structure shall be assumed as a moving horizontal 
load equal to 30 lb. per sq. ft., on l| times the area of the floor system and of deck 
girders, and on the projected area of all trusses, through girders, and handrails. 

(6) The lateral force due to the moving live load and the wind pressure against 
it shall be considered as acting 6 ft. above the roadway and shall be as follows* 
Highway bridges, 200 lb. per lin. ft. 

Highway bridges carrying electric railway traffic, 300 lb. per hn. ft. 

(c) The total assumed wind force shall be not less than 300 lb. per lin. ft. in the 
plane of the loaded chord and 150 lb. per lin. ft. in the plane of the unloaded chord 
on truss spans, and not less than 300 lb. per lin. ft. on girder spans. 

id) In calculating the uplift, due to the foregoing lateral forces, in the posts 
and anchorages of viaduct towers, highway viaducts shall be considered as loaded 
on the leeward traffic lane with a uniform load of 400 lb. per lin. ft. of lane, and 
viaducts carrying electric railway traffic in addition to highway traffic shall be 
considered as loaded on the leeward track with a uniform load of 800 lb. per lin. ft. 
of track. 

(e) A wind pressure of 50 lb. per sq. ft. on the unloaded structure, applied as 
specified above in paragraph (a), shall be used if it would produce greater stresses 
than the combined wind and lateral forces of paragraphs (a) and Qy). 

Centrifugal Force. 

217. If the electric railway track is curved, the structure shall be designed to 
resist a lateral force equal to 10 per cent of the moving railway loading. This lateral 
force shall be considered as acting 4 ft. above the top of the rail. 
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Thermal Forces. 

218. Provision shall be made for the stresses (if any) resulting from the following 
variations in temperature: 

Moderate climate, from 0° to 120° F. 

Cold climate, from —30° to 120° F. 

The rise and fall in temperature shall be figured from an assumed temperature 
at the time of erection. 


DISTRIBUTION OF LOADS 

Distribution of Wheel Loads to Stringers and Floorbeams. 

219. Shear , — In calculating end shears and end reactions in transverse floorbeams 
and longitudinal beams and stringers, no lateral or longitudinal distribution of the 
wheel load shall be assumed. 

Bending Moment in Stringers . — In calculating bending moments in longitudinal 
beams or stringers, no longitudinal distribution of the wheel loads shall be assumed. 
The lateral distribution shall be determined as follows: 

(a) Interior Stringers . — Interior stringers shall be proportioned for fractional 
wheel loads determined in accordance with the following table, except that when 
the limiting stringer spacings are exceeded, the stringer loads shall be determined 
by the reactions of the truck wheels, assuming the flooring between stringers to 
act as a simple beam. 



Floor designed for 

Floor designed for 


one traflSc lane 

two or more traffic lanes 

Kind of floor 

Fraction of 

Limiting 

Fraction of 

Limiting 


a wheel load 

stringer 

a wheel load 

stringer 


to each 

spacing 

to each 

spacing 


stringer 

in feet 

stringer 

in feet 

Plank 


4.0 

A 

5.0 


4.0 


3 . 5 


Strip 4 in. in thickness or 

s 


S 


wood block on 4-in. plank 

4 5 

4.5 

3 75 

5.5 

sub“floor 





Strip 6 in. or more in thick- 


5.0 

S 

6.0 

ness 

5.0 


4 0 



S 




Concrete 

6.0 

6.0 

4.5 

10.0 


S — spacing of stringers, in feet. 


(&) Outside Stringers . — ^The live load supported by outside stringers shall be 
the reaction of the truck wheels, assuming the flooring to act as a simple beam 
between stringers. 
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(c) Total Capacity of Stringers . — ^The combined load capacity of the beams in a 
panel shall not be less than the total Hve and dead load in the panel. 

Bending Moment in Floorheams . — In calculating bending moment in floorbeams, 
no transverse distribution of the wheel loads shall be assumed. 

If longitudinal stringers are omitted and the floor is supported directly on the 
floorbeams, the latter shall be proportioned for a fraction of the wheel loads as indi- 
cated in the following table, except that when the limiting floorbeam spacing is 
exceeded the floorbeam loads shall be determined by the reactions of the truck 
wheels, assuming the flooring between floorbeams to act as a simple beam. 



i Fraction of 

Limiting floor- 

Kind of floor 

wheel loads to 

beam spacing. 

h 

each floorbeam 

in feet 

Plank 

S 

4.0 

4.0 

Strip 4 in. in thickness or wood block on 4-in. 

S 

4.5 

plank sub-floor 

4.5 

Strip 6 in. or more in thickness 

S 

5.0 

5.0 

Concrete 

S 

6.0 

6.0 


5 == spacing of floorbeams, in feet. 


Distribution of Wheel Loads on Concrete Slabs. 

220. Bending Moment — In calculating bending stresses due to wheel loads on 
concrete slabs, no distribution in the direction of the span of the slab shall be 
assumed. In the direction perpendicular to the span of the slab, the wheel load 
shall be considered as distributed uniformly over a width of slab which is termed 
the effective width and is obtained from the following formulas, in which 

S = span of slab, in feet; 

W = width of wheel or tire, in feet; 

D = distance, in feet, from the center of the near support to the center of wheel; 

E ~ effective width in feet for one wheel. 

Case I. Main Reinforcement Parallel to Direction of Traffic. 

E == 0.7/S' + Wt in which E shall have a maximum value of 7.0 ft. 

When two wheels are so located on a transverse element of the slab that their 
effective widths overlap, the effective width for each wheel shall be l/2(^ -f C), 
in which E is -the value determined by the formula above and C is the distance 
between centers of wheels. 
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Case II. Main Reinforcement Perpendicular to Direction of Traffic. 

E = 0.7 (2D -h W). 

For this case the bending moment on a strip of slab 1 ft. in width shall be deter- 
mined by placing the wheel loads in the position to produce the maximum bending, 
assuming no distribution; determining the effective width for each wheel; and 
assuming the load of each wheel on the 1-ft. strip to be the wheel load divided by 
its respective effective width. 

The design assumption of Case II does not provide for the effect of loads near 
unsupported edges. Therefore, at the ends of the bridges and at intermediate 
points where the continuity of the slab is broken, the edges of the slab shall be 
supported by diaphragms or other suitable means. 

Shear , — Slabs designed for bending moment in accordance with the foregoing 
rules and for the wheel loads contemplated by these specifications may be con- 
sidered adequate for shear without special reinforcement. 

Distribution of Electric Railway Wheel Loads. 

221. Electric railway wheel loads shall be assumed to be uniformly distributed 
longitudinally over a length of 3 ft. In the case of ballasted floors, a lateral dis- 
tribution of 10 ft. for an axle load shall be assumed. 

Reversal of Stress. 

222. Members subject to alternate stresses of tension and compression, due 
to the combination of dead, live, impact, and centrifugal stresses, shall be pro- 
portioned for the kind of stress requiring the larger section. 

If the alternate stresses occur in succession during the passage of the live load, 
the larger shall be increased by 50 per cent of the smaller and the connections designed 
for the resultant stress thus obtained. 

Combined Stresses. 

223. Members subject to both axial and bending stresses shall be so proportioned 
that the combined fiber stresses will not exceed the maximum allowable axial stress. 
In members continuous over panel points, only three-fourths of the bending stress 
computed as for simple beams shall be added to the maximum axial stress. 

224. Members subject to stresses produced by a combination of dead load, live 
load, impact, and centrifugal force, with either lateral or longitudinal forces, or 
with bending due to lateral forces, may be proportioned for unit stresses 30 per cent 
greater than those specified in Art. 301, Appendix A; but the section of the member 
shall not be less than that required for the combined dead load, live load, impact, 
and centrifugal force. 

Secondary Stresses. 

225. Secondary stresses shall be avoided as far as practicable. In trusses without 
sub-paneling, secondary stresses due to distortions need not be considered in any 
member the width of which, measured parallel to the plane of flexure, is less than 
one-tenth of its length. Other secondary stresses shall be considered. 

Section 3. — ^Unit Stresses 

From here on all articles in the specifications for design of railway bridges, 
given in Appendix A, beginning with 301, are operative except where specifically 
modified. 
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Slenderness Ratio. 

305. The slenderness ratio (ratio of unsupported length to corresponding radius 
of gyration) shall not exceed: 

120 for main compression members 

140 for riveted tension members subject to live load reversal of stress 

140 for wind and sway bracing 

140 for single lacing 

200 for double lacing 

200 for riveted tension members not subject to live load reversal of stress 

Section 4.'~-Details of Design 
Outstanding Legs of Angles. 

405. The width of outstanding legs of angles in compression, except where rein- 
forced by plates, shall not exceed the following: 

(а) In girder flanges, twelve times the thickness. 

(б) In main members carrying axial stress, twelve times the thickness. 

(c) In bracing and other secondary members, sixteen times the thickness. 

Half-Through Truss Spans. 

434 (a). The vertical truss members and the floorbeam connections of half- 
through truss spans shall be proportioned to resist a lateral force, applied at the 
top chord panel points of the truss, determined by the following equation: 

R = 150(A + P); 

R = the lateral force, in pounds; 

A = area of cross-section of the chord, in square inches; 

P = panel length, in feet. 

The necessary resistance may be secured in part by extending one or both of the 
floorbeam connection angles upward along the inside of the post and by providing 
a solid web on the post. If outrigger brackets are used they shall be effectively 
connected to the floorbeam. 
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AMERICAN INSTITUTE OF STEEL CONSTRUCTION 
♦SPECIFICATION FOR THE 

DESIGN, FABRICATION, AND ERECTION OF STRUCTURAL STEEL 

FOR BUILDINGS 

As Adopted June 1, 1923, and Revised November, 1928, with Editorial 

Revision January, 1934. 

For Brevity This Document is Referred to in this Text as the 
A.I.S.C. Specification 

SECTION 1. 

This Specification defines the practice adopted by the American Institute of 
Steel Construction for the design, fabrication, and erection of structural steel for 
buildings. 

SECTION 2. GENERAL. 

To obtain a satisfactory structure, the following major requirements must be 
fulfiUed. 

(a) The material used must be suitable, of uniform quality, and without 
defects affecting the strength or service of the structure. 

(b) Proper loads and conditions must be assumed in the design. 

(c) The unit stresses must be suitable for the material used. 

(d) The workmanship must be good, so that defects or injuries are not 
produced in the manufacture. 

(e) The computations and design must be properly made so that the unit 
stresses specified shall not be exceeded, and the structure and its details shall 
possess the requisite strength and rigidity. 

SECTION 3. MATERIAL. 

* Structural steel shall conform to the Standard Specifications of the American 
Society for Testing Materials for Steel for Buildings, Serial Designation A 9 (or, 
if so specified by the Buyer, for Steel for Bridges, Serial Designation A 7), as 
amended to date. (Ultimate tensile strength 60000-72000 pounds per square 
inch.) 

SECTION 4. LOADING. 

(a) Steel structures shall be designed to sustain the dead weight imposed 
upon them, including the weight of the steel frame itself, and, in addition, the 
maximum live load as specified in each particular case. Proper provision shall 
be made for temporary stresses caused by erection. 
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(b) In cases where live loads have the effect of producing impact or vibration, 
a proper percentage shall be added to the static live load stresses to provide for 
such influences, so that the total stress found in any member is an equivalent 
static stress. 

(c) Proper provision shall be made for stresses caused by wind both during 
erection and after completion of the building. The wind pressure is dependent 
upon the conditions of exposure, but the allowable stresses specified in Section 5 
(f) and (g) are based upon the steel frame being designed to carry a wind pressure 
of not less than twenty (20) pounds per square foot on the vertical projection of 
exposed surfaces during erection, and fifteen (15) pounds per square foot on the 
vertical projection of the finished structure. 

(d) Proper provision shall be made to securely fasten the reaction points of 
all steel construction and transmit the stresses to the foundations of the structure. 

SECTION 5. ALLOWABLE STRESSES. 

All parts of the structure shall be so proportioned that the sum of the maxi- 
mum static stresses in pounds per square inch shall not exceed the following: 


(a) Tension. 

Polled Steel, on net section 18000 

On the area of the nominal diameter of rivets under the limitations 
defined in Section 13 13500 


(b) Compression. 

Rolled Steel, on short lengths or where lateral deflection is prevented. 18000 
On gross section of columns, 

18000 


^ ISOOOr^ 

with a maximum of 15000 

in which I is the unbraced length of the column, and r is the correspond- 
ing least radius of gyration of the section, both in inches. 

For main compression members, the ratio l/r shall not exceed 120, 
and for bracing and other secondary members, 200. 

(c) Bending. 

On extreme fibers of rolled sections, and built-up sections, net 
section, if lateral deflection is prevented 18000 

When the imsupported length I exceeds 15 times 6, the width of the 
compression flange, the stress in pounds per square inch in the latter 
shall not exceed. 

20000 


^ 200062 

The laterally unsupported length of beams and girders shall not 
exceed 40 times 5, the width of the compression flange. 

On extreme fibers of pins, when the forces are assumed as acting at 
the center of gravity of the pieces 


27000 
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*(d) Shearing. 

On pins 13500 

On power-driven rivets 13500 

On turned bolts in reamed holes with a clearance of not more than 

1/50 of an inch 13500 

On hand-driven rivets 10000 

On unfinished bolts 10000 

On the gross area of the webs of beams and girders^ where A, the 
clear distance between flanges in inches, is not more than 60 times t, 

the thickness of the web in inches 12000 

On the gross area of the webs of beams and girders if the web is not 
stiffened where h is more than 60 times tj the greatest average shear 


per square inch, , shall not exceed 
A 

18000 

7200/2 

in which V is the total shear, and A is gross area of web in square inches. 


(e) Bearing. Double Single 

Shear Shear 

On pins 30000 24000 

On power-driven rivets 30000 24000 

On turned bolts in reamed holes 30000 24000 

On hand-driven rivets 20000 16000 

On unfinished bolts 20000 16000 


On expansion rollers per linear inch, 600 times the diameter 
of the roller in inches. 

(f) Combined Stresses. 

For combined stresses due to wind and other loads, the permissible working 
stress may be increased 33§ per cent, provided the section thus found is not 
less than that required by the dead and live loads alone. 

(g) Members Carrying Wind Only. 

For members carrying wind stresses only, the permissible working stresses 
may be increased 33f per cent. 

SECTION 6. SYMMETRICAL MEMBERS. 

Sections shall preferably be symmetrical. 

SECTION 7. BEAMS AND GIRDERS. 

(a) Rolled beams shall be proportioned by the moment of inertia of their net 
section. Plate girders with webs fully spliced for tension and compression shall 
be so proportioned that the unit stress on the net section does not exceed the 
stresses specified in Section 5 as determined by the moment of inertia of the net 
section. 

(b) Plate girder webs shall have a thickness of not less than 1/160 of the 
unsupported distance between the flanges. 

*(c) Web splices shall consist of plates on each side of the web capable of 
transmitting the full stress through the splice connections. 
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(d) Stiffeners. Stiffeners shall be required on the webs of rolled beams and 
plate girders at the ends, and at points of concentrated loads, an d at other points 
where h, the clear distance between flanges, is greater than 85i V 18000 (A/V) — 1, 
in which t is the thickness of the web. When stiffeners a re required, the d istance 
in inches between them shall not be greater than 85^ vlSOOO (A/V) — 1, or not 
greater than 6 feet. When h is greater than 60 times t, the thickness of the web 
of a plate girder, stiffeners shall be required at distances not greater than 6 feec 
apart. Stiffeners under or over concentrated loads shall be proportioned to 
distribute such loads into the web. 

Plate girder stiffeners shall generally be in pairs, one on each side of the web, 
and shall have a close bearing against the flange angles at points of concentrated 
loading; stiffeners over the end bearings shall be on plate fillers. The pitch of 
rivets in stiffeners shall not exceed 6 inches. 

(e) Flange plates of all girders shall be limited in width so as not to extend 
more than 6 inches or more than 12 times the thickness of thinnest plate beyond 
the outer row of rivets connecting them to the angles. 

(f) Crane runway girders and the supporting framework shall be propor- 
tioned to resist the greatest horizontal stresses caused by the operation of the 
cranes. 

(g) Rivets connecting the flanges to the web at points of direct load on the 
flange between stiffeners shall be proportioned to carry the resultant of the 
longitudinal and transverse shears. 

(h) Rivets connecting the flanges to the webs of plate girders and of columns 
subjected to bending shall be so spaced as to carry the increment of the flange 
stress between the rivets. 

SECTION 8. COLUMN BASES. 

(a) Proper provision shall be made to distribute the column loads on the 
footings and foundations. 

*(b) The top surface of all column bases, except rolled steel bearing plates 4 
inches or under in thickness, shall be planed for the column bearing. 

(c) Column bases shall be set true and level, with full bearing on the masonry, 
and be properly secured to the footings. 

SECTION 9. ECCENTRIC LOADING. 

Full provision shall be made for stresses caused by eccentric loads. 

SECTION 10. COMBINED STRESSES. 

(a) Members subject to both direct and bending stresses shall be so pro- 
portioned that the greatest combined stresses shall not exceed the allowed 
limits. 

(b) All members and their connections which are subject to stresses of both 
tension and compression due to the action of live loads shall be designed to 
sustain stress giving the largest section, with 50 per cent of the smaller stress 
added to it. If the reversal of stress is due to the action of wind, the member 
shall be designed for the stress giving the largest section and the connections 
proportioned for the largest stress. 
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SECTION 11. ABUTTING JOINTS. 

Compression members when faced for bearings shall be spliced sufficiently to 
hold the connecting members accurately in place. Other joints in riveted work, 
whether in tension or compression, shall be fuUy spliced. 

SECTION 12. NET SECTIONS. 

(a) In calculating tension members, the net section shall be used, and in 
deducting the rivet holes they shall be taken ^ inch greater in diameter than the 
nominal diameter of the rivets. 

*(b) In pin connected tension members, the net section through the pin hole, 
transverse to the axis of the member, shall be at least 25 per cent greater than the 
net section of the member. The net section beyond the pin hole, parallel with 
the axis of the member, shall be not less than 75 per cent of the net section required 
through the pin hole. 

SECTION 13. RIVETS AND BOLTS. 

(a) In proportioning rivets, the nominal diameter of the rivet shall be used. 

(b) Rivets carrying calculated stresses, and whose grip exceeds five diameters, 
shall have their number increased 1 per cent for each additional 1/10 inch in the 
rivet grip. Special care shall be used in heating and driving such rivets. 

(c) Rivets shall be used for the connections of main members carrying live 
loads which produce impact, and for connections subject to reversal of stresses. 

(d) Finished bolts in reamed holes may be used in shop or field work where it 
is impracticable to obtain satisfactory power-driven rivets. The finished shank 
shall be long enough to provide full bearing, and washers used under the nuts to 
give full grip when turned tight. 

Unfinished bolts may be used in shop or field work for connections in small 
structures used for shelters, and for secondary members of all structures such as 
purlins, girts, door and window framing, alignment bracing and secondary beams 
in floor. 

(e) The end reaction stresses of trusses, girders, or beams, and the axial 
stresses of tension or compression members which are carried on rivets, shall have 
such stresses developed by the shearing and bearing values of the rivets; but 
where rivets are used for shelf or bracket supports or for connections that also 
provide rigidity to the structure, the rivets may in addition to their shearing and 
bearing stresses, carry tension as defined in Section 5 (a). 

SECTION 14. RIVET SPACING. 

(a) The minimum distance between centers of rivet holes shall be three 
diameters of the rivet; but the distance shall preferably be not less than 4^ inches 
for ij inch rivets, 4 inches for l| inch rivets, 3| inches for 1 inch rivets, 3 inches 
for I inch rivets, 2| inches for f inch rivets, 2 inches for | inch rivets, and 
if inches for | inch rivets. The maximum pitch in the line of stress of compres- 
sion members composed of plates and shapes shall not exceed 16 times the 
thinnest outside plate or shape, nor 20 times the thinnest enclosed plate or 
shape with a maximum of 12 inches, and at right angles to the direction of stress 
the distance between lines of rivets shaR not exceed 30 times the thinnest plate 
or shape. For angles in built sections with two gage lines, with rivets staggered. 
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the maximum pitch in the line of stress in each gage line shall not exceed 24 
times the thinnest plate with a maximum of 18 inches. 

(b) In tension members composed of two angles, a pitch of 3 "6" will be 
allowed, and in compression members, 2'~0", but the ratio l/r for each angle 
between rivets shall not be more than f of that for the whole member. 

(c) The pitch of rivets at the ends of built compression members shall not 
exceed four diameters of the rivets for a length equal to if times the maximum 
width of the member. 

(d) The minimum distance from the center of any rivet hole to a sheared edge 
shall be 2j inches for inch rivets, 2 inches for l| inch rivets, if inches for 1 inch 
rivets, 1 J inches for inch rivets, if inches for f inch rivets, if inches for | inch 
rivets and 1 inch for f inch rivets. The maximum distance from any edge shall 
be 12 times the thickness of the plate, but shall not exceed 6 inches. 

SECTION 15. CONNECTIONS. 

*(a) Connections carrying calculated stresses, except for lacing, sag bars, or 
hand rails, shall have not few^er than 2 rivets. 

(b) Members meeting at a joint shall have their lines of center of gravity 
meet at a point if practicable; if not, provision shall be made for any eccentricity. 

(c) The rivets at the ends of any member transmitting the stresses into that 
member should have their centers of gravity in the line of the center of gravity 
of the member; if not, provision shall be made for the effect of the resulting 
eccentricity. Pins may be so placed as to counteract the effect of bending due 
to dead load. 

(d) When a beam or girder is connected to another member in such a 
manner that “A^’ acts as a continuous or fixed end beam, proper provision shall 
be made for the bending moments at such a connection. 

*(e) Where stress is transmitted from one piece to another, through a loose 
filler, the number of rivets shall be such as to properly develop the stresses; 
tight-fitting fillers shall be preferred. 

SECTION 16. LATTICE. 

(a) The open sides of compression members shall be provided with lattice 
having tie plates at each end and at intermediate points if the lattice is inter- 
rupted. Tie plates shall be as near the ends as practicable. In main members 
carrying calculated stresses the end tie plates shall have a length of not less than 
the distance between the lines of rivets connecting them to the flanges, and inter- 
mediate ones of not less than one-half of this distance. The thickness of tie 
plates shall be not less than one-fiftieth of the distance between the lines of rivets 
connecting them to the segments of the members, and the rivet pitch shall be not 
more than four diameters. Tie plates shall be suflicient in size and number to 
equalize the stress in the parts of the members. 

(h) Lattice bars shall have neatly finished ends. The thickness of lattice 
bars shall be not less than one-fortieth for single lattice and one-sixtieth for double 
lattice of the distance between end rivets; their Tninimmn width shall be as 
follows: 

For 15" channels, or built sections with Sf" and 4" angles — (f " rivets), 
or (J" rivets). 
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For 12", 10", and 9" channels, or built sections with 3" angles — 2|" (|" rivets). 

For 8" and 7" channels, or built sections with 2|" angles — 2" (f " rivets), or 
2j" (I" rivets). 

For 6" and 5" channels, or built sections with 2" angles — (|" rivets), or 
if" (f" rivets). 

*(c) The inclination of lattice bars to the axis of the members shall preferably 
be not less than 45 degrees. When the distance between the rivet lines in the 
flanges is more than 15 inches, the lattice shall be double and riveted at the inter- 
section if bars are used, or else shall be made of angles. 

(d) Lattice bars shall be so spaced that the ratio l/r of the flange included 
between their connections shall be not over f of that of the member as a whole. 

SECTION 17. EXPANSION. 

Proper provision shall be made for expansion and contraction. 

SECTION 18. MINIMUM THICKNESS. 

No steel less than inch thick shall be used for exterior construction, nor 
less than J inch for interior construction, except for linings or fillers and rolled 
structural sections. 

These provisions do not apply to light structures such as skylights, marquees, 
fire-escapes, light one-story buildings, or light miscellaneous steel work. 

For trusses having end reactions of 35000 pounds or over, the gusset plates 
shall be not less than f inch thick. 

SECTION 19. ADJUSTABLE MEMBERS. 

* The total initial stress in adjustable members shall be assumed as not less 
than, 5000 pounds. 

SECTION 20. WORKMANSHIP. 

(a) All workmanship shall be equal to the best practice in modem structural 
shops. 

(b) Drifting to enlarge unfair holes shall not be permitted. 

(c) The several pieces forming built sections shall be straight and fit close 
together; and finished members shall be free from twists, bends, or open joints. 

(d) Rolled sections, except for minor details, shall not be heated. 

(e) Wherever steel castings are used, they shall be properly annealed. 

(f) Ptmching. Material may be punched A" inch larger than the nominal 
diameter of the rivets, whenever the thickness of the metal is equal to or less than 
the diameter of the rivets, plus J inch. When the metal is thicker than the 
diameter of the rivet, plus f inch, the holes shall be drilled, or sub-punched and 
reamed. 

*(g) Rivets are to be driven hot and, wherever practicable, by power. Rivet 
heads shall be of hemispherical shape and uniform size throughout the work for 
the same size rivet, full, neatly finished, and concentric with the holes. Rivets, 
after driving, shall be tight, completely filling the holes, and with heads in full 
contact with the surface. Rivets shall be heated uniformly and their tempera- 
ture before driving should not exceed 1950° F., which is a light yellow color. 
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An air hammer should not be used for driving after the temperature is below 
1000° ¥,f which is a blood red color. 

*(h) Compression joints depending upon contact bearing shall have the bear- 
ing surfaces truly faced and plane after the members are riveted. All other 
joints shall be cut or dressed true and straight, especially where exposed to view. 

(i) The use of a cutting torch is permissible if the metal being cut is not 
carrying stresses during the operation. The radius of re-entrant flame cut 
fillets shall be as large as possible, but never less than 1 inch. To determine the 
net area of members so cut, f inch shall be deducted from the flame cut edges. 
Stresses shall not be transmitted through a flame cut surface. 

SECTION 21, PAINTING. 

(a) Parts not in contact, but inaccessible after assembling, shall be properly 
protected by paint. Surfaces to be riveted in contact shall not be painted. 

(b) All steel work, except where encased in concrete, shall be thoroughly 
cleaned and given one coat of acceptable metal protection well worked into the 
joints and open spaces. 

(c) Machine finished surfaces shall be protected against corrosion. 

(d) Field painting is a phase of maintenance, but it is important that unless 
otherwise properly protected, all steel work shall after erection be protected by a 
field coat of good paint applied by a competent painter. 

SECTION 22. ERECTION. 

(a) The frame of all steel skeleton buildings shall be carried up true and 
plumb, and temporary bracing shall be introduced wherever necessary to take 
care of all loads to which the structure may be subjected, including erection 
equipment, and the operation of same. Such bracing shall be left in place as 
long as may be required for safety. 

(b) As erection progresses the work shall be securely bolted up to take care 
of all dead load, wind and erection stresses. 

(c) Wherever piles of material, erection equipment, or other loads are carried 
during erection, proper provision shall be made to take care of stresses resulting 
from the same. 

(d) No riveting shall be done imtil the structure has been properly aligned. 

(e) Rivets driven in the field shall be heated and driven with the same care 
as those driven in the shop. 

SECTION 23. INSPECTION. 

(a) Material and workmanship at all times shall be subject to the inspection 
of experienced engineers representing the purchaser. 

(b) Material or workmanship not conforming to the provisions of this Speci- 
fication shall be rejected at any time defects are found during the progress of the 
work. 

(c) The Contractor furnishing such material or doing such work shall 
promptly replace the same. 

(d) All inspection as far as possible shall be made at the place of manu- 
facture, and the Contractor or Manufacturer shall co-operate with the Inspector, 
permitting access for inspection to all places where work is being done. 
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A 

Actual stresses, compression members, 
217 

A.I.S.C. Specifications for building de- 
sign, 547 

Ammann, 0. H., 268 
Appearance of structural members, 203 
Approximate radii of gyration, 421 
Area, compression members, 215 
net, of tension members, 202 
Arrangement of structural members, 5 
Assumptions in design of girders, 115 

B 

Bay length, definition of, 18 
Beam and column framing, bracing for, 
22 

Beam bridges, description of, 39 
definition of, 14 

Beam connections, framed, 272 
illustrative example, 280 
seat, 277 
split-beam, 307 
standard, 276 
subject to moment, 299 
illustrative example, 312 
Beams, bending in two directions, 106 
definition of, 9 
holes in flanges, 100 
limited deflection, 112 
selection of, by maximum moment 
tables, 66 

by safe load tables, 66 
by section modulus, 63 
illustrative example, 66 
web strength of, diagonal buckling, 
80 

illustrative examples, 94 
shear, 78 

vertical buckling, 84 
vertical compression, 88 
with cover plates, 102 
without lateral support, 70 


Bending, compression members, 220 
effect of deflection, 223 
tension members, 203 
effect of deflection, 204 
Bent, bracing for, with knee braces, 26 
without knee braces, 28 
definition of, 18 
Bishop, C, T., 61 
Boardman, H. C., 485 
Braced bay, definition of, 18 
Bracing, bent with knee braces, 26 
bent without knee braces, 28 
bridge girders, 442 
bridge trusses, 440 
flat roof buildings, 31 
for beam and column building, 22 
for industrial buildings, 26 
weight of, 375 

Bridge decks, typical sections, 428, 429, 
430 

Bridges, classification of, 37 
contrasted layouts, 439 
dead load, 428 
design of floorbeams, 449 
design of layout," 436 
design of stringers, 448 
design of trusses, 452 
bracing, 458 
compression chords, 456 
tension chords, 452 
web members, 457 
economic proportions, 440 
economic span length, 437 
girder spans, bracing for, 442 
design of, 442 

highway, specifications for design, 534 
weight of, 430 
illustrative design, 460 
impact on, 424 
live loads for, 422 
railway, specifications for design, 511 
weight of, 431 
truss spans, design of, 446 
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Bridge trusses, depth of, 440 
Hudson’s formula for weight of, 434 
slope of diagonals, 441 
Buildings, data on welding, 499 
floor framing, estimating weight of, 
376 

industrial, bracing for, 26 
illustrative designs, 396 
roof loads for, 367 
specifications for design, 547 
Building tmsses, depth of, 388 
formula for weight, 374 
Burr, William H,, 213 

C 

Center of gravity of plate girder 
flanges, 420 

Chord splices, double-plane trusses, 
351-366 

single-plane trusses, 334-340 
Column formulas, Rankin-Gordon, 213 
straight line, 213 

Columns (see also Compression mem- 
bers) 

actual stresses in, 217 
cut-off, definition of, 16 
loaded at two levels, 233 
illustrative example, 236 
shear in, 244 

Compression members, actual stresses, 
217 

area required, 215 
convenient relations, 219 
definition of, 12 
design of, 212 
illustrative example, 228 
economical proportions, 218 
latticing for, common rules, 241 
illustrative example, 244, 260 
maximum spacing of, 255 
limiting thicknesses, 218 
proportioning, 214 
safe load tables, 227 
slenderness ratio, crane columns, 395 
influence on design, 215, 390, 457 
limiting values, 518, 546, 548 
subject to bending, 220 
effect of deflection, 223 
suitability of common types, 199 
typical sections of, 13, 199 


Conklin, C. D., 61 
Connections, beam, framed, 272 
illustrative example, 280 
seat, 277 
standard, 276 
pin, 261, 268 

riveted, effect of initial tension, 296 
general, 263 
initial tension, 295 
methods of failure, 266 
principles of design, 270 
split-beam, 307 
subject to moment, 285 
rivets in shear, 285 
rivets in tension, 291 
types of, 261 

welded, beams and columns, 495 
for trusses, 504 

Cover plates, determination of length, 

124 

for girder bridges, 444 
envelope curve for, 445 
Crane columns, 393 
Cross, Hardy, 396 
Cross frames for girder bridges, 42 
proportions of, 443 
spacing of, 442 

Cut-off columns, definition of, 16 
D 

Dead load, definition, 3 
estimates of, 4 
Dencer, F. W., 61 
Depth, of bridge trusses, 440 
of building trusses, 388 
Detailing, importance of, 60 
Determination of stresses, 5 
Double-plane truss, connections, 346- 
366 

definition of, 21 
stresses in gussets, 349 
tension splices, 351, 355 
Drawings, design, 62 
layout, 62 • 
shop, 62 
stress sheet, 61 
Dry den, Hugh L,, 371 
Duchemin, Colonel, 370 
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E 

Eccentric connections, riveting for, 285 
Economic depth for plate girders, 189 
Economic proportions for bridges, 440 
for compression members, 218 
Economic span length for bridges, 437 
Eiffel, G., 371 

Envelope curve for cover plate length, 
446 

F 

Fish, Gilbert D, 481 
Fleming, Robins, 369 
Floorbeams, design, 448 
estimating weight of, 376 
narrow flanges desirable, 450 
Floor loads, dead, 376 
live, 375 

Framing, weight of, for floors, 376 
Functional design, definition of, 1 
relation to structural, 3 

G 

Girder bridges, description of, 39 
design of, 442 

Girder connections to resist moment, 
299 

Girders, see Plate girders 
Gowen, Sumner, 445 
Gusset plates, stresses, in double-plane 
truss, 349 

in single-plane truss, 340-342 
H 

Hill, George C„ 371 
Hoover, Herbert, 375 
Hudson, C, W., 88 
Hudson’s 100/3 formula, 434 

I 

Impact, 4, 424, 515, 542, 548 
Industrial buildings, bracing for, 26 
weight of, 375 
framing for, 17 
illustrative designs, 396 

J 

Johnson, Thomas H., 213 


K 

Ketchum, M. S., 61, 176, 480 
Kunz, F, C., 445 

L 

Lap splice, 356 

Lateral bracing for girder bridges, 443 
Length of cover plates, 124 
algebraic determination, 129 
graphical determination, 128 
parabolic determination, 126 
Live loads, see Loads 
Loads, bridges, dead, 428 
live, 422 
crane, 379 

dead, definition of, 3 
floor, dead, 376 
live, 375 
definition of, 4 
roof, 367 
wall, 379 

Lug angles, 344-345 

M 

Maximum stresses in columns, 217 
McKay, R. F., 271 
McKibben, Frank P., 495, 498, 507 
Modern truss types, 52 

N 

Net section, 320 
calculation of, 322 
definition, 322 
diagrams, 325, 326, 327 
tension members, 202 

0 

Oliver, W. A., 295 

P 

Pitch of rivets, plate girder flanges, 
137 

Plate girders, center of gravity of 
flanges, 420 
definition, 10 
design assumptions, 115 
design of, illustrative examples, 123, 
158 

design of flanges, approximate 
method, 116 
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Plate girders, design of flanges, author’s 
modified method, 178 
moment of inertia, 168 
net section, 122 
proportioning, 122 
design of web, 116 
economic depth, 189 
efiective depth, 121 
estimating weight of, 378 
flange splices, 142, 153 
length of cover plates, 124 
algebraic determination, 129 
graphical determination, 128 
parabolic determination, 124 
railway, Szlapka’s formula for weight 
of, 431 

rivet pitch, 137 
vertical loads, 140 
typical cross sections, 10 
web reinforcement for, 166 
illustrative example, 168 
web splices, type A, 143 
type B, 145 
type C, 146 
web stiffeners, 129 
bearing, design of, 130 
riveting of, 132 
intermediate, design of, 133 
spacing of, 133 
web thickness, 121 
welded, 501 

without lateral support, 180 
illustrative example, 184 
subject to lateral loads, 180 
Priest, H. M., 482 
Proportioning, some factors in, 6 
Purlins, definition of, 17 
design of, 381 
sag rods for, 382 
weights of, 374 

R 

Radii of gyration, table of approxi- 
mate values, 421 

Riveted connections, double-plane 
trusses, 346-366 
compression splices, 364 
tension splices, 351, 355 
effect of initial tension, 296 
general, 263 


Riveted connections, initial tension in, 
295 

method of failure, 266 
principles of design, 270 
single-plane trusses, 329-345 
chord splices, 334-340 
lug angles, 344-345 
stresses in gusset plates, 340-342 
subject to moment, rivets in shear, 
285 

rivets in tension, 291 
Rivet pitch, plate girder flanges, 137 
Roof framing, weight of, 374 
Roofing, weights of, 373 
Roof loads, equivalent snow and wind, 
369 

snow, 368 
wind, 369 

Roof trusses, compression diagonals, 
390 

design of, 386 

formula for weight of, 374 
pitch and depth illustrated, 387 
proportioning, 389 
slope of diagonals, 389 

S 

Safe load tables, use of, beams, 66 
compression members, 227 
Sag rods, 383 
Salmon, E. H., 212 

Single-plane trusses, chord splices, 334- 
340 

connections, 329-345 
lug angles, use of, 344-345 
stresses in gusset plates, 340-342 
definition of, 20 

Slenderness ratio, crane columns, 395 
influence on design, 215, 390 
bridge trusses, 457 
limiting values, 518, 546, 548 
Span, economic, for bridges, 437 
Spandrel beam, definition of, 15 
Specifications for design, buildings, 547 
highway bridges, 534 
railway bridges, 511 
Splices, compression members, double- 
plane trusses, 364 
girder flanges, 153 
girder webs, 143, 145, 146 
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Splices, lap or shingle, 356 
tension member, double-plane 
trusses, 351, 355 
single-plane trusses, 334-340 
Split-beam connections, 307 
illustrative example, 312 
Stanton, Thomas E., 372 
Statics, importance of training in, 6 
Stresses, actual in columns, 217 
gusset plates, double-plane trusses, 
349 

single-plane trusses, 340-342 
Stringer, definition of, 43 
design of, 448 

Structural design, definition of, 1 
four parts in, 3 
relation to functional, 3 
some points in, 2 

Structural members, appearance of, 
203 

arrangement of, 5 
fundamental forms, 9 
Suction, leeward side of structures, 
371, 372 

Swain, George Fillmore, 212, 369 
Symbols for welding, 489 
Szlapka, Peter L., 9-L formula, 431 

T 

Tension members, batten plates for, 
238 

definition of, 11 
design, 201 

illustrative example, 210 
net section, 202, 322 
splices, heavy double-plane, 355 
ordinary double-plane, 351 
single-plane, 334-340 
subject to bending, 203 
effect of deflection, 204 
suitability of common types, 196 
typical sections of, 12, 196 
Traction frames, 459 
Trestles, description of, 48 
Truss bridges, general description, 51 
modern types, 52 

Truss connections, double-plane, 346- 
366 

chord splices, 351, 355 
stresses in gusset plates, 349 


Truss connections, single-plane, 329- 
345 

chord splices, 334-340 
stresses in gusset plates, 340-342 
single-plane trusses, lug angles, use 
of, 344-345 

Trusses, bridge, depth of, 440 
design of, 448, 452 
economic proportions, 440 
economic span, 437 
Hudson’s formula for weight of, 434 
building, depth of, 388 
design of, 386 
formula for weight, 374 
double-plane, definition of, 21 
single-plane, definition of, 20 
slope of diagonals, 389, 441 
welded, 504 

V 

Vacuum, leeward side of buildings, 371, 
372 

Velocity pressure, true and indicated 
wind speed, 372 
Viaducts, see Trestles 

W 

Waddell, J. A. L., 364, 431, 436 
Walls, weight of, 579 
Watson, Wilbur J., 371 
Web reinforcement, for beams, 79 
for girders, 166 

Web splices for girders, type A, 143 
type B, 145 
type C, 146 

Web stiffeners for girders, bearing, de- 
sign of, 130 
riveting of, 132 
intermediate, design of, 133 
spacing of, 133 

Web strength of beams, diagonal buck- 
ling, 80’ 

illustrative examples, 94 
shear, 78 

vertical buckling, 84 
vertical compression, 88 
Weight, of bridge trusses, Hudson’s 
formula for, 434 

of building trusses, formula for, 374 
of railway girders, Szlapka’s formula 
for, 431 
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Welded connections, beams and col- 
umns, 495 
trusses, 504 

Welded joints, types of, 484 
Welded plate girders, 501 
Welded steel buildings, data on, 499 
Welded trusses, 504 
Welding, clearances, 485 
methods of, 481 
permissible stresses for, 508 
symbols and notation for, 489 


Welds, fillet, bending stress, 490 
direct stress, 487 
definition of terms, 484, 507 
strength of ordinary, 486 
strength of shielded arc, 487 
Wilson, W. M., 295 
Wind pressure, Florida and Gulf of 
Mexico, 372 
inclined surfaces, 370 
normal surfaces, 369 
velocity, 372 














This pocket contains Plates II to X, inclusive. 
Plate I is printed on page 401. 










